Code

Example 20.2 (cont’d) Calculations and Discussion Reference
FEM due to qpy + 3/4qp, = 0.0842 (0.221 x 22) 17.52 = 125.4 fi-kips
FEM due (o qp, only = 0.0842 (0.101 x 22) 17.52 = 57.3 ft-kips

b. Moment distribution for the five loading conditions is shown in Table 20-3. Counter-
clockwise rotational moments acting on member ends are taken as positive. Positive
span moments are determined from the equation:

Mu(midspan) = My - My + Myr)/2
where M, is the moment at midspan for a simple beam.

When the end moments are not equal, the maximum moment in the span does not
occur at midspan, but its value is close to that at midspan.

Positive moment in span 1-2 for loading (1):
+M, = (0.261 x 22) 17.52/8 - (93.1 + 167.7) /2 = 89.4 ft-kips

The following moment values for the slab-beams are obtained from Table 20-3.
Note that according to 13.7.6.3, the design moments shall be taken not less than
those occurring with full factored live load on all spans.

Maximum positive moment in end span
= the larger of 89.4 or 83.3 = 89 4 ft-kips
Maximum positive moment in interior span”
= the larger of 66.2 or 71.3 =71.3 ft-kips
Maximum negative moment at end support
= the larger of 93.1 or 86.7 = 93.1 ft-kips
Maximum negative moment at interior support of end span
= the larger of 167.7 or 145.6 = 167.7 ft-kips
Maximum negative moment at interior support of interior span
= the larger of 153.6 or 139.2 = 153.6 ft-kips
4. Design moments,

Positive and negative factored moments for the slab system in the transverse direction 13.7.7.1
are plotted in Fig. 20-20. The negative factored moments are taken at the face of rectilin-

ear supports at distances not greater than 0.175¢; from the center of supports.

18 in.

5 = 0.751t < 0.175 x 17.5=3.1 ft (Use face of support location).

* This is the only moment governed by the pattern loading with partial live load. All other maximum moments occur
with full factored live load on all spans.

20-38




Code

Example 20.2 (cont’d) Calculations and Discussion Reference
Table 20-3 Moment Distribution for Partial Frame
(Transverse Direction)
C =
Joint 2 3 4
Member 1-2 21 2-3 3-2 3-4 4-3
DF 0.394 0.308 0.306 0.306 0.306 0.394
COF 0.507 0.507 0.507 0.507 0.507 0.507
(1) All spans foaded with full factored live load

FEM 148.1 -148.1 148.1 -148.1 148.1 ~148.1
Dist -58.4 0.0 0.0 0.0 0.0 58.4
CcO 0.0 -29.6 0.0 0.0 296 0.0
Dist 0.0 9.1 9.1 -9.1 9.1 0.0
coO 46 0.0 -4.6 46 0.0 4.6
Dist -1.8 1.4 14 -1.4 -1.4 1.8
cO 0.7 -0.9 -0.7 0.7 0.9 -0.7
Dist 0.3 0.5 0.5 -0.5 -0.5 0.3
co 0.3 -0.1 -0.3 0.3 0.1 0.3
Dist -0.1 0.1 0.1 -0.1 -0.1 0.1

M 93.1 -167.7 153.6 -153.6 167.7 -93.1

(2) First and third spans loaded with 3/4 factored live load

FEM. 125.4 -1254 57.3 -57.3 125.4 -125.4
Dist -49.4 20.8 20.8 -20.8 -20.8 494
co 10.8 -25.1 -10.6 10.6 251 -10.6
Dist 4.2 109 10.9 -10.9 -10.9 4.2
cO 55 -2.1 -5.5 6.5 21 -55
Dist 2.2 23 23 2.3 -2.3 22
CO 1.2 -1.1 -1.2 1.2 1.1 -1.2
Dist 0.5 0.7 0.7 0.7 0.7 0.5
co 0.4 -0.2 -04 04 0.2 0.4
Dist 0.1 0.2 0.2 -0.2 -0.2 0.1

M 86.7 -119.0 74.6 -74.6 119.0 -86.7

Midspan M 83.3 83.3
{3} Center span loaded with 3/4 factored live load

FEM 57.3 573 | 1254 125.4 57.3 -57.3
Dist -22.6 -20.8 -20.8 20.8 20.8 226
CcO -10.6 -114 10.6 -10.6 11.4 10.6
Dist 4.2 0.3 0.3 0.3 -0.3 4.2
CO 0.1 24 -0.1 0.1 -2.1 -0.1
Dist -0.1 -0.6 0.6 0.6 0.6 0.1
co 0.3 0.0 0.3 -0.3 0.0 0.3
Dist 0.1 -0.1 -0.1 0.1 0.1 0.1
cO 0.0 0.1 0.0 0.0 -0.1 0.0
Dist 0.0 0.0 0.0 0.0 0.0 0.0

M 28.2 -87.9 114.9 -114.9 87.9 -28.2

Midspan M 71.2
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Example 20.2 (cont’d) Calculations and Discussion Reference
Table 20-3 Moment Distribution for Partial Frame
{ Transverse Direction)
— continued —
(4) First span loaded with 3/4 factored live load and beam-slab
assumed fixed st support two spans away
FEM 125.4 -125.4 57.3 -57.3
Dist -49.4 20.8 208 0.0
Co 10.6 -25.0 0.0 10.6
Dist -4.2 7.7 7.7 0.0
co 3.9 -2.1 0.0 39
Dist -1.5 0.6 0.6 0.0
Cco 0.3 -0.8 0.0 0.3
Dist 0.1 0.2 0.2 0.0
CcO 0.1 -0.1 0.0 0.1
Dist 0.0 0.0 0.0 0.0
M 85.0 -124.0 86.7 -42.4
(5) First and second span loaded with 3/4 factored live load
FEM 125.4 -125.4 1254 -1254 57.3 -67.3
Dist -49.4 0.0 0.0 20.8 20.8 2286
co 0.0 -25.1 10.6 0.0 11.4 10.6
Dist 0.0 4.4 4.4 3.5 -3.5 -4.2
CO 22 0.0 -1.8 22 -2.1 -1.8
Dist -0.9 0.5 0.5 0.0 0.0 0.7
co 0.3 -0.4 0.0 0.3 0.4 0.0
Dist -0.1 0.1 0.1 -0.2 -0.2 0.0
CO 0.1 -0.1 -0.1 0.1 0.0 -0.1
Dist 0.0 0.0 0.0 0.0 0.0 0.0
M 77.6 -145.8 139.2 -105.7 84.1 -29.5
5. Total factored moment per span. 13.7.7.4
Siab systems within the limitations of 13.6.1 may have the resulting moments reduced in
such proportion that the numerical sum of the positive and average negative moments are
not greater than the total static moment My, given by Eq. (13-3). Check limitations of
13.6.1.6 for relative stiffness of beams in two perpendicular directions.
For interior panel (see Example 19.2):
2 2
o 316 (22
iL2. = G s 136.1.6
0rafy2 3.98 (17.5)

02 < 125 <50 OK.
For exterior panel (see Example 19.2):

3.16 222
16.45 (17.5)*

0.2 < 030 < 5.0 OK
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Example 20.2 {(cont'd) Calculations and Discussion Reference
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Figure 20-20 Positive and Negative Design Momentis for Slab-Beam
(All Spans Loaded with Full Factored Live Load Except as Noted)

All limitations of 13.6.1 are satisfied and the provisions of 13.7.7.4 may be applied.

3 = 3 = 183.7 ft-kips Eq (13-3)

Qufzfa’ 0261 x 22 x 167
M, =

End span: 89.4 + (60.2 + 128.4)/2 = 183.7 ft-kips
Interior span: 71.2 + (117.6 + 117.6)/2 = 188.8 ft-kips

To illustrate proper procedure, the interior span factored moments may be reduced as
follows:

Permissible reduction = 183.7/188.8 = 0.973

Adjusted negative design moment = 117.6 x 0.973 = 114.3 ft-kips
Adjusted positive design moment = 712 x 0973 = 69.3 ft-kips
M, = 1837 ft-kips
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Example 20.2 (cont’d) Calculations and Discussion Reference

6. Distribution of design moments across slab-bearn strip. 13.7.7.5

Negative and positive factored moments at critical sections may be distributed to the col-
umn strip, beam and two-half middle strips of the slab-beam according to the proportions
specified in 13.6.4, 13.6.5 and 13.6.6, if requirement of 13.6.1.6 is satisfied.

a. Since the relative stiffnesses of beams are between 0.2 and 5.0 (see step No. 3), the
moments can be distributed across slab-beams as specified in 13.6.4, 13.6.5and 13.6.6.

b. Distribution of factored moments at critical section:

H 22

2 .22 _ 1057
4 175
a?fz = 316 x 1.257 = 3.97
1
Bo- S 17868 o
20, | (2 x4752)
3
where I = %—— = 4,752 in4

C = 17,868 in.4 (see Fig. 22-18)

Factored moments at critical sections are summarized in Table 20-4,

Table 20-4 Distribution of Design Moments

Column Strip Moment (ft-kips) in
Factored Moment Two Haff-Middle
(ft-kips) Percent” Moment (ft-kips) Strips**

End Span:
Exterior Negative 60.2 75 452 15.0
Positive 89.4 67 599 29.5
Interior Negative 1284 67 86.0 424

Interior Span:

Negative 117.6 67 78.8 3838
Positive 7.2 67 478 235

*Since w145/ £1 > 1.0 beams must be proportioned to resist 85 percent of column strip moment per 13.6.5.1.
** That portion of the factored moment not resisted by the column strip is assigned to the two haff-middie strips.

7. Calculations for shear in beams and slab are performed in Example 19.2, Part 19.
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Example 20.2 (cont’d) Calculations and Discussion Reference
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Figure 20-21 Coefficient C; for Gross Moment of Inertia of Flanged Sections (Flange on One or Two Sides)
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Walis

UPDATE FOR THE ‘05 CODE

Section 14.8.2.3 is updated to reflect the change in design approach that was introduced in 10.3 of the 2002 code.
The previous requirement that the reinforcement ratio should not exceed 0.6 py,, Was replaced by the require-
ment that the wall be tension-controlled, leading to approximately the same reinforcement ratio.

14.1 SCOPE

Chapter 14 contains the provisions for the design of walls subjected to axial loads, with or without flexure
(14.1.1). Cantilever retaining walls with minimum horizontal reinforcement according to 14.3.3 are designed
according to the flexural design provisions of Chapter 10(14.1.2).

14.2 GENERAL

According to 14.2.2, walls shall be designed in accordance with the provisions of 14.2, 14.3, and either 14.4,
14.5, or 14.8. Section 14.4 contains the requirements for walls designed as compression members using the
strength design provistons for flexure and axial loads of Chapter 10. Any wall may be designed by this method,
and no minimum wall thicknesses are prescribed.

Section 14.5 contains the Empirical Design Method which applies to walls of solid rectangular cross-section
with resultant loads for all applicable load combinations falling within the middle third of the walil thickness at
all sections along the height of the wall. Minimum thicknesses of walls designed by this method are contained in
14.5.3. Walls of nonrectangular cross-section, such as ribbed wall panels, must be designed by the provisions of
14.4, or if applicable, 14.8.

Section 14.8 contains the provisions of the Alterate Design Method, which are applicable to simply supported,
axially loaded members subjected to out-of-plane uniform lateral loads, with maximum moments and deflections
occurring at mid-height. Also, the wall cross-section must be constant over the height of the panel. No minimum
wall thicknesses are prescribed for walls designed by this method.

All walls must be designed for the effects of shear forces. Section 14.2.3 requires that the design for shear must
be in accordance with 11.10, the special shear provisions for walls. The required shear reinforcement may
exceed the minimum wall reinforcement prescribed in 14.3.

For rectangular walls containing uniformly distributed vertical reinforcement and subjected to an axial load
smaller than that producing balanced failure, the following approximate equation can be used to determine the
design moment capacity of the wall (Ref. 21.7and 21.8):

P C
oM =¢:l0‘5A f.0.|1+—2 1—-—“
n sty w Astfy 7.




where
Ag = total area of vertical reinforcement, in.’
£y, = horizontal length of wall, in.
Py = factored axial compressive load, kips
fy = yield strength of reinforcement , ksi

C 0+a

¢, 20+0.85pB

B, = factor relating depth of equivalent rectangular compressive stress block to the neutral axis depth

(10.2.7.3)
= Ast f)‘f
Lwh )t
f; = compressive strength of concrete, ksi
P
o=—2"
£ hf.

h = thickness of wall, in.
¢ = 0.90 (strength primarily controlled by flexure with low axial load)

For a wall subjected to a series of point loads, the horizontal length of the wall that is considered effective for each
concentrated load is the least of the center-to-center distance between loads and width of bearing plus four times
the wall thickness (14.2.4). Colamns built integrally with walls shall conform to 10.8.2 (14.2.5). Walls shall be
properly anchored into all intersecting elements, such as floors, columns, other walls, and footings (14.2.6).

Section 15.8 provides the requirements for force transfer between a wall and a footing. Note that for cast-in-
place walls, the required area of reinforcement across the interface shall not be less than the minimum vertical
reinforcement given in 14.3.2 (15.8.2.2).

14.3 MINIMUM WALL REINFORCEMENT

The minimum wall reinforcement provisions apply to walls designed according to 14.4, 14.5, or 14.8, unless a
greater amount is required to resist horizontal shear forces in the plane of the wall according to 11.10.9.

Walls must contain both vertical and horizontal reinforcement. The minimum ratio of vertical reinforcement
area to gross concrete area is (1) 0.0012 for deformed bars not larger than No. 5 with fy, > 60,000 psi, or for
welded wire reinforcement (plain or deformed) not larger than W31 or D31, or (2) 0.0015 for all other deformed
bars (14.3.2). The minimum ratio of horizontal reinforcement is {1} 0.0020 for deformed bars not larger than
No. 5 with fy 2 60,000 psi, or for welded wire reinforcement (plain or deformed) not larger than W31 or D31,
or (2} 0.0025 for all other deformed bars (14.3.3).

The minimum wall reinforcement required by 14.3 is provided primarily for control of cracking due to shrink-
age and temperature stresses. Also, the minimum vertical wall reinforcement required by 14.3.2 does not sub-
stantially increase the strength of a wall above that of a plain concrete wall. It should be noted that the reinforce-
ment and minimum thickness requirements of 14.3 and 14.5.3 may be waived where structural analysis shows
adequate strength and wall stability (14.2.7). This required condition may be satisfied by a design using the
structural plain concrete provisions in Chapter 22 of the code.
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For walls thicker than 10 in., except for basement walls, reinforcement in each direction shall be placed in two
layers (14.3.4).

Spacing of vertical and horizontal reinforcement shall not exceed 18 in. nor three times the wall thickness (14.3.5).

According 10 14.3.6, lateral ties for vertical reinforcement are not reqguired as long as the vertical reinforcement
is not required as compression reinforcement or the area of vertical reinforcement does not exceed 0.01 times the
£r08s concrete area. '

A minimum of two No. 5 bars shall be provided around all window and door openings, with minimum bar
extension beyond the corner of opening equal to the greater of bar development length or 24 in. (14.3.7).

14.4 WALLS DESIGNED AS COMPRESSION MEMBERS

When the limitations of 14.5 or 14.8 are not satisfied, walls must be designed as compression members by the
strength design provisions in Chapter 10 for flexure and axial loads. The minimum reinforcement requirements
of 14.3 apply to walls designed by this method. Verticat wall reinforcement need not be enclosed by lateral ties
{(as for columns) when the conditions of 14.3.6 are satisfied. All other code provisions for compression members
apply to walls designed by Chapter 10.

As with columns, the design of walls is usually difficult without the use of design aids. Wall design is further
complicated by the fact that slenderness is a consideration in practically all cases. A second-order analysis, which
takes into account variable wall stiffness, as well as the effects of member curvature and lateral drift, duration of the
loads, shrinkage and creep, and interaction with the supporting foundation, is specified in 10.10.1. In lien of that
procedure, the approximate evaluation of slendemess effects preseribed in 10.11 may be used (10.10.2}.

It is important to note that Bqgs. (10-11) and {i0-12) for EI in the approximate slenderness method were not
originally derived for members with a single layer of reinforcement. For members with a single layer of rein-
forcement, the following expression for EI has been suggested in Ref. 21.2:

El EL,
El = _&(0_5 ; E) > 0.1 —-& Eq. (1)
B h p
El
<04 <&
B

where
E. = modulus of elasticity of concrete
I, = moment of inertia of gross concrete section about the centroidal axis, neglecting reinforcement
e = eccentricity of the axial loads and lateral forces for all applicable load combinations
h = overall thickness of wall

B =09+05p%-12p=21.0
Bg = ratio of dead load to total load
p = ratio of area of vertical reinforcement to gross concrete area

The definition of B4, included in Eqs. (10-11) and {10-12} for EI, depends on the frame being non-sway or sway.
According to 10.0, B4 for non-sway frames is the ratio of the maximum factored axial sustained load to the
maximum factored axial load associated with the same load combination. For consistency, the same definition
of B4 seems appropriate for the El expressions for walls in Eq. (1). Note that if it is determined by the provisions
of 10.11.4 that a sway condition exists, g = O for the case of lateral loads that are not sustained (10.0).



Figure 21-1 shows the comparison of flexural stiffness (EI) by Code Eq. (10-12) and Eg. (1) in terms of Eclg.
The ratio of EI/Elg is plotted as 2 function of e/h for several values of By, for a constant reinforcement ratio p of
0.0015. Note that Code Eq. (10-12) assumes EI to be independent of e/h and appears to overestimate the wall
stiffness for larger eccentricities. For walls designed by Chapter 10 with slenderness evaluation by 10.11,
Eq. (1) is recommended in lieu of Code Eq. (10-12) for determining wall stiffness. Example 21.1 illustrates this
method for a tilt-up wall panel,

04
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e
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Figure 21-1 Stiffness El of Wails

When wall slenderness exceeds the limit for application of the approximate slenderness evaluation method of 10.11
(kéy/r>100, i.e. ké,; /h>30), 10.10.1 must be used to determine the slenderness effects (10.11.5). The wall panels
currently used in some building systems, especially in tilt-up wall construction, usually fall in this high slenderess
category. The slenderness analysis must account for the influence of variable wall stiffness, the effects of deflec-
tions on the moments and forces, and the effects of load duration.

14.5 EMPIRICAL DESIGN METHOD

The Empirical Design Method may be used for the design of walls if the resultant of all applicable loads falls
within the middle one-third of the wall thickness (eccentricity e < h/6), and the thickness is at least the minimum
prescribed in 14.5.3 (see Fig. 21-2). Note that in addition to any eccentric axial loads, the effect of any lateral
loads on the wall must be included to determine the total eccentricity of the resultant load. The method applies
only to walls of solid rectangular cross-section.
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ol |
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L]
Figure 21-2 Design of Walls by Empirical Design Method (14.5)
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Primary application of this method is for relatively short or squat walls subjected to vertical loads only. Appli-
cation becomes extremely limited when lateral loads need to be considered, because the total load eccentricity
must not exceed h/6. Walls not meeting these criteria must be designed as compression members for axial load
and flexure by the provisions of Chapter 10 (14.4) or, if applicable, by the Alternate Design Method of 14.8.

When the total eccentricity e does not exceed h/6, the design is performed considering P, as a concentric axial
load. The factored axial load P, must be less than or equal to the design axial load strength ¢P, computed by

Eq. (14-1):

Py < 0P,

IA

’ kec ?
0.550fA, |1 - {35 Eq. (14-1)

where
¢ = strength reduction factor 0.65(h) corresponding to compression-controlled sections in accordance

with 9.3.2.2,
Ay = gross area of wall section
k = effective length factor defined in 14.5.2
¢ = vertical distance between supports

Equation (14-1} takes into consideration both load eccentricity and slenderness effects. The eccentricity factor
0.55 was originally selected to give strengths comparable to those given by Chapter 10 for members with axial
load applied at an eccentricity not to exceed h/6.

In order to use Eq. (14-1), the wall thickness h must not be less than 1/25 times the supported length or height,
whichever is shorter, nor less than 4 in, {14.5.3.1). Exterior basement walls and foundation walls must be at least
7-1/2 in. thick (14.5.3.2).

With the publication of the 1980 supplement of ACI 318, Eq. (14-1) was modified to reflect the general range of
end conditions encountered in wall design, and to allow for a wider range of design applications. The wall
strength equation in previous codes was based on the assumption that the top and bottom ends of the wall are
restrained against lateral movement, and that rotation restraint exists at one end, so as to have an effective length
factor between 0.8 and 0.9. Axial load strength values could be unconservative for pinned-pinned end condi-
tions, which can exist in certain walls, particularly of precast and tilt-up applications. Axial strength could also
be overestimated where the top end of the wall is free and not braced against translation. In these cases, it is
necessary to reflect the proper effective length in the design equation. Equation (14-1) allows the use of differ-
ent effective length factors k to address this situation. The values of k have been specified in 14.5.2 for com-
monly occurring wall end conditions. Equation (14-1) will give the same results as the 1977 Code Eq. (14-1) for
walls braced against translation at both ends and with reasonable base restraint against rotation. Reasonable
base restraint against rotation implies attachment to a member having a flexural stiffness EI/ ¢ at least equal to
that of the wall. Selection of the proper k for a particular set of support end conditions is left to the judgment of
the engineer.

Figure 21-3 shows typical axial load-moment strength curves for 8-, 10-, and 12-in. walls with £ = 4,000 psi
and fy = 60,000 psi.2!-3 The curves yield eccentricity factors (ratios of strength under eccentric loading to that
under concentric loading) of 0.562, 0.568, and 0.563 for the 8-, 10-, and 12-in. walls with ¢ = h/6 and
p =0.0015,
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Figure 21-3 Typical Load-Moment Strength Curves for 8-, 10-, and 12-in. Walls

Figure R14.5 in the Commentary shows a comparison of the strengths obtained from the Empirical Design
Method and Sect. 14.4 for members loaded at the middle third of the thickness with different end conditions.

Example 21.2 iliustrates application of the Empirical Design Method to a bearing wall supporting precast floor
beams.

14.8 ALTERNATE DESIGN OF SLENDER WALLS

The alternate design method for walls is based on the experimental research reported in Ref. 21.4. This method
has appeared in the Uniform Building Code (UBC) since 1988, and is contained in the 2003 International Building
Code (IBC)215_ It is important to note that the provisions of 14.8 differ from those in the UBC and IBC in the
following ways: (1) nomenclature and wording has been changed to comply with ACI 318 style, (2) the procedure
has been limited to out-of-plane flexural effects on simply supported wall panels with maximum moments and
deflections occurring at midspan, and (3) the procedure has been made as compatibie as possible with the provisions
of 9.5.2.3 for obtaining the cracking moment and the effective moment of inertia.

According to 14.8.1, the provisions of 14.8 are considered to satisfy 10.10 when flexural tension controls the
design of a wall. The following limitations apply to the alternate design method (14.8.2):

1. The wall panel shall be simply supported, axially loaded, and subjected to an out-of-plane uniform lateral
load. The maximum moments and deflections shall occur at the mid-height of the wall (14.8.2.1).

2. The cross-section is constant over the height of the panel (14.8.2.2).

3. The wall cross sections shall be tension-controlled.

4. Reinforcement shall provide a design moment strength $M,, greater than or equal to M, where M, is the
moment causing flexural cracking due to the applied lateral and vertical ioads. Note that M, shall be obtained
using the modulus of rupture f; given by Eq. (9-10) (14.8.2.4).

5. Concentrated gravity loads applied to the wall above the design flexural section shall be distributed over a
width equal to the lesser of (a) the bearing width plus a width on each side that increases at a slope of 2
vertical to I horizontal down to the design flexural section or (b) the spacing of the concentrated loads. Also,
the distribution width shall not extend beyond the edges of the wall panel (14.8.2.5) (see Fig. 21-4).

6. The vertical stress Py /Ag at the mid-height section shall not exceed 0.06 f{ (14.8.2.6).
When one or more of these conditions are not satisfied, the wall must be designed by the provisions of 14.4.
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Figure 21-4 Distribution Width of Concentrated Gravily Loads (14.8.2.5)

According to 14.8.3, the design moment strength ¢Mp for combined flexure and axial loads at the mid-height
cross-section must be greater than or equal to the total factored moment M, at this section. The factored moment
M, includes P-A effects and is defined as follows:

where

My=My, + Py Ay Eq. (14-4)

My, = factored moment at the mid-height section of the wall due to factored lateral and eccentric vertical

loads

P, = factored axial load
A, = deflection at the mid-height of the wall due to the factored loads

= 5M,, £.2/(0.75)48E I Eq. (14-5)
£, = vertical distance between supports
E. = modulus of elasticity of concrete (8.5)
I, = moment of inertia of cracked section transformed to concrete

= DAge(d — )2 + (£c3/3) Eq. (14-7)
n = modular ratio of elasticity = Eg/E; = 6
E, = modulus of elasticity of nonprestressed reinforcement
A = area of effective fongitudinal tension reinforcement in (he wall segment

= (Py + Ag fy)ify Eq. (14-8)

A, = area of longitudinal tension reinforcement in the wall segment
fy = specified yield stress of nonprestressed reinforcement
d = distance from extreme compression fiber to centroid of longitudinal tension reinforcement
¢ = distance from extreme compression fiber to neutral axis
{,, = horizontal length of the wall

Note that Eq. (14-4) includes the effects of the factored axial loads and lateral load (Myy), as well as the P-A
effects (P, Ay)-
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Substituting Eq. (14-5) for A, into Eq. (14-4) results in the following equation for M,

Mua

. R Eq. (14-6)
(0.75)48E I,

M, =

Figure 21-5 shows the analysis of the wall according to the provisions of 14.8 for the case of additive lateral and
gravity load effects.

Pus Pyy Py1 = factored applied gravity load
g e Py = factorec_i §elf—weigh.t of the ':vall (total)
! e = eccentricity of applied gravity load
i wy = factored uniform lateral load
A
\ P, = Py+fuz
t 2
1
I A
> { YoM, = Mua"'PuAu:——N!L‘—
WL W SR
Y (P > (0.75)48E I,
i uz .
I N A w2 Pye
/ _ usc ul
! | Ma = ==+
| s | |/ 2
- < w2 P,e P
| | M - ME e B (s B2,
A 5M,¢7
Y 7 (0.75)48E.I,
Figure 21-5 Analysis of Wall According fo 14.8
The design moment strength ¢M, of the wall can be determined from the following equation:
a
oM, = q)Asefy (d - 5) Eq. (2)
where
At
0.85f¢,

and ¢ is determined in accordance with 9.3.2.

In addition to satisfying the strength requirement of Eq. (14-3), the deflection requirement of 14.8.4 must also
be satisfied. In particular, the maximum deflection Ag due to service loads, including P-A effects, shall not
exceed £, /150, where A; is:

A = 5Me2 Eq. (14-9)
S 48E I,
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where M = maximum unfactored moment due to service loads, including P-A effects

= __hﬁsa__z_ Eq. (14-10)
_ SP¢
48E. I,
and M, = maximum unfactored applied moment due to service loads, not including P-A effects

P, = unfactored axial load at the design (mid-height) section including effects of self-weight

I, = effective moment of inertia evaluated using the procedure of 9.5.2.3, substituting M for M,.

1t is important to note that Eq. (14-10) does not provide a closed form solution for M, since Leis a function of M.
Thus, an iterative process is required to determine As.

Example 21.3 illustrates the design of a nonprestressed precast wail panel by the alternated design method.

11.10 SPECIAL SHEAR PROVISIONS FOR WALLS

For most low-rise buildings, horizontal shear forces acting in the plane of walls are small, and can usually be
neglected in design. Such in-plane forces, however, become an important design consideration in high-rise
buildings. Design for shear shall be in accordance with the special provisions for walls in 11.10 (14.2.3). Ex-
ample 21.4 illustrates in-plane shear design of walls, including design for flexure.

DESIGN SUMMARY

A trial procedure for wall design is suggested: first assume a wall thickness h and a reinforcement ratio p.
Based on these assumptions, check the trial wall for the applied loading conditions.

It is not within the scope of Part 21 to include design aids for a broad range of wall and loading conditions. The
intent is to present examples of various design options and aids. The designer can, with reasonable effort,
produce design aids to fit the range of conditions usually encountered in practice. For example, strength interac-
tion diagrams such as those plotied in Fig. 21-6(a) (p = 0.0015) and Fig. 21-6(b) (p = 0.0025) can be helpful
design aids for evaluation of wall strength. The lower portions of the strength interaction diagrams are also
shown for 6.5-in. thick walls. Design charts, such as the one shown in Fig. 21-7 can also be developed for
specific walls. Figure 21-8 may be used to select wall reinforcement.

Prestressed walls are not covered specifically in Part 71. Prestressing of walls is advantageous for handling
{precast panels) and for increased buckling resistance. For design of prestressed walls, the designer should
consult Ref. 21.6.
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(b) Reinforcement Ratio p = 0.0025

Figure 21-6 Axial Load-Moment interaction Diagram for Walls {f: = 4000 psi, fy = 60 ksi}
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Figure 21-7 Design Chart for 6.5-in. Wall
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Figure 21-8 Design Aid for Wall Reinforcement
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Example 21.1—Design of Tilt-up Wall Panel by Chapter 10 (14.4)

Design of the wall shown is required. The wall is restrained at the top edge, and the roof load is supported
through 4 in. tee stems spaced at 4 ft on center.

Py

40" - 0" span

d -
A " Gu

|

'L_TA“ -

Design data:

Roof dead load = 50 psf

Roof live load = 20 pst

Wind load = 20 psf

Unsupported length of wall £, = 16 ft

Effective length factor k = 1.0 (pinned-pinned end condition)
Concrete £ = 4,000 psi (w. = 150 pef)

Reinforcing steel ty = 60,000 psi

Assume non-sway condition.

Code
Calculations and Discussion Reference
1. Trial wall selection
Try h= 6.5 in. with assumed € = 6.751n.
Try a single layer of No. 4 @ 12 in. vertical reinforcement (Ag = 0.20 in.2/ft) at centerline of wall
For a |-ft wide design strip:
A .
pp= — = _ 020 0.0026 > 0.0012 O.K. 14.3.2 (a)
bh (12 x 6.5)
2. Effective wall length for roof reaction 14.2.4

Bearing width + 4 (wall thickness) = 4 + 4 (6.5) = 30in. = 2.5ft (govemns)

Center-to-center distance between stems = 4 ft
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. Code
Example 21.1 (cont’d) Calculations and Discussion Reference
3. Roof loading per foot width of wall
Dead load = |50 x[iﬂx”'_o = 1,600 plf
2.5 2
Live load = 20x(—4—) xﬂ = 640 pif E
25 2 ‘
L 65 (16 _
Wall dead load at mid-height = i x(? + 2)x 150 = 813 plf
4. Factored load combinations
Loadcomb. 1: U = 12D+ 0.5, Eq. (9-2)
Py = 12(1.6+0.81)+05(0.64)= 2.9+ 0.3 = 3.2 kips
M, = 1.2 (1.6 x 6.75) + 0.5 (0.64 x 6.75) = 15.1 in.-kips
Bg = 2932 = 0.91
Load comb.2: U = 12D+ 1.6L;+0.8W Eq. (9-3) ;
P, =12(16+081)+1.6(064)+0 = 29+1.0 = 3.9kips
My = 1.2 (1.6 x 6.75) + 1.6 (0.64 x 6.75) + 0.8 (0.02 x 162 x 12/8) ?
= 26.0in.-kips
By =2939 =074
Load comb.3: U = 12D+ L.6W +0.5L, Eq. (9-4)
Py, = 12.6+081)+0+05(0.64) = 3.2kips
My = 1.2(1.6 X6.75) + 1.6 (0.02 x 162 x 12/8) + 0.5 (0.64 x 6.75) ;
= 27.4 in.-kips
Bg = 2.9/3.2 = 0.91
Load comb.4: U = 0.9D + 1.6W Eq. (9-6)
Py, = 09(1.6+081)+0 = 22kips
My = 0.9 (1.6 X6.75) + 1.6 (0.02 x 162 x 12/8)
= 22.0 in.-kips
By = 2222 =10
5. Check wall slendemess |
Ky _ 10Q6 X 1D _ oo 190 10.11.5
r (0.3 x 6.5)
where r = 0.3h 10.11.12

Therefore, 10.11 may be used to account for slenderness effects.
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Code

Example 21.1 (cont’d) Calculations and Discussion Reference
6. Calcutate magnified moments for non-sway case 10.12
M, = &M Eq. (10-8)
Co
Bpg = ——2—— 21 Eq. (10-9)
R L
0.75P,
2
P, = — EIZ Eq. (10-10)
(ktu)
E.l, E.I
El = °=(0.5-9-)20.1 e Eq. (1)
p h p
E.l
<0428
B
€ - 88 0505
6.5

E. I
Thus, EI = 0.1 [—Fﬁ—g)

E, = 57,000 44000 = 3.605 X 106 psi 8.5.1
3
1, = 12 x65 . yma6int
12

B = 094+05p2%-12p21.0

1l

0.9 + 0.5 B2y - 12 (0.0026)

0.869 + 0.5 B24 2 1.0

Il

0.1 x 3605 x 10 x 2746 _ 99x10%

EI = 1b-in.
p B
2 6
p= T x99;<10 o 25
B(16x12)” x 1000 p
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Code
Example 21.1 (cont’d) Calculations and Discussion Reference
Cm = 1.0 for members with transverse loads between supports 10.12.3.1
Determine magnified moment M,. for each load case.
Load Py Mo=M, By B El P B M.
Comb. | (kips) (in.-kips) (Ib-in.2) (kips) (in.-kips)
1 3.2 151 0.91 1.28 77 x106 207 1.26 19.0
2 3.9 26.0 0.74 1.14 87 x 108 23.2 1.29 33.5
3 3.2 27.4 0.91 1.28 77 %106 207 1.26 345
4 2.2 22.0 1.00 1.37 72 x106 19.3 1.18 26.0
7. Check design strength vs. required strength
Assume that the section is tension-controlled for each load combination, i.e., & = 0.005 10.3.4
and ¢ =0.90. 232
The following table contains a summary of the strain compatibility analysis for each load
combination, based on the assurption above:
Load |P, =P, a ¢ £y
Comb. (kips) (in.) (in.} | {(infin.)
1 3.6 0.38 045 | 0.0187
2 43 0.40 047 | 00177
3 3.6 0.38 045 ] 0.0187
4 2.4 0.35 042 1 0.0205
For example, the strain in the reinforcement &, is computed for load combination No. 2 as
follows:
] 10.3.1
P, = 0.85feba—Adfy 102 1
43 = (085 (12)a- (0.2)(60) = 40.8a - 12
a = 040in,
— 10.2.7.1
¢ = af; = 0.4/0.85 = 047 in. 10.2.7.3
0.003
g = (d-c) 1022
c
= 2280355 047)
0.47
= 0.0177 > 0.0050 — tension-controlled section 10.3.4
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Code

Example 21.1 {cont’d) Caiculations and Discussion Reference

Note that the strain in the reinforcement for each of the load combinations is greater than
0.0050, so that the assumption of tension-controlled sections (¢ = 0.90) is correct.

For each load combination, the required nominal strength will be compared to.the computed
design strength. The results are tabulated below.

Required Nominal Strength
L.oad Design Strength My
Comb. | Pn=Pu/6 | Mn=M/¢ (in.-kips)
{kips) {in.-kips)
1 3.6 2141 47.7
2 43 372 497
3 3.6 38.3 47.7
4 2.4 28.9 442

For example, the design strength My, is computed for load combination No. 2 as foliows:

M, = 085 £ba|2-2 |- A | Bog,
2 2 2

- 0.85(4)(12)(0.40)[6—2‘5-—9:—0]« 0.2(60)(%—3.25]

= 49.7 in.-kips

The wall is adequate with the No. 4 @ 12 in. since the design strength is greater than the
required nominal strength for all load combinations.

This conclusion can also be verified by utilizing pcaColumn program. Figure 21-4 shows
the interaction diagram for the wall cross section with the applied factored loads

2117



Code
Exampie 21.1 (cont’d) Calculations and Discussion Reference

(kip) (Pmax)

-
do
gy

-12

Figure 21-4 interaction Diagram Generated Using pcaColumn Program
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Example 21.2—Design of Bearing Wall by Empirical Design Method (14.5)

A concrete bearing wall supports a floor system of precast single tees spaced at 8 ft on centers. The stem of each
tee section is 8 in. wide. The tees have full bearing on the wall. The height of the wall is 15 ft, and the wall is

considered laterally restrained at the top.

= - T
\ T
Design Data: o
Floor beam reactions: dead load = 28 kips
tive load = 14 kips
fe = 4000 psi
fy = 60,000 psi — F— h £y
Neglect weight of wall
Partial
Hes#;ﬁﬁ_\\\\‘
L1
Code
Calculations and Discussion Reference
The general design procedure is to select a trial wall thickness b, then check the trial wall for the
applied loading conditions.
1. Select trial wall thickness h
£, .
h = 25 but not less than 4 in. 14.5.3.1
> BXI2 _ oon
25
Tryh = 7.5in.
2. Calcuiate factored loading
P, = 1.2D+1.6L Eq. (9-2)
= 1.2(28) + 1.6 (14) = 33.6+22.4 = 56.0 kips
3. Check bearing strength of concrete
Assume width of stem for bearing equal to 7 in., to allow for beveled bottom edges.
Loaded areaA; = 7 x 7.5 = 52.5in.2
Bearing capacity = §(0.85{7A;) = 0.65(0.85 x 4 x 52.5) = 116 kips > 56.0kips O.K. 10.17.1
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Code
Example 21.2 (cont’d) Calculations and Discussion Reference

4. Calculate design strength of wall

Effective horizontal length of wall per tee reaction = {,8] j_ }42(7:59)6:27 in. (governs) 14.2.4
k=038 14.5.2
ke, ¥
0P, = 0.55¢f:A, {1 - [52—;1) } Eq. (14-1)
= 055 x 0.70 x 4(37 x 7.5) [1 - (MT:I
32 x 75
= 273 kips > 56 kips O.K.
The 7.5-in. wall is adequate, with sufficient margin for possible effect of load eccentricity.
5. Determine single layer of reinforcement
Based on 1-ft width of wall and Grade 60 reinforcement (No. 5 and smaller):
Vertical Ag = 0.0012 x 12 x 7.5 = 0.108 in.Z/ft 14.3.2
Horizontal A; = 0.0020 x 12 x 7.5 = 0.180 in.2/ft 14.3.3

Spaci 3h =3 x 7.5 = 22.51n. 1435
acing = .3.
pacing 18 in. (governs)

Vertical Ag: use No. 4 @ 18 in. on center (Ag = 0.13 in.2/ft)
Horizontal Ag: use No. 4 @ 12 in. on center (A = 0.20 in.2/ft)

Design aids such as the one in Fig. 21-8 may be used to select reinforcement directly.
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Example 21.3—Design of Precast Panel by the Alternate Design Method (14.8)

Determine the required vertical reinforcement for the precast wall panel shown below. The roof loads are
supported through the 3.75 in. webs of the 10DT24 which are spaced 5 ft on center.

— 600" span .
/—10 DT 24
. h

. T [Ha
Design data:

Weight of 10DT24 = 468 plf | |

- o= 200" I~

Roof dead load = 20 psf ¢ T

Roof live load = 30 psf

Wind load = 30 psf i

Concrete f; = 4000 psi (w, = 150 pcf)

Reinforcing steel fy = 60,000 psi |

Code
Calculations and Discussion Reference

1. Trial wall section

Try h=81in.

Try a single layer of No. 4 @ 9 in. vertical reinforcement (A, = 0.27 in.2/ft) at centerline of wall.

. . . A, 027
For a 1-ft wide design strip: p {gross) = = =0.0028 >0.0012 OLK. 14.3.2
£ 12x8

2. Disiribution width of interior concentrated loads at mid-height of wall (see Fig. 21-4)

W+ ~€—C—=3'—75—+E= 10.3 ft 14.825

2 12 2

S = 5.0 ft (governs)
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Code
Example 21.3 (cont’d) Calculations and Discussion Reference

3. Roof loading per foot width of wall

Dead load = [ig_s +(20% 5)] (%) = 10,020 Ibs/S ft = 2,004 pif

Live load = (30 X 5) (%) = 4,500 Ibs/5 ft = 900 pIf

Wall dead load = % X 20 X 150 = 2,000 pIf

Eccentricity of the roof loads about the panel center line = % X 4=27in.
4. Factored load combinations at mid-height of wall (see Fig. 21-5)
a. Load comb. 1: U= 12D +0.5L; Eq. (9-2)
P
Py= Py + >
Pui= (12 X200 +(05%X09)=24+05 = 29kips
Py =12 x2.0=24kips

Py= 29+2%= 4.1 kips
2

M, = My, Eg. (14-6)

5P
(0.75) 48E I, 5

2 + Pue _
8 2

0

29x2.7 L i
+ = 3.9in.-kips

E = 57,000 v 4000 = 3,605,000 psi 8.5.1

5 Ewc3
I = nAg(d-c)? + = Eq. (14-7)

_ P A, 4.1+(027 X 60)
- 60

=0.34 in.%/ft Eq. (14-8)
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Example 21.3 (cont’'d) Calculations and Discussion

Code
Reference

Agfy,  034x60

= = (.50 in.
0.85f¢,, 0.85x4x12

c= a =&5£=0.59 in.

B, 085
Therefore,

3
I;=8.0 x 034 x (4-0.59)2 + w =325in?

3
Et = [9@"%) dl '_0.003
c

(M}zt)—o.ooss = 0.0173 > 0.005

0.59

Therefore, section is tension-controlled

& =09

3.9 .
M= 5 =54 in-kips
5x4.1 x(20>< 12)

0.75x 48 x3,605%32.5

1-

b. Load comb.2: U=12D+ 1.6L; + 0.8W
Pyi=(1.2 x 2) +(1.6 X 0.9) = 3.8kips

Pyp=12 x 2.0 = 2.4 kips

P,=38+ 274 = 5.0kips

wofs  Pye _08x0030x20° 38x(27/12)

M., =
MU 2 8 2

=12 +0.4 = 1.6 ft-kips = 19.2 in.-kips

_ 50+ (0.27 X 60)
- 60

= 0.35 in.2/t

5€

0.35x60

4= Guantz = 05

21-23
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Example 21.3 (cont’d) Calculations and Discussion

Code
Reference

c= 051 _ 0.60 in.
0.85

Therefore,

12x0.60°
I, = 8.0 x 035 X (4- 0.60)% + —xé-— = 332in4

g = 0.003 4) - 0.003 = 0.0170 > 0.005
0.60

¢6=09

19.2 N
M, = ; — = 28.8 in.-kips

5x5.0x (20><12)
0.75 x 48 X 3,605 x 33.2

Load comb. 3: U=1.2D + 1.6W + 0.5L;
Pu=(02 x20+ (0.5 x0.9) = 2.9kips

P=12 x 2.0 = 2.4kips

P,=29+ 22;4= 4.1 kips

_ 16x003x202  29x(2.7/12)
- 8 2

ua
=24+ 0.3=27ft-kips = 32.4 in.-kips

4.1+ (0.27x60)
60

Ag = 0.34 in. 2t

0.34 x 60

= 085xdxiz - 0>

a

c= 2 = 0.59in.
0.85

Therefore,

12x0.59°
To =8 X 0.34 X (4-0.59)2 + x—3— =132.5in?

21-24
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Example 21.3 (cont’d) Calculations and Discussion

Code
Reference

¢ = 0.9 as in load combination 1

M, = 324 = 45.0 in.-kips

_ 5x4.1x(20x12)
0.75x48x3605x32.5

d. Loadcomb. 4: U=09D+ 1.6W
Py;1=0.9 x 2.0=1.8kips

Py2=0.9 x 2.0= 1.8 kips
Py=18+ % =2.7 kips

_ 16x0030x20°  1.8x(2.7/12)

M
ua 3 2

= 2.6 ft-kips = 31.2 in.-kips

2.7+(0.27 x 60)
60

Ag = = 0.32 in.2/ft

0.32 x 60

a= ————————— = 047 1in.
0.85x4x12

047

4
= 0.55in.
0.85 n

c=

Therefore,

3
I, = 8.0 x 032 x (4- 0552 + Qg_.s_s_ =31.1in4

6 = {0.003} d; - 0.003 = (9(%}(4) - 0.003 = 0.0188>0.005
C .

=09
M, = 312 — =387 in-kips
5x2.7x(20x12)

T 0.75x 48 x 3605 x 31.1

5. Check if section is tenson-controlled.

Assume section is tension-controlled ¢ = 0.9 (Fig. R.9.3.2)

21-25
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Code

Example 21.3 (cont'd) Calculations and Discussion Reference
12"
Lel: U=12D+05Lr « N
Pu = 4.1 kips ‘ 0.003
A N ’_. c
Lc2: U=12D+ 1.6Lr +0.8W 4
Pu = 5.0 kips (controls)
.______ - .| 8 L
Lc3: U=12D+ 1.6Lr+ 0.5W €t
Pu=4.1 kips
Led: U=09D + 1.6W ] —
Pu=2.7kips As=0.27 in?
Pu 5.0 .
P, = ? =59 = 5.56 kips
. PutAdy 5564027 x 60 _ 21.76 _ 0.533 in.
0.85t¢b 0.85 x 4 x 12 40.8
¢ = A= 0 hin
0.85 0.85
6 = 0003(dm ) = 0003(8
c 0.627{ 2
= D003 so8
0.627
=0.012 =0.005
tension —controlledsection.
6. Determine Mg,
Ig= —£,b"=— x 12 x 83=3512in.
12 12
8
=—=41in.
¥t 2
fr= 7.5, =7.544000= 474.3 psi Eq. (9-9)
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21-27

Example 21.3 (cont’d) Calculations and Discussion Reference
f1
M= 8 S 37A3X012 5740 kips
Yi 4 %1000
7. Check design moment strength ¢M;,
a. Load comb. 1
a 0.5 .
My = Agefy(d - E) =034 x 60 x |4— ENE 76.5 in.-kips
oM, =0.9 x 76.5=68.9 in.-kips > My =54 in-kips OK. 14.8.3
> Mg =60.7in-kips OXK. 14.8.2.4
b. Load comb. 2
M, = 0.35 x 60 x (4 - 0—25—1] =78.7 in.-kips
oM, =0.9 x 787 =708 in.-kips > M, =28.8in.-kips OK. 14.8.3
> M, =060.7in.-kips O.K. 14.8.2.4
¢. Load comb. 3
0.5 .
M,=034 x60 x|4- Y =76.5 in.-kips
oM, =09 x 76.5=68.9in.-kips > M, =4501in.-kips OXK
> M =60.7in-kips O.K.
d. Load comb. 4
M, = 0.32 x 60 x [4_%J —72.3 in—kips
2
oM, =09 x 72.3=65.1in-kips > M,;=387in-kips OK. 14.8.3
> M =607 in.kips 0.K. 14.8.2.4
8. Check vertical stress at mid-height section
Load comb. 2 governs:
Py 23000 _ 55 1 psi < 0,06 =0.06 x 4000=240psi OK. 14.82.6
A, 8x12
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Example 21.3 (cont’d) Calculations and Discussion Reference

9. Check mid-height deflection Ag

2
= SM; Eq. (14-9)
48E I,
- 5P
48E I,

Using A, from Eq. (14-9), Eq. (14-10) can be rewritten as follows:

M = Mg, + PA,

w2 . Bue _ 0:030x 202 L (20+09)(2.7/12)
8 2 8 2

Mg, = = 1.8 ft-kips = 21.6 in.-kips

P 2.
P, =Py + —;—2 =(2.0+0.9) + —2—9 = 3.9 kips

3 3
= (Mng I+ [1 _( I‘I’U ]IC, Eq. (9:6)

Since 1. is a function of M, no closed form solution for A is possible. Determine A; by iterative
procedure.

£, 20x12

150 150
M =216+ (3.9 x 1.6) = 27.8 in.-kips

Assume A = =1.6in.

Since My = 60.7 in.-kips > M = 27.8 in.-kips, [, = Iy = 512 in.4

21.6
2
= 3X3IXQOXIZ ) o4 ins Eq. (14-10)
48 x 3605 % 512
5%21.9%(20x12)* .
A= =0.07 in. Eq. (14-9)

48 x 3605 x 512

No further iterations are required since I = Ig.

Therefore,

2
Ay=0.07 in. < —o = 20x12

= =1l6in. OK.
150 150

The wall is adequate with No. 4 @ 9 in. vertical reinforcement.
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Example 21.4—Shear Design of Wall

Determine the shear and flexural reinforcement for the wall shown.

£, =8

V= 200K

—

h = 8in.
f = 3000 psi Critcal .
fy = 60,000 psi secuonl w =

T rirgr”

Code
Calculations and Discussion Reference

1. Check maximum shear strength permitted
6Vn = 010/f hd 11.10.3
where d =0.8,, =08 x 8 x 12=76.8 in. 11.10.4

dVn= 0.75 x 104/3000 x 8 x 76.8/1000 = 252.4 kips > V, = 200 kips O.K.

2. Calculate shear strength provided by concrete V.

Critical section for shear: 11.10.7

%& = %: 4 ft (governs)
or

hy, 12
¥ = -6t
22

V, = 33,flhd + I:;d Eq. (11-29)

w

3.343000 x 8 x 76.8/1000 + 0 = 111 kips
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Exampie 21.4 (cont’d) Calculations and Discussion Reference

Ly {1.25 £+ O'EZN“)
hd

— ’ w _
V. = [064f + My Ty Eq. (11-30)
Vi 2
96(1.254/3000 +0) |(g x 76.8
=10.6 43000 + — 1= 194 kips (govemns
{ 96 - 48 ( 1000 b8 :
where M, = (12-4)V, = 8V, ft-kips = 96V, in.-kips
Determine required horizontal shear reinforcement
V, = 200kips > ¢ V. /2 = 0.75 (104)/2 =39.0 kips 11.10.8
Shear reinforcement must be provided in accordance with 11.10.9.
V, € 0V, Eq. (11-1)
<oV +Vy) Eq. (11-2)
A f.d
<OV + 4hyd Eq. (11-31)
82
Ay _ V-0V
8o ofyd
[200 - (0.75 x 104}] ~ 00353
0.75 x 60 x 76.8
For 2-No.3 5 = ol = 62in
or SN0 82 = T4 0353 '
2 x 020 .
2-No.4: sy = ——— = 1131
o4 %2 = ) 353
2 x 0.31
2-No.5: 80 = —~————— 17.6 in.
0-21 %2 = 74 0353
Try 2-No. 4 @ 10 in.
op = v = 2x020 44050 5 00025 OK 002

Ay 8 x 10
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withd = 0.8/, =0.8 x 96=76.8in,

(Note: an exact value of d will be determined by a strain compatibility analysis below)

M, _ 2400x12,000

Rn = ) = 678 psl
obd?  0.9x8x76.82
0.85f; 2R,
o= - f1-=—2
fy 0.85f¢

_085x3f [ 2x678 | ..,
60 0.85% 3000

As=pbd=0.0134 x 8 x 76.8 =824 in.2

21-31

Code
Example 21.4 (cont’d) Calculations and Discussion Reference
Lw  8X12_ g5y,
5 5
Maximum spacing = y3h = 3 x 8 = 24.01in 11.10.9.3
18.0in. (governs)
Use 2-No. 4 @ 10 in.
Determine vertical shear reinforcement
pn = 00025 + 0.5 (2.5 - %l) (py - 0.0025) = 0.0025 Eq. (11-32}
w
= 0.0025 + 0.5 (2.5 - 1.5) (0.0050 - 0.0025)
= (.0038
Lu S 8X12 5o,
3 3
Maximum spacing = 13h = 3 x 8 = 24.0in. 11.10.9.5
18.0 in. (governs)
Use 2-No. 4 @ 13 in. (p; = 0.0038)
Design for flexure
M, = V;hy = 200 x 12 = 2,400 ft-kips
Assume tension-controlled section (¢ = 0.90) 83.2
11.10.4



Code
Example 21.4 (cont’d) Calculations and Discussion Reference

Try 9-No. 8 (As = 7.11 in.2) at each end of wall, which provides less area of steel than that determined based on
d= 0.84,.

Check moment strength of wall with 9-No. 8 bars using a strain compatibility analysis (see figure below for
reinforcement layout).

From strain compatibility analysis {including No. 4 vertical bars):
c=131in

d=81.0in.

€, =0.0182 > 0.0050

Therefore, section is tension-controlled as assumed and ¢ = 0.90.
M, = 3451 fi-kips

OM; = 0.9 x 3451 = 3106 ft-kips > 2400 ft-kips O.K.

Use 9-No. 8 bars each side (A; = 7.11in.2)

96“
9-No. B—\ /— No. 4 [ No.4 @ 10"
[ ) [ ] G‘j ] 3 [] [ [ ) [ ]
(] [ 3 ] [] [ ]
3@z 3@z"
3 =§" 6@13"=78" =8" 3
gll 78" 9“
21-32
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Footings

UPDATE FOR THE ‘05 CODE

Section 15.5.3 clarifies which proedure and code provisions apply for design of piles where the distance be-
tween the axis of the pile and the axis of the column is less then or equal to two times the distance between the
top of the pile cap and the top of the pile.

GENERAL CONSIDERATIONS

Provisions of Chapter 15 apply primarily for design of footings supporting a single column (isolated footings)
and do not provide specific design provisions for footings supporting more than one column (combined foot-
ings). The code states that combined footings shall be proportioned to resist the factored loads and induced
reactions in accordance with the appropriate design requirements of the code. Detailed discussion of combined
footing design is beyond the scope of Part 22. However, as a general design approach, combined footings may
be designed as beams in the longitudinal direction and as an isolated footing in the transverse direction over a
defined width on each side of the supported columns. Code references 15.1 and 15.2 are suggested for detailed
design recommendations for combined footings.

15.2 LOADS AND REACTIONS

Footings must be designed to safely resist the effects of the applied factored axial loads, shears and moments. The
size (base area) of a footing or the arrangement and number of piles is determined based on the allowable soil pressure
or allowable pile capacity, respectively. The allowable soil or pile capacity is determined by principles of soil me-
chanics in accordance with general building codes. The following procedure is specified for footing design:

1. The footing size (plan dimensions) or the number and arrangement of piles is to be determined on the basis
of unfactored (service) loads (dead, live, wind, earthquake, etc.) and the allowable soil pressure or pile
capacity (15.2.2).

2. After having established the plan dimensions, the depth of the footing and the required amount of reinforce-
ment are determined based on the appropriate design requirements of the code (15.2.1). The service pres-
sures and the resulting shear and moments are multiplied by the appropriate load factors specified in 9.2 and
are used to proportion the footing.

For purposes of analysis, an isolated footing may be assumed to be rigid, resulting in a uniform soil pressure for
concentric loading, and a triangular or trapezoidal soil pressure distribution for eccentric loading (combined
axial and bending effect). Only the computed bending moment that exists at the base of the column or pedestal
is to be transferred to the footing. The minimum moment requirement for slenderness considerations in 10.12.3.2
need not be transferred to the footing (R15.2).



15.4 MOMENT IN FOOTINGS

At any section of a footing, the external moment due to the base pressure shall be determined by passing a
vertical plane through the footing and computing the moment of the forces acting over the entire area of the
footing on one side of the vertical plane. The maximum factored moment in an isolated footing is determined by
passing a vertical plane through the feoting at the critical sections shown in Fig. 22-1 (15.4.2). This moment is
subsequently used to determine the required area of flexural reinforcement in that direction.

In one-way square or rectangular footings and two-way square footings, flexural reinforcement shall be distrib-
uted uniformly across the entire width of the footing (15.4.3). For two-way rectangular footings, the reinforce-
ment must be distributed as shown in Table 22-1 (15.4.4).

b b
2,2
3 3

e

critical section

: Sy.y.s.rysssi
l*t; critical section 5
) 2

(a) Concrete Column, Pedestal (b} Masonry Wall {c) Column with Steel Base Plate

or Wall

Figure 22-1 Critical Location for Maximum Factored Moment in an Isolated Footing (15.4.2)

Table 22-1 Distribution of Flexural Reinforcement

Footing Type Square Footing Rectangular Footing
S (Wp)mes ~-5 (1yp.)
One-way T TTTER L T IR AT 1B
e C :
T (1543 (15.4.3)
A Aoy = Yo
. A A As A
P, @s, | @s, ; @s, ez ="
t ] I | |3:£
T Hit B
wo-wa = g ; ;
’ T | d¢ e ® e {%J
g g5 1
L Li.-iql
L
(15.4.3) (15.4.4)
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15.5 SHEAR IN FOOTINGS

Shear strength of a footing supported on soil or rock in the vicinity of the supperted member (column or wall) must
be determined for the more severe of the two conditions stated in 11.12. Both wide-beam action (11.12.1.1) and two-
way action (11.12.1.2) must be checked to determine the required footing depth. Beam action assumes that the
footing acts as a wide beam with a critical section across its entire width. If this condition is the more severe, design
for shear proceeds in accordance with 11.1 through 11.5. Even though wide-beam action rarely controls the shear
strength of footings, the designer must ensure that shear strength for beam action is not exceeded. Two-way action
for the footing checks “punching™ shear strength. The critical section for punching shear is a perimeter by around the
supported member with the shear strength computed in accordance with 11.12.2.1. Tributary areas and correspond-
ing critical sections for wide-beam action and two-way action for an isolated footing are illustrated in Fig. 22-2. Note
that it is permissible to use a critical section with four straight sides for square or rectangular columns ($1.12.1.3).

cy+d

Critical section by
L for two-way action
shear

b =2 (1 +cz) +4d

Critical section
for beam action
shear

VA Tributary area for two-way action shear

Tributary area for wide-beam action shear

%
2

Figure 22-2 Tributary Areas and Critical Sections for Shear

In the design of a footing for two-way action, V. is the smallest value obtained from Eqs. (11-33), (11-34), and
(11-35). Eq. (11-35) established the upper limit of V at 4@ byd . Eg. (11-33) accounts for the effect of j,
which is the ratio of the long side to the short side of the column, concentrated load, or reaction area. As B
increases the concrete shear strength decreases (see Fig. 22-3). Eq. (11-34) was developed to account for the
effect of by/d, and is based on tests that indicated shear strength decreases as by/d increases.

If the factored shear force V at the critical section exceeds the governing shear strength ¢V, given by the
minimum of Egs. (11-33), (11-34), or (11-35), shear reinforcement must be provided. For shear reinforcement
consisting of bars or wires and single- or multiple-leg stirrups, the shear strength may be increased to a maxi-
mum value of 6@ byd (11.12.3.2), provided the footing has an effective depth d greater than or equal to 6 in.,
but not less than 16 times the shear reinforcement bar diameter (11.12.3). However, shear reinforcement must be
designed to carry the shear in excess of ZJf'é bed (11.12.3.1).

For footing design (without shear reinforcement), the shear strength equations may be summarized as follows:
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;,"f;,;od

¢ Wide beam action

Vu s oV

A

Be

0(2/Z byd)

10 5 333 25 20 167 143 125 111 1.0
T T T T T
.- Two-way action
X
A ‘
Sy =[2+i}/f:bod
B
|
—
Wide-beam action R Ny T ICZ
.!. X
Be=ci/C2
1 1 3 | 1 1
0.2 04 05 086 0.8 1.0

1/Be

Figure 22-3 Shear Strength of Concrete in Footings

Eq. (11-1)

Eq. (11-3)

where by, and V; are computed for the critical section defined in 11.12.1.1 (see Fig. 22-2).

+  Two-way action

, O
[2 + EJ £ bod

o d
Vy < minimum of ; ('BS— + 2] fi. bod

where

-
I

Q
w
I

bo

8]
4ft bd

40 for interior columns
30 for edge columns
20 for corner columns

perimeter of critical section shown in Fig. 22-2

224

Eq. (11-33)

Eq. (11-34)

Eq. (11-35)

ratio of long side to short side of the column, concentrated load or reaction area




15.8 TRANSFER OF FORCE AT BASE OF COLUMN, WALL, OR REINFORCED
PEDESTAL

With the publication of ACI 318-83, 15.8 addressing transfer of force between a footing and supported member
{(column, wall, or pedestal) was revised to address both cast-in-place and precast construction. Section 15.8.1
gives general requirements applicable to both cast-in-place and precast construction. Sections 15.8.2 and 15.8.3
give additional rules for cast-in-place and precast construction, respectively. For force transfer between a foot-
ing and a precast column or wall, anchor bolts or mechanical connectors are specifically permitted by 15.8.3,
with anchor bolts to be designed in accordance with Appendix D. (Prior to the *83 code, connection between a
precast member and footing required either longitudinal bars or dowels crossing the interface, contrary to com-
mon practice.) Also note that walls are specifically addressed in 15.8 for force transfer to footings.

Section 15.8.3 contains requirements for the connection between precast columns and walls to supporting rmem-
bers. This section refers to 16.5.1.3 for minimum connection strength. Additionally, for precast columns with
larger cross-sectional areas than required for loading, it is permitied to use a reduced effective area based on the
cross-section required, but not less than one-half the total area when determining the nominal strength in ten-
sion.

The minimum tensile strength of a connection between a precast wall panel and its supporting member is re-
quired to have a minimum of two ties per panel with a minimum nominal tensile capacity of 10 kips per tie
(16.5.1.3(b)).

All forces applied at the base of a column or wall (supported member) must be transferred to the footing (sup-
porting member} by bearing on concrete andfor by reinforcement. Tensile forces must be resisted entirely by
reinforcement. Bearing on concrete for both supported and supporting member must not exceed the concrete
bearing strength permitted by 10.17 (see discussion on 10.17 in Part 6).

For a supported column, the bearing capacity ¢Py, is

OPp = (0.85f7A) 10.17.1
where
f{ = compressive strength of the column concrete

Ay = loaded area (column area)

o = 0.65 9324

For a supporting footing,

A
OPop = 0(0-851CA)) /A—? < 20{0.85f/A,)
where

f; = compressive strength of the footing concrete

A = area of the lower base of the largest frustrum of a pyramid, cone, or tapered wedge con-
tained wholly within the footing and having for its upper base the loaded area, and having
side slopes of 1 vertical to 2 horizontal (see Fig. R10.17).

Example 22.4 iliustrates the design for force transfer at the base of a column.

When bearing strength is exceeded, reinforcement must be provided to transfer the excess load. A minimum
area of reinforcement must be provided across the interface of column or wall and footing, even where concrete
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bearing strength is not exceeded. With the force transfer provisions addressing both cast-in-place and precast
construction, including force transfer between a wall and footing, the mimmum reinforcement requirements are
based on the type of supporied member, as shown in Tahle 22-2.

Table 22-2 Minimum Reinforcement for Force Transfer Between Footing and Supported Member

Cast-in-Place Precast
200A,
Columns 0.005A4 fy
(15.8.2.1) (16.5.1.3 (a))
Walls see 143.2 see 16.5.1.3(b) and (c)
(15.8.2.2)

For cast-in-place construction, reinforcement may consist of extended reinforcing bars or dowels. For precast
construction, reinforcement may consist of anchor bolts or mechanical connectors. Reference 22.1 devotes an
entire chapter on connection design for precast construction.

The shear-friction design method of 11.7.4 should be used for horizontal force transfer between columns and
footings (15.8.1.4; see Example 22.6). Consideration of some of the lateral force being transferred by shear
through a formed shear key is questionable. Considerable slip is required to develop a shear key. Shear keys, if
provided, should be considered as an added mechanical factor of safety only, with no design shear force assigned

to the shear key.

PLAIN CONCRETE PEDESTALS AND FOOTINGS

Plain concrete pedestals and footings are designed in accordance with Chapter 22. See Part 30 for an in-depth
discussion and examples.

REFERENCE

22.1 PCI Design Handbook—Precast and Prestressed Concrete, MNL-120-04, 6th Edition, Precast/Pre-
stressed Concrete Institute, Chicago, IL, 2004, 750 pp.
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Example 22.1—Design for Base Area of Footing

Determine the base area A required for a square spread footing

with the following design conditions:
Surcharge

Service dead load = 350 kips u m _
Service live load = 275 kips
Service surcharge = 100 psf

e
o

f_ Floor Elev.

-+

5-0" N.T.5.

Assume average weight of soil and concrete above footing base
= 130 pcf

Allowabie soil pressure at bottom of footing = 4.5 ksf

Column dimensions = 30 X 12 in,

Code
Calculations and Discussion Reference

1. Determination of base area:

The base area of the footing is determined using service (unfactored) loads with the net
permissible soil pressure.

Weight of surcharge = 0.10 ksf
Net allowable soil pressure = 4.5-0.75 = 3.75 ksf

Required base area of footing: 15.2.2

_ 350 +275
3.75

= 167 fi?

Use a 13 x 13 ft square footing (A¢ = 169 ft2)
2. Factored loads and soil reaction:

To proportion the footing for strength (depth and required reinforcement) factored 15.2.1
loads are used.

Py = 1.2 (350) + 1.6 (275) = 860 kips Eq. (9-2)

i

P, 860
= B B0k
U= A T T
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Example 22.2—Design for Depth of Footing

For the design conditions of Example 22.1, determine the overall thickness of footing required.

13-0

. = 3000 psi f— ]
Py = 860 kips
f— ol 'c f
qs = 5.10ksf , p—S0sd - Noo-way
5 — action
i I
13-0° ! 112" +d
g L————— !
I O
-\__,___ by for
beam action
Code
Calculations and Discussion Reference

Determine depth based on shear strength without shear reinforcement. Depth required for shear 11.12
usunally controls the footing thickness. Both wide-beam action and two-way action for strength
computation need to be investigated to determine the controlling shear criteria for depth.
Assume overall footing thickness = 33 in, and average effective thickness d =28 in. = 2.33 ft
1. Wide-beam action:

Vu = s X tributary area

by = 13 ft=156in.

Tributary area = 13 (6.0-2.33) = 47.7 ft2

Vy = 5.10 x 47.7 = 243 kips

OV = §(2/IC byd) Eq. (11-3)

= 0.75 (2 3000 x 156 x 28) /1000 9323

= 359kips >V, OK.
2. Two-way action:

Vu = g X tributary area

(30 +28) (12 + 28)
144

Tributary area = [(13 x 13) - ] = 152.9 fr?

Va = 5.10 x 152.9 = 780 kips
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o, = 40 for interior columns

[ 4
2+ — = 3.6 (govemns
2.5 @ )
Ve = ﬂ-+~2 =77
JEibod 7
4
OV, = 0.75 X 3.64/3000 x 196 x 28/1000

i

812kips >V =780kips O.K.

22-9

Example 22.2 (cont’d) Calculations and Discussion Reference
4
2+ 5 Eq. (11- 35)
Ve - minimumor{ %2 42 £q. (17-36)
£b,d by
4 £q. (11-37)
bo = 2(30+28) +2 (12 +28) = 196 in.
30
= = =25
P 12
by _ 196 _
d 28




Example 22.3—Design for Footing Reinforcement

For the design conditions of Example 22.1, determine required footing reinforcement.

£2 = 3000 psi 18-0°
1. &-0"
fy = 60,000 psi =y
A " .
P, = 860 kips - | {iong prosecton
gs = 5.10 ksf g_z_gw wale o ‘/. s d%28“
TTTTTTTTT T Jamsioie
—A
Code
Calcuilations and Discussion Reference
1. Ciritical section for moment is at face of column 15.4.2
M, = 5.10 x 13 x 62/2 = 1193 ft-kips
2. Compute required Ag assuming tension-conirolled section (¢ = 0.9) 10.3.4, 8.3.2.1
M 1193 x 12 x 1000
Required R, = L. = = 130 psi
cauired Bo = Tod? T 709 x 156 x 28° P
851 2R
o - ossc[l_ L n’)
fy 0.85f;
- 085 x3 I_Jl_ﬂ — 0.0022
60 0.85 x 3000
d 28
p (gross area) = b x 0.0022 = -3-§ x 0.0022 = (.0019
Check minimum A required for footings of uniform thickness; for Grade 60 10.5.4
reinforcement:
Pmn = 0.0018 < 0.0019 O.XK. 7122

Required A; = pbd
Ag = 0.0022 x 156 x 28 = 9.60in.?
Try 13-No. 8 bars (Ag = 10.27 in.2) each way

Note that a lesser amount of reinforcement is required in the perpendicular direction due to lesser
M, , but for ease of placement, the same uniformly distributed reinforcement will be used each
way (see Table 22-1). Also note that d; = 27 in. for perpendicular direction.
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Code
Example 22.3 (cont’d) Calculations and Discussion Reference

3. Check net tensile strain (g;)

M0.00B |~—>i0.85f'c
Fy c A a :_&_C-: E_C

d=d=28"

T

SECTION A-A Strain Diagram Force Diagram

Ad,
8= ——i
0.85fb

_ 10.27x 60 ~1.55
0.85x3x156

a_1> e

‘TP, 085
g,+0.003 _ 0.003
d e

1

£, = (9'993}11 ~0.003
c

=&O3x 28—0.003=0.043> 0.004 10.3.5

1.82
Therefore, section is tension-controlled and initial assumption is valid, O.K.
Thus, use 13-No. 8 bars each way.

4. Check development of reinforcement. 15.6

Critical section for development is the sarne as that for moment (at face 15.6.3
of column).

pgo |2 S Wowewd |,
40 i [cp+Ky Eq. (12-1)
dy,
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Exampie 22.3 (cont’d) Calculations and Discussion Reference
Clear cover (bottom and side) = 3.01in.
156 -2(3)-2(05 .
Center-to-center bar spacing = (1; ©3) = 12.4in.
3.0 + 0.5 = 3.5in. {(govemns) 1224
¢p = minimum of
b B4 _ 62
2
K4 = 0 (no transverse reinforcement)
K .
Ch * Be _ 35+0 = 35> 25, use25 12.2.3
dy, 1.0
v; = 1.0 (less than 12 in. of concrete below bars) 1224
v, = 1.0 (uncoated reinforcement)
Yy, = 1.0<17
y, = 1.0 (larger than No. 7 bars)
A = 1.0 (normal weight concrete)
3 60,000 10x 1.0x 1.0x 1.0
£,=|— - x1.0 = 32.9in. > 12.0in. OK.
d [40 3000 25 :l 12.2.1

Since £4 =32.9 in. is less than the available embedment length in the short direction

15
(76 - % -3 =60 in.), the No. 8 bars can be fully developed.

Use 13-No. 8 each way.
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Example 22.4—Design for Transfer of Force at Base of Column

For the design conditions of Example 22.1, check force transfer at interface of column and footing.

fe {column) = 5000 psi column bars

£/ (footing) = 3000 psi footing dowels

fy = 60,000 psi

Py = 860 kips e 30"
A .8 & & & & ¢ & | v
3" cover
Code
Calculations and Discussion Reference
1. Bearing strength of column (f; = 5000 psi): 15.8.1.1
PPp = (0.85£A)) 10.17.1
= 0.65(0.85 x 5 x 12 x 30) = 995 kips > P,= 860 kips OXK. 9324
2. Bearing strength of footing (f; = 3000 psi): 15.8.1.1
The bearing strength of the footing is increased by a factor A5 /A; < 2 due to the 10.17.1

to the large footing area permitting a greater distribution of the ¢column load.

¥
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e
. .
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o
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Example 22.4 (cont’d) Calculations and Discussion Reference

A1 is the column (loaded) area and A, is the plan area of the lower base of the largest frustum of

a pyramid, cone, or tapered wedge contained wholly within the support and having for its upper

base the loaded area, and having side slopes of 1 vertical to 2 horizontal. For the 30 x 12 in.

column supported on the 13 x 13 ft square footing, Ay = (66 + 12 + 66) X (63 + 30 + 63).

Ay _ [144x156 =7.9>2 use?2

\’ A \/ 30 12

Note that bearing on the column concrete will always govern until the strength of the

column concrete exceeds twice that of the footing concrete.

0Py = 2[0(0.85£:A))]

= 2[0.65(0.85 x 3 x 12 x 30)] = 1193 kips > P, = 860 kips 0.K.

3. Required dowel bars between column and footing:

Even though bearing strength on the column and footing concrete is adequate to transfer 15.8.2.1

the factored loads, a minimum area of reinforcement is required across the interface.

Ag (min) = 0.005 (30 x 12) = 1.80in.2

Provide 4-No. 7 bars as dowels (Ag = 2.40 in.2)
4. Development of dowel reinforcement in compression: 12.3.2

In column:

0.02f,
£, = d, 2 (0.0003f, )d,

N

For No. 7 bars:
0.02 x 60,600
Ly = | ———==o="—10875 = [49in.
o ( /5000 J "
Loy = 0.0003 x 60,000 x 0.875 = 15.8in. (governs)
In footing:
e = (%ﬁ%ﬁj 0.875 = 192in. (govemns)
¢ = 0.0003x60,000x0.875 = 15.8in.

de{min})
Available length for development in footing
= footing thickness - cover - 2 (footing bar diameter) - dowel bar diameter

33-3-2(1.0)-0.875 = 271 in. > 19.2 in.

Therefore, the dowels can be fully developed in the footing.
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Example 22.5—Design for Transfer of Force by Reinforcement

12 X 12 in. tied reinforced column with 4-No. 14 longitudinal bars

f. = 4000 psi (column and footing)

12

For the design conditions given below, provide for transfer of force between the column and footing.

f fy = 60,000 psi No. 14 bars
‘ Pp = 200 kips
f +—— dowel bars
Pp = 100 kips 1 1'6 J L
8'-0" square
Code
Calculations and Discussion Reference
1. Factored load Py = (1.2 x 200) + (1.6 x 100) = 400 kips Eq. (9-2)
2. Bearing strength on column concrete: 15.8.1.1
OP,, = 0(0.85f/A,) = 0.65(0.85x 4 x12x12) 10.17.1
= 318.2kips < Py=400kips N.G.
The column load cannot be transferred by bearing on concrete alone. The excess load 15.8.1.2
(400 - 318.2 = 81.8 kips) must be transferred by reinforcement.
3. Bearing strength on footing concrete: f 9-0" 15.8.1.1
T
A,y ,
Py = /= [¢(0-85ch1)]
Ay ) 59
o L7 T
A [Gx9 > %7 e
A—2= 1—x1=9>2,useZ /45/1
x '
! r /
0Py, = 2(318.2) = 636.4 kips > 400 kips O.K. :
4. Required area of dowel bars; 15.8.1.2
P, - ¢P
Ag (required) = (“_(E_TJP_)
ofy ‘
& = 2.10in.? ‘
(.65 x 60
Ag (min) = 0.005(12 x 12) = 0.72in.2 15.8.2.1

Try 4-No. 8 bars (A; = 3.16in.2)
22-15



Code
Example 22.5 (cont’d) Calculations and Discussion Reference
5. Development of dowel reinforcement
a. For development into the column, the No. 14 column bars may be lap spliced with the 15.8.2.3
No. 8 footing dowels. The dowels must extend into the column a distance not iess than
the development length of the No. 14 colurmin bars or the lap splice length of the No. 8
footing dowels, whichever is greater.
For No. 14 bars:
0.02f
0, = | —==d, = [MJ 1693 = 32.1in. (govems)
JE V4000
Cgomimg = (0.0003fy) d, = 0.0003 x 60,000 x 1.693 = 30.5in.
For No. 8 bars:
lap length = 0.0005fydy, 12.16.1
= 0.0005 x 60,000 x 1.0 = 30in.
Development length of No. 14 bars governs.
The No. 8 dowel bars must extend not less than 33 in. into the column.
b.  For development into the footing, the No. 8 dowels must extend a full 15.82.3
development length,
0.02f 0.02 x 60 000)
£ = | —=21d, = | —F——""—|x 1.0 = 19.0in. (governs)
* [Jﬂ} " [ V4000
Loty = (0.0003f5, )dh = 0.0003 x 60,000 x 1.0 = 18.0in.
This length may be reduced to account for excess reinforcement. 12.3.3(a)

A (required) 210

: = = 0.66
A, (provided) 3.16

Required fgc = 19 x 0.66 = 12.51in.

Available length for dowels development = 18 -5= 13 in. > 12.5 in. required, O.X.

Note: In case the available development length is less than the required development length, either
increase footing depth or use larger number of smaller size dowels. Also note that if the footing dowels
are bent for placement on top of the footing reinforcement {as shown in the figure), the bent portion

cannot be considered effective for developing the bars in compression (12.5.5).

22-16
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Example 22.6—Design for Transfer of Horizontal Force at Base of Column

For the column and feoting of Example 22.5, design for transfer of a horizontal factored force of 85 kips acting
at the base of the column.

Design data:

Footing; size = 9 x 9 ft

thickness = 1ft-6 in.

Column: size = 12 x 12 in. (tied)

4-No. 14 longitudinal reinforcement

f. = 4000 psi (footing and column)

fy = 60,000 psi
Code
Calculations and Discussion Reference
1. The shear-friction design method of 11.7 is applicable. 15.8.1.4
Check maximum shear transfer permitted: 11.7.5
Vu £ ¢(0.2f;A.) but not greater than $(800A )
OV, = 0.75(0.2 x 4 x 12 x 12) = 86.4 kips
$(800A,) = 0.75 x 800 x 12 x 12/1000 = 86.4 kips
V, =85 kips < ¢{0.2f/A, ) and 6(800A,) O.K.
The shear transfer of 85 kips is permitted at the base of 12 x 12 in. column.
Strength requirement for shear:
Vi S 0V, Eq. (11-1)
Vo = Vulo = Ayfi Eq. (11-25)
Use i = (.6 (concrete not intentionally roughened) 11.7.4.3
and ¢ = 0.75 (shear)
Required Ays = Yo o 85 = 3.15in? Eq. (11-25)

of, 1L 0.75 x 60 x 0.6

¥

A_(provided) = 3.16 in.? O.K.
Therefore, use 4-No. 8 dowels (Ag=3.16 in.2)
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Example 22.6 (cont’d) Calculations and Discussion

Code
Reference

If the 4-No. 8 dowels were not adequate for transfer of horizontal shear, the footing con-
crete in contact with the column concrete could be roughened to an amplitude of approxi-

mately 1/4 in. to take advantage of the higher coefficient of friction of 1.0:

85

Required A ; = —————=1.89 in’

a.

T 075%60x1.0

Tensile development of No. 8 dowels, as required by 11.7.8

Within the column

ERLRRNA AN
40 ft2 [cp+Ky
dp

fd=

Clear cover to No. 8 bar = 3.25 in.

Center-to-center bar spacing of No. 8 bars = 4.5 in.

325 + 05 = 3.75in.
¢y = minimumofy 435

2 = 225in. (governs)

Assume Ky = 0 (conservatively consider no transverse reinforcement)

cp + Ky _ 225+0 = 225 < 2.5, use2.25

dp 1.0

Y = 1.0

Y. = 1.0

Yy, = 1L.0< 17

’ = (3 60,000 1.0 x 1.0 x 1.0
L= | =

) x 1.0 = 31.6in.
40 /4000 2.25

Provide at least 32 in. of embedment into the column.
Within the footing

Use standard hooks at the ends of the No. 8 bars
22-18
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Code

Example 22.6 (cont’d) Calculations and Discussion Reference
Lan = (0.02y My /4F )dy 12.5.2
60,000
= 10.02 x 1.0 x 1.0 x—= x1.0= 19.01n.
[ \/4000J
Modifications: 12.5.3

cover normal to plane of 90° hook > 2.5 in.
cover on bar extension beyond hook = 2 in.
£4h =07 %19 = 133 in. 12.5.3(a)
Min. f4 = 8 xdp = 8in. <133 1in 12.5.1
Available development length =

= 18-5 = 13in.<133in. N.G.

Increase footimg depth by 2 in. Total depth = 20 in.

Use 15 in. hook embedment into footing to secure dowels at the footing reinforcement.

Total length of No. 8 dowel = 32 + 15 = 47 in. Use 4 ft-0 in. long dowels.

Note: The top of the footing at the interface between column and footing must 11.7.9
be clean and free of laitance before placement of the column concrete.

5= 35" r

4-Ng. 14
/ 60, = 6" diameter
bend (Table 7.2}

J No. 8 dowel
| | \
Neo. 4 tie J T

L 90° Standard hook

40"

12"

1.5" cover

= 12dy, + 3dp + dp
12

=160y = 16" =1'- 4*

No. 8 dowel detail
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Example 22.7—Design for Depth of Footing on Piles

For the footing supported on the piles shawn, determine the required thickness of the footing (pile cap).

critical section

Footing size = 8.5 x 8.5 ft for two-way
action 1
Column size = 16 x 16in. o
o - - 13
. . . \ } 1 { 7)"77__
Pile diameter = 12 in, - - -
——— ?&72 3-0°
o . | ]
£ = 4000 psi N P R Pl .
S LS I VP I
! P’ 1 ' ;-
e critical section
Load per pile: for beam actioakf;77___'_"'_‘_?_"_“__w‘77 | . 30
Pp = 20kips I‘T} O (’;,___#LJ,
PL =10 k.lpS T T T I
| | |
1.3*| 30" —L 30" -75-1 g

Code
Calculations and Discussion Reference
1. Depth required for shear usually controls footing thickness. Both wide-bearn action 11.12
and two-way action for the footing must be investigated.
Assume an overall footing thickness of 1 ft-9 in. with an average d =~ 14 in. 15.7
2. Factored pile loading:
Py = 1.2 20) + 1.6 (10) = 40 kips Eq. (8-2)
3. Strength requirements for shear
Vy S 9V, Eq. (11-1)
a  Wide-beam action for footing: 11.12.1.1
3 piles fall within tributary area
Vyu (neglecting footing wt.} = 3 x 40 = 120 kips
OVa = 92 f;bwd) Eq. (11-3)

by = 8 f-6in. = 102in.

oV, = 0.75 (2J4ooo x 102 x 14)/1000 = 1354kips > V, = 120kips OK.

n
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Code
Example 22.7 (cont’d) Calculations and Discussion Reference

b. Two-way action: 11.12.1.2
8 piles fall within the tributary area

Vy = 8 x40 = 320 kips

2+ % Eg (11-33)
Ve smallest value of { 29 + 2 Eq. (17-34)
f7b.d bo
4 Eg (17-35)
16
= — =10
b 16
by = 4(16+14) = 120in.
o, = 40 for interior columns
bo _ 120 _ 45
d 14
| 4
245 =6 Eq. (11-33)
Ve = 4 il +2 =67 Eq. (11-34)
£1b,d 8.6
4 {governs) Eq. (11-35}
oV, = 0.75 x 444000 x 120 x 14/1000

319 kips = V,=320kips OX.

4. Check “punching” shear strength at corner piles. With piles spaced at 3 ft-0 in.
on center, critical perimeters do not overlap.

Vy = 40 kips per pile

22-21



Code
Example 22.7 (cont’d) Calculations and Discussion Reference
4
2 + E Eq (77-33)
Ve minimum of 3 %4 +2 Eq (77-34)
Vithod b
4 Eq (77-35
B = 1.0 (square reaction area of equal area)
bo = w(12+14) = 81.7in.
11.12.2.1

¢, = 20 (for comer columns)

bo _ BT _ 54
d 14
2+i =6
1
Ve _ 120 ., 54
JEibod 5.8
4 (govemrns)

OV, = 0.75 x 444000 x 81.7 x 14/1000 = 217kips > V, = 40kips

22-22

O.K.




23

Precast Concrete

GENERAL CONSIDERATIONS

Chapter 16 was completely rewritten for the 1995 code. Previous editions of Chapter 16 were largely perfor-
mance oriented. The current chapter is more prescriptive, although the word “instructive” may be more appro-
priate, as the chapter provides much more guidance to the designer of structures which incorporate precast
concrete. Not only does the chapter itself provide more requirements and guidelines, but the commentary con-
tains some 25 references, as opposed to 4 in the 1989 code, thus encouraging the designer to make maximum use

of the available literature.

The increase in instructive material is most notable in 16.5, Structural Integrity. Requirements for structural
integrity were introduced in 7.13 of the 1989 code. For precast construction, this section required only that
tension ties be provided in all three orthogonal directions (two horizontal and one vertical) and around the
perimeter of the structure, without much further guidance. Reference 23.1 was given for precast bearing wall
buildings. The recommendations given in that reference are now codified in 16.5.2. Section 16.5.1 applies
primarily to precast structures other than bearing wall buildings and, as is the case with most of the rewritten
Chapter 16, is largely a reflection of time-tested industry practice. Note that tilt-up concrete construction is a
form of precast concrete. Reference 23.3 addresses all phases of design and construction of tilt-up concrete
structures.

16.2 GENERAL

The code requires that precast members and connections be designed for ... loading and restraint conditions
from initial fabrication to end use in the structure ...” Often, especially in the case of wall panels, conditions
during handling are far more severe than those experienced during service. For this reason, and also because
practices and details vary among manufacturers, precast concrete components are most often designed by spe-
cialty engineers employed by the manufacturer. Calculations, as well as shop drawings (16.2.4) are then submit-
ted to the engineer-of-record for approval, This procedure is also usually followed in the design of connections.
For more information on the relationship between the engineer-of-record and the specialty engincer, see Refs.
23.4 and 23.5.

As stated above, since 1995, the code encourages the use of other publicaticns for the design of precast concrete
structures. References 23.2, 23.6, and 23.7 are particularly useful to the designer. Of these, the most widely
used is Ref. 23.7, the PCI Design Handbook.

Section 16.2.3 states that tolerances must be specified. This is usually done by reference to Industry docu-
ments?38, 23.9, 23.10 a5 noted in the commentary. Design of precast concrete members and connections is
particularly sensitive to tolerances. Therefore, they should be specified in the contract documents together with
required concrete strengths at different stages of construction [16.2.4(b)].



16.3 DISTRIBUTION OF FORCES AMONG MEMBERS

Section 16.3.1 covers distribution of forces perpendicular to the plane of members. Most of the referenced
research relates to hollow-core slabs, and is also applicable te solid stabs that are connected by continucus grout
keys. Members that are connected together by other means, such as weld plates on double tees, have through
extensive use been found to be capable of distributing concentrated loads to adjacent members. Itis common to
assume for design purposes that up to 25% of a concentrated load can be transferred to each adjacent member,
the connections should be designed accordingly. Since load transfer is dependent on compatible deflections,
less distributicn occurs nearer the support, as shown in Fig. 23-1(a) for hollow core slabs. Flanges of double tees
are also designed for transverse load distribution over an effective width as illustrated in Fig. 23-1(b). Other
types of decks may not necessarily follow the same pattern, because of different torsional resistance properties,
but the same principles are applicable. A typical design is shown in Example 23.1.

Compatibility of the deflections of adjacent units is an important design consideration. For example, in the
driving lane of a precast concrete double-tee parking deck, even if each member has adequate strength to carry
a full wheel load, it is undesirable for each unit to deflect independently. It is common practice to use more
closely spaced connections in those cases, to assure sharing of the load and to eliminate differential deflections

between members.

Section 16.3.2 covers distribution of in-plane forces. It requires a continuous load path for such forces. If these
forces are tensile, they must be resisted by steel or steel reinforcement. Since these in-plane forces are usually
caused by lateral loads such as those due to wind or ¢arthquakes, and since such lateral loads can occur in any
direction, nearly all of the continuous load path must be provided by steel or steel reinforcement. In that respect,
the reinforcement and connections designed to meet the requirements of this section may also provide the con-

tinuous ties required by 16.5.

16.4 MEMBER DESIGN

This section is primarily concerned with minimum reinforcement requirements for precast members. Section
16.4.1 waives transverse steel requirements in prestressed concrete members 12 ft or less in width, except where
such steel is required for flexure. The commentary notes that an example of an exception to the waiver is the
flanges of single and double tees. This section is intended primarily for hollow core and solid slabs where the
transverse connection is typically grouted joints.

Section 16.4.2 reduces the minimum reinforcement in precast, nonprestressed walls, from that required for cast-
in-place reinforced concrete walls in Chapter 14, to 0.001 times the gross cross-sectional area of the walls, in
accordance with common industry practice. This is in recognition of the fact that much of the shrinkage of
precast members occurs prior to attachment to the structure. Spacing of reinforcement in precast walls should
not exceed 5 times the wall thickness or 30 in. for interior walls or 18 in. for exterior walls.

When wall panels are load-bearing, they are usually designed as compression members in accordance with
Chapter 10. When they are not load-bearing (and often even when they are), the stresses during handling are
usually critical. In those cases, it is common to place the lifting and dunnage points so that the stresses during
handling do not exceed the modulus of rupture (with a safety factor), especially for architectural precast panels.
If cracking is likely, crack control reinforcement in accordance with 10.6.4 is required.
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16.5 STRUCTURAL INTEGRITY

The provisions of 16.5.1.1 are intended to assure that there is a continuous load path from every precast member
to the lateral load resisting system. The commentary gives several exampies of how this may be accomplished.
Section 16.5.1.2 is adopted from a similar requirement in the Uniform Building Code, as explained in the com-

mentary.

Section 16.5.1.3 gives requirements for vertical tension ties. The requirement for columns in 16.5.1.3(a) applies
not only to connrections of columns ta footings, but also to such connections as column splices. The 13,000 Ib
requirement for each of at least two ties per wall panel in 16.5.1.3(b) is from the PCI Design Handbook?3-7, and
is the numerical equivalent of a common connection used in the precast concrete industry for many years. This
is strictly an empirical value, and is intended to apply only to the dimensions of the hardware items in the
connection, without including eccentricities in the design. Section 16.5.1.3(c) permits this connection to be into
a reinforced concrete floor slab, as is common with tilt-up construction.

Section 16.5.2 in essence codifies some of the recommendations of Ref. 23.11, which gives numerical values for
tension ties in bearing wall buildings. This report is based on a series of tests conducted at the Portland Cement
Association’s laboratories?3-12 in the late 1970s.

16.6 CONNECTION AND BEARING DESIGN

Section 16.6.1 lists the several ways that precast members can be connected, and then allows design by analysis
or test. Special mention is made of 11.7, Shear Friction, as this is a commonly used analysis/design tool. See
Part 16 of this document. Examples on application of shear friction design procedure are also given in PCI
Design Handbook?37 and Design and Typical Details of Connections for Precast and Prestressed Concrete. 239

Section 16.6.2 describes several important considerations when designing for bearing of precast elements. The
minimum bearing lengths of 16.6.2.2(a) are particularly important. It should be emphasized that these are
minimum values, and that the structure should be detailed with significantly longer bearing lengths, to allow for
tolerance in placement. Section 16.6.2.3 makes it clear that positive moment reinforcement need not extend out

of the end of the member, provided it goes at least to the center of the bearing.

16.7 ITEMS EMBEDDED AFTER CONCRETE PLACEMENT

In precasting plants, it has long been common practice to place certain embedded items in the concrete after it
has been cast. This practice is recognized in this section and constitutes an exception to the provisions of 7.5.1.
Conditions to embed itemns in the concrete while it is in a plastic state are: (1) embedded item is not required to
be hooked or tied to reinforcement within the concrete, (2) embedded item is secured in its position until con-
crete hardens, and (3) concrete is properly consolidated around each embedment.

16.8 MARKING AND IDENTIFICATION

The purpose of identification marks on precast members is to facilitate construction and avoid placing errors.
Each precast member should be marked to show date of manufacture and should be identified according to

placing drawings.
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16.9 HANDLING

This section re-emphasizes the general requirement of 16.2.1. Handling stresses and deformations must be
considered during the design of precast concrete members. Frection steps and hardware required for each step
must be shown on contract or erection drawings.

16.10 STRENGTH EVALUATION OF PRECAST CONSTRUCTION

Itis always desirable, and certainly safer and more economical, to test a suspect precast concrete member before
it is integrated into the structyre. This new section describes how Chapter 20 provisions can be applied to this
case. The test loads specified in 20.3.2 must be adjusted to simulate the load portion carried by the suspect
member when it is in the final, composite mode. The acceptance criteria of 20.5 apply to the isolated precast
member.

REFERENCES
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Example 23.1—Load Distribution in Double Tees

Required: Compute the factored moments and shears for each of three double tees of the following roof:

Pi PE
[
T T L L T T T T L T T T T
Tee #1 Tee #2 Tee #3
o 3-10DT24 -
Given:
Double tees = 10DT24 (self weight = 468 plf), h = 24 in.
Span = 60 ft
Superimposed DL = 15 psf, LL = 30 psf
Concentrated dead load on Tee #1, P; = 20 kips @ 3 ft from left support
Concentrated dead load on Tee #2, P» = 20 kips @ midspan
Code
Calculations and Discussion Reference

1. Assume:

Concentrated dead load P; cannot be distributed to adjacent tees since it is near the

support.

Concentrated dead load P; is distributed, with 25 percent to adjacent tees and 50 percent

to the tee supporting the load, i.e.

0.25 (20 kips) = 5 kips to Tee #1

0.50 (20 kips) = 10 kips to Tee #2

0.25 (20 kips) = 5 kips to Tee #3
2. Factored uniform dead and live loads, for each tee

DL = 468 + 15 (10 ft width) = 0.618 kip/ft

LL = 3010 ft width) = 0.30 kip/ft

wy = 12D+ 1.6L Eq. (3-2)

= 1.2 (0.618) + 1.6 (0.30) = 1.222 kip/ft
3. Factored moments and shears for Tee #1
Factored concentrated dead load next to support = 1.2 (20) = 24 kips
Factored concentrated dead load at midspan = 1.2 (5) = 6 kips

wy = 1.222 kipfft
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Code

Example 23.1 {cont’d) Calculations and Discussion Reference
57 1.222{60 .
Reaction at left support =— (24)+ 6 + ——(—) =62.46 kips
60 2 2
For prestressed concrete members, design for shear at distance h/2 11.1.3.2

Vy (left) = 62.46-1.222 = 61.24 kips

1.222{60
Reaction at right support = 6—30(24)+ -2(3+-~+): 40.86 kips 24 kips 6 kips
1.222 kip / ft
i . . (HAENEEENANEEEENEENNNNEREENEREN!
At distance h/2, V (right) = 40.86 - 1.222 = 39.64 kips e
3|, er a0
Maximum moment is at midspan 60'
M, (max) = 40.86 (30) - 1.222 (30) (15) = 676 fi-kips 62.46 . 58.80
4. Factored moments and shears for Tee #2 34.8
y 1.8
M, = Yl P 42
8 4
) -40.86 kips
1.222(60 L.2(10)(60
— ( ) + ( O)( )= 730 ft-kips Factored loads on Tee #1
8 4
Maximum reaction = Wyt + s
2 2
1.222(60) 1.2(10
= ( )+ ( )=42.66 kips
2 2 12 kips
. . 1.222 kip / ft
Atdistance h/2, V = 42.66-1.222 = 41.44 kips O T T T T LT OL T
e e
5. Factored moments and shears for Tee #3 Faclored loads on Tee #2
2
1.222(60 1.2(5)(60
M,= (60) + GX )=640 ft -kips
8 4
6 kips
1.222{60) 1.2(5 ] . ip / f
Maximum reaction = ( )+ ( )=39.66k1ps T I IIIIII1I2I213¥I?i/Itl
e e

Factored loads on Tee #3

Atdistance h/2, V,; = 39.66 - 1.222 = 3844 kips
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Prestressed Concrete — Flexure

UPDATE FOR THE '05 CODE

Significant changes to the provisions for prestressed concrete design for flexure are:

+  Construction joint location limitation of 6.4.4 previously applied to both reinforced and prestressed
concrete, they are now waived for prestressed concrete.

*  Adefinition for “Transfer length” was added in 2.2, and was illustrated schematically in Figure
R9.3.2.7(a) and R9.3.2.7(b) for pretensioned bonded and debonded strands, respectively. Strength reduc-
tion factor” ¢ applicable within transfer and development lengths has been revised (9.3.2.7) to eliminate a
discontinnity in computed flexural strength.

»  The permissible flexural tensile strength in two-way prestressed slabs of fi < 7.5\/5 introduced in the

2002 code has been changed to f, < 5@ as prescribed in previous codes (18.3.3) prior to 2002,

*  The limsting depth of 36 in. for required skin reinforcement has been changed from the effective depth to
the overall member height h (18.4.4.4). The crack control provisions for skin reinforcement of 10.6.7
have been simplified and made consistent with those required for flexural tension reinforcement in 10.6.4.

* Anunnecessary sentence describing redistribution of negative moments in R18.10.3 was removed from
the commentary to eliminate potential confusion.

GENERAL CONSIDERATIONS

In prestressed members, compressive stresses are introduced into the concrete to reduce tensile stresses resulting
from applied loads including the self weight of the member (dead load). Prestressing steel, such as strands, bars,
or wires, is used to impart compressive stresses to the concrete. Pretensioning is a method of prestressing in
which the tendons are tensioned before concrete is placed and the prestressing force is primarily transferred to
the concrete through bond. Post-tensioning is a method of prestressing in which the tendons are tensioned after
the concrete has hardened and the prestressing force is primarily transferred to the concrete through the end

anchorages.

The act of prestressing a member introduces “prestressing loads” to the member. The induced prestressing
loads, acting in conjunction with externally applied loads, must provide serviceability and strength to the mem-
ber beginning immediately after prestress force transfer and continuing throughout the life of the member. Pre-
stressed structures must be analyzed taking into account prestressing loads, service loads, temperature, creep,
shrinkage and the structural properties of all materials involved.



The code states that all provisions of the code apply to prestressed concrete, unless they are in conflict with Chapter
18 or are specifically excluded. The exclusions, listed in 18.1.3, are necessary because some empirical or simplified
analytical methods employed elsewhere in the code may not adequately account for the effects of prestressing forces.

Deflections of prestressed members calculated according to 9.5.4 should not exceed the values listed in Table 9.5(b).
According to 9.5.4, prestressed concrete members, like any other concrete members, should be designed to have
adequate stiffness to prevent deformations which may adversely affect the strength or serviceability of the structure.

PRESTRESSING MATERIALS

The most commonly used prestressing material in the United States is Grade 270 ksi low-relaxation, seven-wire
strand, defined by ASTM A 416. The most common size is 1/2-in., although there is increasing use of 0.6-in.
strand, especially for post-tensioning. The properties of these strands are as follows:

Nominal Diameter, in. 1/2 0.6
Area, sq. in. 0.153 0.217
Breaking stress fp,,, ksi 270 270
Breaking strength, kips 41.3 58.6
Jacking stress, ksi = 0.75 {5, 202.5 202.5

Virtually identical metric strands are used in metric countries.

The Prestressed Concrete Institute’s PCI Design Handbook, 6th edition, Ref. 24.1, gives a standard stress-strain curve
for this material, as shown in Fig. 24-1. This curve is approximated by the two expressions given below the figure.

270 ksi
Epe = 28,500 ksl — | 7 >
|
i
!
250 T /
Per ASTM A 416
X
= minimum yield strength at
1% elongation for 270 ksi
=243 ksi
230
Stress
£ (ksi) 210
190
170
150
0 0.005 0010 0.015 0.020 0.025 0.030

Strain, g, {in/in.)
The above curve can be approximated by the following equations: £y, <0.0086! fs = 28,500 €, {ksi)

. 004 .
£ps > 0.0086: =270~ — 7o {ksi)

Figure 24-1 Stress-Strain Curve for Grade 270, Low Relaxation Strand®@+
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NOTATION AND TERMINOLOGY

The following symbols are used in 18.4.4, which deals with serviceability requirements for cracked prestressed
flexural members.

Afs = stress in prestressing steel at service loads less decompression stress, psi. See Fig. 24-2

fac = decompression stress. Stress in the prestressing steel when stress is zero in the concrete at the same
level as the centroid of the tendons, psi. See Fig. 24-2

5 = center-to-center spacing of flexural tension steel near the extreme tension face, in. Where there is
only one bar or tendon near the extreme tension face, s is the width of extreme tension face

Note, fye = fse + £ X Ey/E where f; is the concrete stress at level of steel under dead load and prestress. fy, may
be conservatively taken as fg,.

Stress &

f,. = Stress in the presiressing steel

when stress is zero In the concrete

at the same fevel as the centroid ol

the tendons
1

L
0 001 002 003 Stain

Figure 24-2 Decompression Stress

The following definitions found in 2.2 are consistently used in Chapter 18 and throughout the code. They reflect
industry terminology.See Fig. 24-2

Prestressing steel — High-strength steel element, such as wire, bar, or strand, or a bundle of such elements,
used to impart prestress forces to concrete.

Tendon — In pretensioned applications, the tendon is the prestressing steel. In post-tensioned applications, the
tendon is a complete assembly consisting of anchorages, prestressing steel, and sheathing with coating for
unbonded applications or ducts with grout for bonded applications.

Bonded tendon — Tendon in which prestressing steel is bonded to concrete either directly or through grouting,

Unbonded tendon — Tendon in which the prestressing steel is prevented from bonding to the concrete and is
free to move relative to the concrete. The prestressing force is permanently transferred to the concrete at the
tendon ends by the anchorages only.

Duct — A conduit (plain or corrugated) to accommodate prestressing steel for post-tensioned installation.
Requirements for post-tensioning ducts are given in 18.17.

Sheathing — A material encasing prestressing steel to prevent bonding of the prestressing steel with the sur-
rounding concrete, to provide comrosion protection, and to contain the corrosion inhibiting coating.
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18.2 GENERAL

The code specifies strength and serviceability requirements for all concrete members, prestressed or nonprestressed.
This section requires that, for prestressed members, both strength and behavior at service conditions must be
checked. All load stages that may be critical during the life of the structure, beginning with the transfer of the
prestressing force to the member and including handling and transportation, must be considered.

This section also calls attention to several structural issnes specific to prestressed concrete structures that must
be considered in design:

18.2.3...Stress concentrations. See 18.13 for requirements for post-tensioned anchorages.

18.2.4...Compatibility of deformation with adjoining construction. An example of the effect of prestressing on
adjoining parts of a structure is the need to include moments caused by axial shortening of prestressed floors in
the design of the columns which support the floors.

18.2.5...Buckling of prestressed members. This section addresses the possibility of buckling of any part of a
member where prestressing tendons are not in contact with the concrete. This can occur when prestressing steel
is in an oversize duct, and with external prestressing described in 18.22,

18.2.6...Section properties. The code requires that the area of open post-tensioning ducts be deducted from
section properties prior to bonding of prestressing tendons. For pretensioned members and post-tensioned members
after grouting, the commentary allows the use of gross section properties, or effective section properties that
may include the transformed area of bonded tendons and nonprestressed reinforcement.

18.3 DESIGN ASSUMPTIONS

In applying fundamental structural principles (equilibrium, stress-strain relations, and geometric compatibility)
to prestressed structures, certain simplifying assumptions can be made. For computation of strength (18.3.1),
the basic assumptions given for nonprestressed members in 10.2 apply. except that 10.2.4 applies only to
nonprestressed reinforcement. For investigation of service load conditions, the “elastic theory” (referring to the
Tinear variation of stress with strain) may be used. Where concrete is cracked, the concrete resists no tension.
For analysis at service load conditions, the moduli of elasticity for concrete and nonprestressed reinforcement
are given in 8.5. The modulus of elasticity for prestressed reinforcement is not given but can generally be taken
as described in Fig. 24-1.

Section 18.3.3 defines three classes of prestressed flexural members, as follows:

Uncracked Class U: fr £ 75(E
Transition Class T: 7.5Jf_é <fi<i2 \/E
Cracked Class C: fi>124f

Table 24-1 summarizes the applicable requirements for these three classes of prestressed flexural members and,
for comparison, for nonprestressed flexural members as well.

Class U and Class T members correspond to those designed by 18.4.2(¢) and 18.4.2(d), respectively, of ACI 318-
99 and earlier editions of the code. In ACI 318-99, 18.4.2(d) required deflections to be checked by a cracked
section analysis if tensile stresses exceeded 6\/?5, but the section was not assumed to be cracked unless the
stress exceeded 7.54/fZ. This inconsistency was eliminated in 2002 Code by setting the dividing tensile stress
between Classes U and T at 7.5/ f;.
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Class C perimits design using any combination of prestressing steel and reinforcement. It “fills the gap” between
prestressed and nonprestressed concrete. For Class C members, a cracked section analysis or stresses is required
by 18.3.4; whereas, for Class T members, an approximate cracked section analysis is required for deflection
only. Unfortunately, a cracked section stress analysis for combined flexure and axial load (from the prestress) is
complex. Reference 24.2 gives one method of accornplishing this.

Section 18.3.3 requires that prestressed two-way slab systems be designed as Class U with f; < 5\/5 .

Table 24-1 Serviceability Design Requirements

Prestressed
Class U Class T Class C Nonprestressed
; Transition between
Assumed behavior Uncracked uncracked and cracked Cracked Cracked
Section propetrties for stress Gross section Gross section Cracked section N . t
calculation at service loads 18.3.4 18.3.4 18.3.4 © requiremen
Allowabie stress at transfer 18.4.1 18.41 18.4.1 No requirement
Allowable compressive stress based - .
on uncracked section properties 18.4.2 18.4.2 No requirement | No reguirement
Tensile streisséet’.gewlce lcads <75\ 75 \/fT';< f<12 \/i No requirement | No requirement
952,953
Deflection calculation basis 9-5.4.1 . 9‘5'4'2 C(gcked 9'5“.1‘2 Cr.a.cked Effective moment
Gross section section, bilinear section, bilinear o
of inertia
. . 10.6.4 Modified
Crack control No regquirement No requirement by 18.4.4.1 106.4
Computation of Afpg or fy . . Cracked section M/(Ag X lever
for crack control analysis arm), or 0.6f,
Side skin reinforcement No requirement No requirement 10.6.7 10.6.7
184 SERVICEABILITY REQUIREMENTS — FLEXURAL MEMBERS

Both concrete and prestressing tendon stresses are limited to ensure satisfactory behavior immediately after
transfer of prestress and at service loads. The code provides different permissible stresses for conditions imme-
diately afier prestress transfer (before time-dependent losses) and for conditions at service loads (after all pre-
stress losses have occurred).

For conditions immediately after prestress transfer, the code allows: extreme fiber compressive stress of 0.60f(;;
extreme fiber tensile stress of 3@ , except 6chTi is permitted at the ends of simply supported members.
Where tensile stress exceeds the permissible values, bonded nonprestressed reinforcement shall be provided to
resist the total tensile force assuming an uncracked section.

The permissible compressive stress due to prestress plus total service loads is limited to 0.60f;. A permissible

stress equal to 0.45f; has been added for the condition of prestress plus sustained loads. It should be noted that
the “sustained loads” mentioned in 18.4.2(a) include any portion of the live load that will be sustained for a
sufficient period to cause significant time-dependent deflections.

Concrete tensile stress limitations for Class U and T at service loads apply to the “precompressed” tensile zone
which is that portion of the member cross-section in which flexural tension occurs under dead and live loads.
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For Ciass C prestressed members, crack control is accomplished through a steel spacing requirement based on
that of 10.6.4 and Eq. (10-4) for nonprestressed concrete. Eq. (10-4) is modified by 18.4.4. The maximum
spacing between tendons is reduced to 2/3 of that permitted for bars, to account for lesser bond, compared to
deformed bars. The quantity Afy;, the stress in the prestressing steel at service loads less the decompression
stress fy. is the stress in the prestressing steel when the stress is zero in the concrete at the same level as the
centroid of the tendons. The code permits f, to be conservatively taken as the effective prestress fg,. The
foliowing shows Eq. (10-4), and as modified by 18.4.4.

Eq. (10-4) in 10.6.4:

.- ]5(40,000) se < 12[40,;)00}
s

As modified by 18.4.4

(= 2ol |
3 Afpe
The quantity of Af, shall not exceed 36,000 psi. If Af,, is not greater than 20,000 psi, the above spacing limits
need not apply.

The 2/3 modifier is to account for bond characteristics of strands, which are less effective than those of deformed
bars.When both reinforcement and bonded tendons are used to meet the spacing requirement, the spacing be-
tween a bar and a tendon shall not exceed 5/6 of that given by Eq. (10-4).

Where h of a beam of a Class C exceeds 36 in., skin reinforcement consisting of reinforcement or bonded

tendons shall be provided as required by 10.6.7.

18.5 PERMISSIBLE STRESSES IN PRESTRESSING STEEL

The permissible tensile stresses in all types of prestressing steel, in terms of the specified minimum tensile
strength fy,, are summarized as follows:

a.  Due totendon jacking fOrce: ....oooooeiiiicinii 0.94£y but not greater than 0.80fp,
low-relaxation wire and strands (fpy = 0.90F50) - oooeeiiiemmmen e 0.80fp,
stress-relieved wire and strands, and plain bars (ASTM A722) (fy = 0.85f50) evvevicenrecen. 0.801py
deformed bars (ASTM A722) (fpy = 0.80fp0) ooereiveie i, 0.75fp

b. Immediately after prestress transfer: ... 0.82fpy but not greater than 0.74fp,
low-relaxation wire and strands (fpy = 0.908)5) <o 0.74fp,
stress-relieved wire and strands, and plain bars (fpy = 08510} oo 0.70fy
deformed bars (fpy = 0.80fp0) ocvorveeeee e 0.66fp,

c. Post-tensioning tendons, at anchorages and couplers, immediately after tendon anchorage ....0.70fy,

Note that the permissible stresses given in 18.5.1{a) and (b) apply to both pretensioned and post-tensioned tendons.
Pretensioned tendons are often jacked to 75 percent of f,;. This will result in a stress below 0.74 f,,, after transfer.

18.6 LOSS OF PRESTRESS

A significant factor which must be considered in design of prestressed members is the foss of prestress due to
various causes. These losses can dramatically affect the behavior of a member at service loads. Although
calculation procedures and certain values of creep strain, friction factors, etc., may be recommended, they are at
best only an estimate. For the design of members whaose behavior (deflection in particular) is sensitive to
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prestress losses, the engineer should establish through tests the time-dependent properties of materials to be used
in the analysis/design of the structure. Refined analyses should then be performed to estimate the prestress
losses. Specific provisions for computing friction loss in post-tensioning tendons are provided in 18.6.2. Allow-
ance for other types of prestress losses are discussed in Ref. 24.1. Note that the designer is required to show on
the design drawings the magnitude and location of prestressing forces as required by 1.2.1(g).

ESTIMATING PRESTRESS LOSSES

Lump sum values of prestress losses that were widely used as a design estimate of prestress losses prior to the
"83 code edition (35,000 psi for pretensioning and 25,000 psi for post-tensioning) are now considered obsolete.
Also, the lump sum values may not be adequate for some design conditions.

Reference 24.3 offers guidance to compute prestress losses and it is adaptable to computer programs. It allows
step-by-step computation of losses which is necessary for rational analysis of deformations. The methed is too
tedious for hand calculations.

Reference 24 4 presents a reasonably accurate and easy procedure for estimating prestress losses due to various causes
for pretensioned and post-tensioned members with bonded and unbonded tendons. The procedure, which is intended
for practical design applications under normal design conditions, is summarized below. The simple equations enable
the designer to estimate the prestress loss from each source rather than using a lump sum value. The reader is referred
to Ref. 24.4 for an in-depth discussion of the procedure, including sample computations for typical prestressed con-
crete beams. Quantities used in loss computations are defined in the summary of notation which follows this section.

COMPUTATION OF LOSSES
Elastic Shortening of Concrete (ES)

For members with bonded tendons:

ES = Kesﬁsﬁ (1)
Eci
where Kes = 1.0 for pretensioned members

Kes = 0.5 for post-tensioned members where tendons are tensioned in sequential order to the same
tension. With other post-tensioning procedures, the value for Keg may vary from 0 to 0.5.

feir = Kcirfc;ai - fg 2

1.0 for post-tensioned members

where Keir
Keir = 0.9 for pretensioned members.
For members with unbonded tendons:

f,
ES = KesEs— (1a)
Eci

Creep of Concrete (CR)
For members with bonded tendons;
E'S
CR = Kcr E_ (fcir - feds) (3)

c
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where

KCI‘

K. = 1.6 for post-tensioned members

2.0 for pretensioned members

For members made of sand lightweight concrete the foregoing values of K should be reduced by 20 percent.

For members with unbonded tendons:

E
CR = K-CT *'E—S

fe

4

pa

Shrinkage of Concrete (SH)

where

SH = 8.2 x 106 KFq (1 - 0.06 -‘Si) (100 - RH)

K¢ = 1.0 for pretensioned members
K, is taken from Table 24-2 for post-tensioned members.
Tabile 24-2 Values of K, for Post-Tensioned Members
Time, days” 1 3 5 7 10 20 30 60
Ksh 0.92 0.85 0.80 0.77 0.73 0.64 0.58 0.45
“Time after end of moist curing to application of prestress
Relaxation of Tendons (RE)
RE = [Kie-J(SH+CR+ES)IC
where the values of Ky, J, and C are taken from Tables 24-3 and 24-4.
Table 24-3 Values of K, and J
Type of Tendon Kre {psi} J
270 Grade stress-relieved strand or wire 20,000 0.15
250 Grade stress-relieved strand or wire 18,500 0.14
240 or 235 Grade stress-relieved wire 17,600 013
270 Grade lJow-relaxation strand 5000 0.040
250 Grade low-relaxation wire 4630 0.037
240 or 235 Grade low-relaxation wire 4400 0.035
145 or 160 Grade stress-relieved bar 6000 0.05
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Friction

Table 24-4 Values of C

Stressed relieved Stress-relieved bar or
Ti £ fou strand or wire low relaxation strand or wire
0.80 1.28
0.79 1.22
0.78 1.16
0.77 1.11
0.76 1.05
0.75 1.45 1.00
0.74 1.36 0.95
0.73 1.27 0.90
0.72 1.18 0.85
0.71 1.09 0.80
0.70 1.00 0.75
0.69 0.94 0.70
0.68 0.89 0.66
0.67 0.83 0.61
0.66 0.78 0.57
0.65 0.73 0.53
0.64 0.68 0.49
0.63 0.63 0.45
0.62 0.58 0.4
0.61 0.53 0.37
0.60 0.49 0.33

Computation of friction losses is covered in 18.6.2. When the tendon is tensioned, the friction losses computed
can be checked with reasonable accuracy by comparing the measured tendon elongation and the prestressing
force applied by the tensioning jack.

SUMMARY OF NOTATION

Aps
C
CR
e

E.
Eci
Es

ES
fcds

fcir

fcpa

l

area of gross concrete section at the cross-section considered

total area of prestressing steel

a factor used in Eq. (5), see Table 24-4

stress loss due to creep of concrete

eccentricity of center of gravity of prestressing steel with respect to center of gravity of concrete at
the cross-section considered

modulus of elasticity of concrete at 28 days

modblus of elasticity of concrete at time prestress is applied

modulus of elasticity of prestressing steel. Usually 28,000,000 psi

stress loss due to elastic shortening of concrete

stress in concrete at center of gravity of prestressing steel due to all superimposed permanent dead
loads that are applied to the member after it has been prestressed

net compressive stress in concrete at center of gravity of prestressing steel immediately after the
prestress has been applied to the concrete. See Eq. (2).

average compressive stress in the concrete along the member length at the center of gravity of the
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prestressing steel immediately after the prestress has been applied to the concrete

fopi =  stress in concrete at center of gravity of prestressing steel due to Ppy;

fo =  stress in concrete at center of gravity of prestressing steel due to weight of structure at time prestress
is applied

foi = stress in prestressing steel due to Ppy, = PpifApg

fpu = specified tensile strength of prestressing steel, psi

I, =  moment of inertia of gross conerete section at the cross-section considered

J =  afactor used in Eq. (5), see Table 24-3

Kqr = afactorused in Eq. (2)

Ko = afactorused in Eq. (3)

Kes = afactor used in Eqgs. (1) and (1a)

K;e = afactor used in Eq. (8), see Table 24-3

Mg =  bending moment due to dead weight of member being prestressed and to any other permanent loads
in place at time of prestressing

Mg =  bending moment due to all superimposed permanent dead loads that are applied to the member after
it has been prestressed

Psi =  prestressing force in tendons at critical location on span after reduction for losses due to friction and
seating loss at anchorages but before reduction for ES, CR, SH, and RE

RE = stress loss due to relaxation of prestressing steel

RH = average relative humidity surrounding the concrete member (see Fig. 24-3)

SH = stress loss due to shrinkage of concrete

VIS = volume to surface ratio, usually taken as gross cross-sectional area of concrete member divided by
its perimeter

Figure 24-3 Annual Average Ambient Relative Humidity

18.7 FLEXURAL STRENGTH
The flexural strength of prestressed members can be calculated using the same assurnptions as for nonprestressed
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members. Prestressing steel, however, does not have a well defined yield point as does mild reinforcement. As
a prestressed cross-section reaches its flexural strength (defined by a maximum compressive concrete strain of
{1.003), stress in the prestressed reinforcement at nominal strength, fps, will vary depending on the amount of
prestressing. The value of f;; can be obtained using the conditions of equilibrium, stress-strain relations, and
strain compatibility (Design Exa.mple 24-4 illustrates the procedure). However, the analysis is quite cumber-
some, especially in the case of unbonded tendon. For bonded prestressing, the compatibility of strains can be
considered at an individual section, while for unbonded tendon, compatibility relations can be written only at the
anchorage points and will depend on the entire cable profile and member loading. To avoid such lengthy calcu-
lations, the code allows fp to be obtained by the approximate Eqs. (18-3), (18-4), and (18-5).

For members with bonded prestressing steel, an approximate value of fi,s given by Eq. (18-3) may be used for
flexural members reinforced with a combination of prestressed and nonprestressed reinforcement (partially pre-
stressed members), taking into account effects of any nonprestressed tension reinforcement (), any compres-
sion reinforcement ("}, the concrete compressive strength £, rectangular stress block factor By, and an appro-
priate factor for type of prestressing material used (ﬁ{ p). For a fully prestressed member {without nonprestressed
tension or compression reinforcement), Eq. (18-3) reduces to:

f
foo= f Pu
pS pu [ Bl pp f’ J

0.55 for deformed bars (fpy/f, 2 0.80)

where Yp

0.40 for stress-relieved wire and strands, and plain bars (fpy/fpu 0.85)

0.28 for low-relaxation wire and strands (fpy/fpu 2 0.90)

and [, as defined in 10.2.7.3,

IA

By = 0.85for f{ 4000 psi
= 0.80for f{ = 5000 psi
0.75for £ = 6000 psi

= 0.70for f; 7000 psi

= 0.65 for f; 8000 psi

v

Eqg. {18-3) can be written in nondimensional form as follows:

y
@, = O, [1 - ﬁmpu] (6)
At
where W, = DS P (7}
bdf;
AL
psipu
Opy = — 7
P Thd,f] ®)

The moment strength of a prestressed member with bonded tendons may be computed using Eq. (18-3) only
when all of the prestressed reinforcement is located in the tension zone. When part of the prestressed reinforce-
ment is located in the compression zone of a cross-section, Eq. (18-3), involving dp, is not valid. Flexural
strength for such a condition must be computed by a general analysis based on strain compatibility and equilib-
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rium, using the stress-strain properties of the prestressing steel and the assumptions given in 10.2,

For members with unbonded prestressing steel, an approximate value of f; given by Eqs. (18-4) and (18-5) may
be used. Eq. (18-3) applies o members with high span-to-depth ratios (> 35), such as post-tensioned one-way
slabs, flat plates and flat slabs.

With the value of f,s known, the nominal moment strength of a rectangular section, or a flanged section where
the stress block is within the compression flange, can be calculaied as follows:

a Apsfps
M, = Apsfps (dp - E) = Apsfps [dp - 0.59 —“-EE{““ (9)
. psfps
where a = the depth of the equivalent rectangular stress block = BRShE {10}
. C

or in nondimensional terms:
R, = O (1 - 0.59c0p) {11}

M

18.8 LIMITS FOR REINFORCEMENT OF FLEXURAL MEMBERS

Prestressed concrete sections are classifed as tension-controlled, transition, or compression-controlled based on
net tensile strain. These classifications are defined in 10.3.3 and 10.3.4, with appropriate ¢-factors in 9.3.2.
These requirements are the same as those for nonprestressed concrete.

Figure 24-3 shows the relationship between the coefficient of resistance $M,/(bd?) and the reinforcement ratio
pp for prestressed flexural members. Grade 270 ksi prestressing steel has a useful strength 4.5 times that of
Grade 60 reinforcement. Compare Fig. 24-4 to Fig. 7-3. Higher concrete strengths are normally used with pre-
stressed concrete, so Fig. 24-4 shows curves for f; from 5000 to 8000 psi; whereas, Fig. 7-3 shows curves for f;
from 3000 to 6000 psi. The curves for f; of 5000 and 6000 psi are almost identical in the two figures.

In both figures, the curves have a break point corresponding to a net tensile strain of 0.005. Beyond that point,
the reduction in ¢ in the transition region almost cancels the benefit of increased reinforcement index. For both
nonprestressed and prestressed concrete, the best design is to stay in the tension-controlled region, using com-
pression reinforcement, if necessary, to maintain the net tensile strain, £, at 0.005 or more.

As in previous ACI 318 codes, there is no absolute limit on the reinforcement index for prestressed members.
But it will always be advantageous to design the tension-controlled region at critical sections, as there is little or
no gain in design strength in the transition region.

Critical parameters at the tension-controlled limit may be tabulated. The effective prestress fg, will normally be
at least 0.6 fou. o1 162 ksi, if a jacking stress of 0.75 fplJ is used. This amounts to a 20 percent loss, The total steel
strain when £, =0.005 is equal to 162/28,500 + 0.005 = (.01068. Using the stress-strain curve shown in Fig. 24-
1, f55 =270-0.04/(0.01068-0.007) = 259 ksi. A section will be tension-controlled when d, is taken equal to d,,.
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Figure 24-4 Design Strength Curves (§R, vs. Pp) for Type 270k Low Relaxation Strand
Table 24-5 shows design parameters for prestressed sections at the tension-controlled strain limit, indicated by
the added subscript t. The rows for Ry, ¢ o, and @y, are identical to those in Table 6-1. The row for @y, shows
values slightly higher than @y, because ;,, is based on £, of 270 ksi; whereas, @, is based on f,¢ of 259 ksi.

The final row for p,; shows values much smaller than for p, in Table 6-1, because of the much higher strength of
the prestressing strand.

The following is a short-cut procedure for finding the flexural strength of sections in which the Grade 270 ksi low-
relaxation prestressing steel can reasonably be assumed to be in one layer with d, = d,, and with fg, > 162 ksi.

1. Assume section is at tension-controlled limit, and f,; = 259 ksi.

2. Compute steel tension T and equal compressive force C,

3. Find depth of stress block a and depth to neutral axis c.

4. Isc/dy£0.3752If so, proceed. If not, add compression steel to make c/dp < 0.375.

5. Compute provided design strength ¢M, = 0.9(T)}(d-a/2).
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Table 24-5 Design Parameters at Strain Limit of 0.005 for Tension-Controlled Sections

£, = 3000 12 = 4000 £ = 5000 £ = 6000 f,= 8000 | f:=10,000

By =0.85 B1=0.85 By =0.80 By =0.75 By =0.65 B =0.65
Rt 683 911 1084 1233 1455 1819
Ot 615 820 975 1109 1310 1637
Opt 0.2709 0.2709 0.2550 0.2391 0.2072 0.2072
Bput 0.2823 0.2823 0.2657 0.2491 0.2159 0.2159
Ppt 0.00314 0.00418 0.00492 0.00554 0.00640 0.00800

For g = 182 ksi in low-relaxation Grade 270 ksi strand

6. If provided ¢$M, = required, stop. Section is adequate. If not proceed.

7. 1If the deficiency in provided M, is more than 4 percent, steel must be added. If deficiency is less than 4
percent, strain compatibility may be used in an attempt to find a higher f,; in order to justify adequacy of the
section.

Section 18.8.2 requires the total amount of prestressed and nonprestressed reinforcement of flexural members to
be adequate to develop a design moment strength at least equal to 1.2 times the cracking moment strength
(M, = 1.2M_,), where M is computed by elastic theory using a medulus of rupture equal to 7.5f.. The
provisions of 18.8.2 are analogous to 10.5 for nonprestressed members. They are intended as a precaution
against abrupt flexural failure resulting from rupture of the prestressing tendons immediately after cracking.
The provision ensures that cracking will occur before flexural strength is reached, and by a large encugh margin
so that significant deflection will occur to warn that the ultimate capacity is being approached. The typical
bonded prestressed member will have a fairly large margin between cracking strength and flexural strength, but
the designer must be certain by checking it.

The cracking moment M, for a prestressed member is determined by summing all the moments that will cause
a stress in the bottom fiber equal to the modulus of rupture f;. Referring to Fig. 24-5 for an unshored prestressed
composite member taking compression as negative and tension as positive:

- & - E + ﬂ + & = +fl’
A.) s, Sp Se
Solving for M, = [f, + i—Sﬂ— + %ﬁj S. - My (S—C]

c b

Since Mgy = Mg + M,

M, = (fr+3&+5&3)sc-Md [S—Cl} (13)
Ac § Sy

For a prestressed member alone (without composite slab), S, = Sy,. Therefore, M reduces to

Mg = [fr + is—ej Sy + Pt {14)

C
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Examples 24.6 and 24.7 illustrate computation of the cracking moment strength of prestressed members.

Note that an exception in 18.8.2 waives the 1.2M; requirement for {a} two-way, unbonded post-tensioned slabs,
and (b} flexural members with shear and flexural strength at least twice that required by 9-2.

[\

For flexural strength: ~ ¢M, = 2M, 2{1.2Mg+ 1.6Myp)

v

For shear strength: oV, = 2V, 2(12Va+ 1.6Vy)

The 1.2M,; provision often requires excessive reinforcement for certain prestressed flexural members especially
for short span hollow-core members. The exception is intended to limit the amount of additional reinforcement
required to amounts that provide for ductility, and is comparable in concept to those for nonprestressed members
in 10.5.3.

Introduced in the 1999 edition of the code, the waiver of the 1.2M,; provision for two-way, unbonded post-
tensioned slabs brings the code in line with current practices which have been shown to be technically sound and

safe (Ref. 24.5).

Section 18.8.3 prescribes a qualitative requirement stating that some bonded reinforcement or tendons must be
placed as close to the tension face as is practicable.

Cast-in-place Slab

LTI - A=

Precast \E
— |
Member CG Precast
» T Member
A
e A
¥ . |
— L —_ . Y

-]

> 3

PseAc  Pgere/Sp Ma/Sp Ma/ S¢
Aps = area of prestressed reinforcement in tensile zone
A, = area of precast member
S, = section modulus for bottom of precast member
S, = section modulus for bottorn of composite member
Py, = effective prestress force
e = eccentricity of prestress force
My = dead load moment of composite member
M, = additional moment to cause a stress in bottom fiber equal to modulus of rupture f,

Figure 24-5 Stress Conditions for Evaluating Cracking Moment Strength

18.9 MINIMUM BONDED REINFORCEMENT

A minimum amount of bonded reinforcement is desirable in members with unbonded tendons. Reference to
R18.9 is suggested.
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For all flexural members with unbonded prestressing tendons, except iwo-way solid slabs, a minimum area of
bonded reinforcement computed by Eq. (18-6) must be uniformiy distributed over the precompressed tensile
zone as close as practicable to the extreme tension fiber. Figure 26-6 illustrates application of Eq. (18-6).

A

| |
Y77 :
I |

74 |

 co 7 77ZB
%

N

A =0.004A
Figure 24-6 Bonded Reinforcement for Flexural Members

For solid slabs, the special provisions of 18.9.3 apply. Depending on the tensile stress in the concrete at service
loads, the requirements for positive moment areas of solid slabs are illustrated in Fig. 24-7(a). Formerly, 18.9.3
applied only to flat plates. Starting with ACI 318-02, it also applies to two-way flat slab systems with drop

panels.

The requirement for minimum area of bonded reinforcement in two-way flat plates at column supports was
revised in the 1999 code edition to reflect the intent of the original research recommendations (Ref. 24.5). This
revision increases the minimum reinforcement requirement over interior columns for rectangular panels in one
direction, and, for square panels, doubles the minimum reinforcement requirement over exterior columns nor-
mal to the slab edge. Figure 24-7(b) illustrates the minimum bonded reinforcement requirements for the nega-
tive moment areas at column supports. The bonded reinforcement must be located within the width ¢, + 2 (1.5h)
as shown, with a minimum of four bars spaced at not more than 12 in. Similarly, minirnum bonded reinforce-
ment should be provided parallel to slab edge.

r
span length

2
/&i )/’%\ /(l to right}

f>2 fg,As=0N5°f :
Yy

f <2./f. , As not required N, tor /
{span length
T to lefl) Ag = 0.00075A

¢
(span length)

A = larger of [%h] and [% h)

(a) Positive Moment Areas (b) Negative Moment Areas

Figure 24-7 Bonded Reinforcement for Flat Plates
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18.10.4 Redistribution of Negative Moments in Continuous Prestressed Flexural
Members

The special provisions for moment redistribution in 8.4, apply equally to prestressed and nonprestressed con-
tinuous flexural members. See Part 8 for details.

18.11 COMPRESSION MEMBERS — COMBINED FLEXURE AND AXIAL LOADS

Provisions of the code for calculating the strength of prestressed members are the same as for members without
prestressing. Additional considerations include (1) accounting for prestressing strains, and (2) using an appro-
priate stress-strain relation for the prestressing tendons. Exarmple 24.7 illustrates the calculation procedure.

For compression members with an average concrete stress due to prestressing of less than 225 psi, minimum
nonprestressed reinforcement must be provided (18.11.2.1). For compression members with an average
concrete stress due to prestressing equal to or greater than 225 psi, 18.11.2.2 requires that all prestressing
tendons be enclosed by spirals or lateral ties, except for walls.
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Example 24.1—-Estimating Prestress Losses

For the simply supported double-tee shown below, estimate loss of prestress using the procedures of Ref. 24.4,
as outlined earlier under “Computation of Losses.” Assume the unit is manufactured in Green Bay, WL

live load = 40 psf
roof load = 20 psf

dead load = 47 psf = 468 pIf | 10-0° |
sifan—48ft . 53/4*1 ’« |%
f5; = 3500 psi C - 1=
L = 5000 psi
8 - 0.5 in. diameter low-relaxation strands 24"
Aps = 8(0.153 in?) = 1.224in.2
e = 9.77 in. (all strands straight) 50"
fpu = 270,000 psi
foy = 0.90f,,
jacking stress = 0.74fy, = 200 ksi
Assume the following for loss computations: Section Properties
Es = 3590 ksi Ac = 449in2
E. = 4290 ksi I, = 22,469 in*
E; = 28,500 ksi vp = 17.77 in.
y; = 6.231n.
VIS = 1.35in.
Code
Calculations and Discussion Reference

1. Elastic Shortening of Concrete (ES); using Eq. (1)

fei 0.725 :
ES = KesEg —SL = 1.0(28,500) 2222 = 58 ksi
S Ey 3590

where
Kes = 1.0 for pretensioned members

feir = Kcirfcpi - fg

2
= KCil' .l:h.}.Ppl_e _@
AC IC IC

2
~ 0o [245 L 245x977 ] 1617 X 977 _ e

449 22,469 22.469

K. = 0.9 for pretensioned members
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Code

Example 24.1 {(cont’d) Calculations and Discussion Reference

Ppi = 0.74fp,Aps = 0.74 (270) (1.224) = 245 kips

Mg = 0.468 x 482 x % = 1617 in.-kips {dead load of unit)

Creep of Concrete (CR); using Eq. (3)

E 28,500 ;
CR = Kg =% (fip - foge) = 2.0 x =2 0.725-0.30) = 5.6 ksi
cr Ec (c1r cds 4290 (
where fog = Mys < = 691 X —/1— = 0.30 ksi
I, 22,469
12 s e

Mgs = 0.02 x 10 x 482 x 5 - 691 in.-kips (roof load only)

and K¢ = 2.0 for pretensioned members.

Shrinkage of Concrete (SH); using Eq. (4)

SH = 82 x 106 K4FE; (1 -0.06 %) (100 - RH)

= 8.2 x 106 x 1.0 x 28,500 (1 - 0.06 x 1.35) (100 - 75) = 5.4 ksi
RH = average relative humidity surrounding the concrete member from Fig. 24-3. For
Green Bay, Wisconsin, RH =75%

and K¢, = 1.0 for pretensioned members.

Relaxation of Tendon Stress (RE); using Eq. (5)

RE = [K,.-J(SH + CR +ES)] C

= [5-0.04 (54+56+58)1095 = 4.1 ksi

where, for 270 Grade low-relaxation strand:

K:e = 5 ksi (Table 24-3)

J = 0.040 (Tabie 24-3)

£
C = 0.95 (Table 24-4 for 2= = 0.74)
fou
Total allowance for loss of prestress
ES+CR+SH+RE = 58+56+54+4.1 = 209ksi 18.6.1



Code
Example 24.1 (cont’d) Calculations and Discussion Reference

6. Stress, fp, and force, Pp, immediately after transfer.

Assume that one-fourth of relaxation loss occurs prior to release.
f, = 0.74fp, - (ES + 1/4 RE)

0.74 (270) - [5.8 + 1/4 (4.1)] = 193.0ksi
P = fpAps = 193.0 x 1224 = 236 kips

Effective prestress stress fg, and effective prestress force P, after all losses
fse = 0.74fpy - allowance for all prestress losses
= 0.74 (270)-20.9 = 179 ksi

P = foeAps = 179 x 1.224 = 219 kips
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Example 24.2—Investigation of Stresses at Prestress Transfer and at Service Load

For the simply supported double-tee considered in Example 24.1, check all permissible concrete stresses imme-
diately after prestress transfer and at service foad assuming the unit is used for roof framing, Use losses com-
puted in Example 24.1.

live load = 40 psf

roof load = 20 psf '
dead load = 47 psf = 468 pif

span = 48 ft L
f = 3500 psi

fi = 5000 psi

8 - 0.5 in. diameter low-relaxation strands

Aps = 8(0.153in.%) = 1.224in.2

e = 9.77 in. (all strands straight)

fou = 270,000 psi

fpy = 0.90fpy

jacking stress = 0.74f,, = 200 ksi

stress after transfer = 193 ksi

force after transfer = Pp = 1.224 x 193 = 236 kips

5| - On

Section Properties

A, = 449in2
L. = 22,469 in.?
¥y = 17.77 in.
y; = 6.23 in.
Vi8S = 135in.
Code
Calculations and Discussion Reference
1. Calculate permissible stresses in concrete. 18.4
At prestress transfer (before time-dependent losses): 18.4.1

Compression: 0.60f; = 0.60(3500) = 2100 psi

Tension: 6./f5 = 355 psi (at ends of simply supported members; otherwise 3,/f5 )

At service load (after allowance for all prestress losses): 1842

Compression: 0.45f, = 2250 psi - Due to sustained loads
Compression: 0.60f; = 3000 psi - Dwue to total loads

Tension: 12./f{ = 849 psi 18.3.3(b)

2. Calculate service load moments at midspan:
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Code
Example 24.2 (cont’d) Calculations and Discussion Reference
2 4 2
My = “’dS Z .0 688X B 1348 fi-kips (beam dead load)
wasl° | 0.02 x 10 x 482
Mg = dg = o = 57.6 ft-kips (roof dead load)
Mg = Mg+ Mg = 134.8 +57.6 = 192.4 fi-kips (sustained load)
2 2

M, = W"; - 004 x 180 X 48 115.2 fikips (live load)

Miot = Mg+ Mg+ M, = 1348 + 57.6 + 115.2 = 307.6 ft-kips (total load)
3. Calculate service load moments at transfer point

Assume transfer point located at 50d, = 25 in. from end of beam. Assume distance from 11.4.3

end of beam to center of support is 4 in. Therefore, x =25-4=211in. = 1.75 ft.

WaX 0.468 x 1.75

Mg = £-x) = —-2— (48 - 1.75) = 18.9 ft-kips (beam dead load)

)
Additional moment calculations at this location are unnecessary because conditions

immediately after release govern at this location.

4. Calculate extreme fiber stresses by “linear elastic theory” which leads to the following
well known formulas:

Pey, + My,
I I

P
fi = —-
T A
g = B Pern My

A I I
where, from Example 24.1

p

i

P, = 236 kips (immediately after transfer)

P

P. = 219 kips (at service load)
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Code

Example 24.2 {cont’d) Calculations and Discussion Reference
Table 24-4 Stresses in Concrete immediately after Frestress Transfer (psi)
At Assumed Transfer Point At Mid Span
Top Bottom Top Bottom
Pp/A +526 +526 +526 +526
Ppey/| -639 +1824 -639 +1824
Mgy +63 -180 +448 -1279
Total -50 (O.K.) +2170 (say O.K.) +335 (O.K)) +1071 (C.K.)
Permissible -355 +2100 +2100 +2100
Compression (+)
Tension (-)
Table 24-5 Stresses in Concrele at Service .oads (psi)
At Midspan — Sustained Loads At Midspan — Total Loads
Top Bottom Top Bottom
PelA +488 +488 +488 +488
Peey/l -594 +1695 -594 +1695
My/1 +6840 -1826 +1023 -2619
Total +534 {O.K) +357 (O.K.) +917 (O.K) -736 (O.K.)
Permissible +2250 +2250 +3000 -849

Compression (+)
Tension (-)
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Example 24.3—Flexural Strength of Prestressed Member Using Approximate Value

for fps

Calculate the nominal moment strength of the prestressed
member shown.

f% = 5000 psi

fou = 270,000 psi (low-relaxation strands; f,y = 0.90f,,)

T
O_

(e -1 strand ( Grade 270)

Code
Calculations and Discussion Reference
1. Calculate stress in prestressed reinforcement at nominal strength using approximate value
for f,s. For a fully prestressed member, Eq. (18-3) reduces to:
fps = fou (1 il Pp &EJ Eq. (18-3)
ﬁl fc
0.28 270
= 1 - — x 000348 x — | = i
270 ( 0.80 5 J 252 ksi
where
fPY :
Tp = 0.28 for == = 0.90 for low-relaxation strand
pu
10.2.7.3

B1 = 0.80for f = 5000 psi

Aps _ 6x0.153

= = = 0.00348
bd,  12x22




Code
Example 24.3 (cont’d) Calculations and Discussion Reference

2. Calculate nominal moment strength from Egs. (9) and (10) of Part 24

Compute the depth of the compression block:

A f .
a= o OIBXDT i Eq(10)
0.85bf; 085 x12x5

a

= Apsfps (dp - 5) Eg. (9)

=
|

M, = 0918 x 252 (22 - 42&] = 4565 in-kips = 380 ft-kips

3. Check to see if tension controlled 10.3.4

- _ (454,
c/dp = (a/B1)/dp (0'80]/ 2
c/dp =0.258 < 0.375 R9.3.2.2

Tension controlled ¢ = 0.9
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Example 24.4—Flexural Strength of Prestressed Member Based on Strain
Compatibility

The rectangular beam section shown below is reinforced with a combination of prestressed and nonprestressed
strands. Calculate the nominal moment strength using the strain compatibility (moment-curvature) method.

£/ = 5000 psi

fou = 270,000 psi (low-relaxation strand; fy = 0.9fp)

Eps = 28,500 ksi

jacking stress = 0.74f,,

losses = 31.7 ksi {calculated by method of Ref. 24.4. See 18.6 -— Loss of Prestress for procedure.)

Code
Calculations and Discussion Reference
1. Calculate effective strain in prestressing steel.
g = (0.74fp, - losses)/Eps = (0.74 x 270 -3 1.7)/28,500 = 0.0059
2. Draw strain diagram at nominal moment strength, defined by the maximum concrete 18.3.1
compressive strain of 0.003 and an assumed distance to the neutral axis, ¢. For f, =
5000, By = 0.80.
0.003 851
& a )
A EN=h
c \\\ C a=.80c
8-1/2"¢ 1-8° ‘ . _l_
2-0"
Prest, Mn
Nonprest.
(Q 0.0059 |
. o o —|Ti=Asfy =
N S ——|Tz=Axfz
12 } o f2
Strains Stresses

3. Obtain equilibrium of horizontal forces.

The “strain line” drawn above from point 0 must be located to obtain equilibrium of
horizontal forces:

C=T+T;

To compute T and Ty, strains €, and &, are used with the stress-strain relation for the
strand to determine the corresponding stresses f} and f;. Equilibrium is obtained using
the following iterative procedure:
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Code

Example 24.4 (cont’d) Caiculations and Discussion Reference

a.  assume ¢ {Iocation of neutral axis)

b. compute g; and &,

¢.  obtain f] and f5 from the equations at the bottom of Fig. 24-1.
d. compute a= ¢

e. compute C=0.85f ab

f.  compute T} and T

g. check equilibrium using C=T; + T

h. if C < Ty + Ty, increase ¢, or vice versa and return to step b of this procedure,
Repeat until satisfactory convergence is achieved.

Estimate a neutral axis location for first trial. Estimate stressed strand at 260 ksi, unstressed
strand at 200 ksi.

T = ZApsfs = 0.306 (200) + 0.612 (260) = 220 kips = C
a=C/(0.85 fcb) =220/(0.85 X 5 X 12) =4.32 in.
¢ =a/f; =4.32/0.80 = 5.4 in. Use ¢ = 5.4 in. for first try

The following table summarizes the iterations required to solve this problem:

Trial c €4 €o 14 1o a C T4 To Ti+ T2
No. in. ksi ksi in. kips kips kips kips
1 54 0.0081 0.0151 231 265 4.32 220 sl 162 233
20K 58 0.0077 | 0.0147 220 265 448 228.5 67 162 229

4. Calculate nominal moment strength.

Using C = 228.5 kips, Ty = 67 kips and Ty = 162 kips, the nominal moment strength can
be caiculated as follows by taking moments about Ts:

M, = {[(dz-8a/2) x C] - [{d2—dy) x T{]}/12

= {[(22 - (4.48/2) X 228.5] - [(22 - 20) x 67]1}/12 = 365 ft-kips
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Example 24.5—Tension-Controlled Limit for Prestressed Flexural Member

For the double tee section shown below, check limits for the prestressed reinfercement provided.

£2 = 5000 psi l 70 —
22 - 0.5 in. diameter low-relaxation strands {— 7 3/4””1 [ ‘ 2"
Aps = 22(0.153 in.2) = 3.366in.2 1 ﬁ
fpu = 270,000 psi
foy = 0.90fp, : 32"
| las
I
.
— 4 3/4"
Code
Calculations and Discussion Reference

Example No. 24.5.1
1. Calculate stress in prestressed reinforcement at nominal strength using Egs. (6) and (8).

_ Apsfan 3366 x 270

= = = 0.079

T Pdf;, | 84x275x5

fos = fou (1 - %P- mpu] = 270 (1 - 00'—%:- x 0.079) =263 ksi Eq. (18-3)
l .

where

Yp = 0.28 for low-relaxation strands

By = 0.80for £ = 5000 psi 10.2.7.3
2. Calculate required depth of concrete stress block.

_ Apfps 3366 x 263
0.85bf; 0.85 x84 x5

= 248in. > hy = 2in.

3. Calculate area of compression zone.

Apsfps _ 3.366x263 _ )
085E ~ 0.85x5 - 2083in:

A, =

4. Find depth a of stress block, and c. e

= = in.2
A=2 X84 775 17 49 3 168 in. u \J__]

208.41in.2 compression zone 749"

a=4.65in.
c=a/P;=4.65/0.8=5811in
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Code

Example 24.5 (cont’d) Calculations and Discussion Reference
5. Check to see if tension-controlled 10.3.4
¢/dy=5.81/30.0=0.19 < 0.375 R9.322

(By definition,dimension "d," should be measured to the bottom strand)

Section is tension-controlled

Note: In Step 1, Eq. 18-3 was used to find fos- But, with the stress block in the web, the value
of wp, vsed in Eq. (18-5) was not correct, although the error is small in this case. A strain
compatibility analysis gives ¢ = 6.01 in. and fps = 266 ksi.

Example No. 24 5.2

Check the limits of reinforcement using a 3 in. thick flange on the member in Example 24.5.1.
The overall depth remains 32 in.

L. f5s = 263 ksi No change from Example 24.5.1

2. a = 2.48 No change from Example 24.5.1, Step 2
< hy = 3in,

Since the stress biock is entirely within the flange, the section acts effectively as a
rectangular section.

3. Check c/dp ratio
c=a/f; =2.48/0.8=3.10in.
c/dy = 3.10/30.0 = 0.10 < 0.375 R9.3.22

Section is tension controlled.
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Example 24.6—Cracking Moment Strength and Minimum Reinforcement Limit for
Non-composite Prestressed Member o

For the non-composite prestressed member of Example 24.3, calculate the cracking moment strength and com-
pare it with the design moment strength to check the minimum reinforcement limit.

i 12 i
i i
£, = 5000 psi
fpu = 270,000 psi
jacking stress = 0.70fyy, I-10"
Assume 20% losses cG.

Ce-‘;" Strand (Grade 270)

Code
Calculations and Discussion Reference
1. Calculate cracking moment strength using Eq. (14) developed in Part 24.
pSC
Mg = [ £+ =55y + (Pe X €) Eq. (14)
AC
fi = 7.5\f, = 530 psi Eq. (9-10)

Assuming 20% losses:

Pee = 0.8 x [6 x 1153 % (0.7 x 270)] = 139 kips
bh® _ 12 % 247
6 6
A. = bh = 12 x 24 = 288in2

Sy = = 1152 in.3

e =12-2 = 10in.
139 - ,
Mq = | 0.530 + 538 1152 + (139 x 10) = 2557 in.-kips = 213 ft-kips

Note that cracking moment strength needs to be determined for checking minimum rein-
forcement per 18.8.3.

2. Section 18.8.3 requires that the total reinforcement (prestressed and nonprestressed) must
be adequate to develop a design moment strength at least equal to 1.2 times the cracking
moment strength. From Example 24.3, M;, = 380 ft-kips.
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Example 24.6 (cont’'d)

Calculations and Discussion

Code
Reference

oM, = 1.2M.
0.9 (380) > 1.2 (213)

342 > 256 O.K.

24-31
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Example 24.7—Cracking Moment Strength and Minimum Reinforcement Limit for
Composite Prestressed Member -

For the 6 in. precast solid flat slab with 2 in. composite topping, calculate the cracking moment strength. The
slab is supported on bearing walls with 15 ft span.

T/ 777777777 77 7 7 AL L)

-E;L—:L ’p L] - * T ‘Lo

A

ps=0.12inZ /1t

Section properties per foot of width:

A; = 72in.2 (precast slab) f7, = 5000 psi (all-lightweight concrete, w, = 125 pcf)
Sy = 72in.3 (precast slab) fou = 250,000 psi (stress-relieved strand)
Se = 132.71in.3 {composite section) jacking stress = 0.70fp,

Assume 25% losses

Code
Calculations and Discussion Reference
1. Calculate cracking moment strength using Eq. (13) developed for unshored composite 18.8.3
members. All calculations are based on one foot width of slab.
M = | £ + By BeClg 3 (13)
A, Sb S
fp = 0.75 (7.5\#5000) = 398 psi reduced for all-lightweight concrete 9523

Assuming 25% losses:
Pee = 0.75(0.12 x 0.7 x 250) = 15.75 kips
e=3-15=15in

wgq = (6+2)/12 X 125 = 83 psf = 0.083 ksf (weight of precast slab + composite topping)

2 2

M =[ 0308 + 275, 15375 x 13 132.7]—[28.0 —132'7—1]
72 72 72

= 125.4-23.6 = 101.8 in.-kips
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Example 24.7 (cont’d) Calculations and Discussion Reference

2. Calculate design moment strength and compare with cracking moment strength. Al
calculattons based on one foot width of slab.

Aps = 0.12in2, dp = 80-1.5 = 6.5in.

A
pp = B = 012 g5
bdp 12 x 6.5

With no additional tension or compression reinforcement, Eq. (18-3) reduces to:

Yp  fhu ( 0.4 250) .
fos = fpu |1 - —2pp 251 = 2501 - == x 0.00154 x == | = 2404%s
ps p”( R 08 5 '

C

_ Apsfps 0.12 x 240.4

a= = = 0.571in.
0.85(b  0.85 x 5 x 12

Mp = Apgfps (dp - a/2) = 0.12 x 240.4 (6.5 - 0.57/2) = 179.3 in.-kips
¢ My

0.9(179.3)

161.4 in.-kips

oMy

[\"

1.2 (Mcp) 18.8.3

1614 > 1.2 (101.8) = 1222 QK.
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Example 24.8—Prestressed Compression Member

For the short column shown, calculate the nominal strength M, for a nominal axial load Py =30 kips.

Calculate design strength. l2® -]‘
fo = 5000 psi
fou = 270,000 psi (low-relaxation strand) .
jacking stress = 0.70fp, 12
Assume 10% losses N
/
“2E (o) 4-ZL"Strand {Grade 270)
Code
Calculations and Discussion Reference
Eq. 18-3 should not be used when prestressing steel is in the compression zone. The same
“strain compatibility” procedure used for flexure must be used here. The only difference is that
for columns the load P, must be included in the equilibrium of axial forces.
1. Calculate effective prestress.
fee = 0.9 X 0.7fpy = 0.9 x 0.7 x 270 = 170 ksi
Py = Apsfse = 4 x 0.115 x 170 = 78.2 kips
2. Calculate average prestress on column section.
fo = 2= = B2 _ psakg
Ay 12
Minimum reinforcement as per 10.9.1 not required because fyc = 0.54 ksi > 0.225 ksi. 18.11.2.1

Since fyc = 0.54 ksi > 0.225 ksi, lateral ties satisfying the requirements of 18.11.2.2 must
enclose all prestressing tendons.

3. Calculate effective strain in prestressing steel.

170
28,500

e = e oo = 0.0060
EP

4. Draw strain diagram at nominal moment strength, defined by the maximum concrete com-
pressive strain of 0.003 and an assumed distance to the neutral axis, ¢. For f{ = 5000 psi,

B = 0.80.
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Code

Example 24.8 (cont’d) Calculations and Discussion Reference
0 .003 851

€ i\\ 1 g i f '
I.-_l_\i'i‘\\“ T Trals 2 e t13 as80 cxha.85 e
; N :‘H‘ Cel] YT Ti= Apst f|
| N ~ "
f N M, TosApsz fp
: N
%,_-(3()6_0_, \ .}_
j \\ ~ Pﬁ
. N T2
L Ez ‘-‘_Et_:l\\A

Strains Stresses

5. Obtain equilibrium of axial forces. The strain line OA drawn above, must be such that
equilibrivm of axial forces exists.

C = T1+T2+Pn

This can be done by trial-and-error as outlined in Example 24.4. Assuming different
values of c, the following trial table is obtained:

Trial c f* fo" a C T4 T» Ti+To+

No. in. £4 € ksi ksi in. kips kips kips P, kips
1 3.0 | 0.0055 | 0.0125 | 157 263 240 | 1224 36.1 60.4 126.5
2 3.2 | 0.0053 | Q.0119 | 152 261 256 | 1306 35.0 60.2 135.2
30K | 31 [ 00054 | 0.0122 | 154 262 248 | 1265 35.5 60.3 125.8

*From equation in Fig. 24-1.

6. Calculate nominal moment strength.

Using C = 126.5 kips (from the sum of the other forces), P, =30 kips, T = 35.5 kips, and Ty
= 60.3 kips, the moment strength can be calculated as follows by taking moments about Py,
located at the centroid of the section:

M, = {{(2-a/2) x C]-[(h/2~2.5) x 1]+ [(h/2 - 2.5) x To]}/12
= [(4.76 x 126.5) - (3.5 x 35.5) + (3.5 x 60.3})/12 = 57.4 ft-kips
7. Calculate design strength
£ = £, —0.0060 = 0.0122 — 0.0060 = 0.0062 > 0.005
Section is tension-controlled ¢ =09 10.3.4
oP, =0.9 X 30 =27 kips 9.3.2.1
¢M;, =0.9 X 57.4 =517 ft-kips
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Example 24.9—Cracked Section Design When Tension Exceeds 12 f:

Do the serviceability analysis for the beam shown.

f¢ = 6000 psi

depth dy =26 in.
effective prestress fy, = 150 ksi

12"

where E,=57,0004/f; = 57,0004/6000 = 4415 ksi
The transformed steel area A, 1s:

Ar=nAp =0455 X 1.836=11.851n.2

24-36

decompression stress f. = 162 ksi - =
span =40 fi Midspan g
w moments ™
k/ft in.-k o«
Seif-wsight 0.413 992
Additional dead load 1.000 2400 \ 12 —1/2"
T Strands
Live load 1.250 3000
Sum 2.663 6392
Code
Calculations and Discussion Reference
Check tension at service loads, based on gross section.
P=Auf = 1.836 X 150 = 275.4 kip
P/A =275.4/384 = 0717 ksi
Pe/S = 275.4 X 10/2048 1.345
S = bh?/6 = 12(32)2/6 =2.048 in.3
IM/S = 6392/2048 -3.121
— 1.059 ksi tension
124/f2 = 124Jf; = 930 psi = 0.930 ksi
Tension exceeds 12+/f: . Design as a Class C member 18.3.3(c}
A cracked section stress analysis is required 18.3.4
Cracked transformed section properties, similar to those used for working stress analysis
of ordinary (nonprestressed) reinforced concrete will be used. The area of steel elements
is replaced by a “transformed” area of concrete equal to n times the actual steel area,
where n is the ratio of the modulus of elasticity of steel to that of concrete.
The modular ratio n = Eo/E. = 28,500/4415 = 6.455
8.5.1



Code

Example 24.9 (cont’d) Calculations and Discussion Reference

The force Py, at decompression (when the stress in the concrete at the same level as the
prestressing steel 1s zero) is:

Pyc = Apsfac = 1.836 X 162 = 297.4 kips

The stress analysis of a cracked section with axial load (from the prestress) requires, at
best, the solution of a cubic equation. A more general approach is to find a neutral axis
location that satisfies horizontal force equilibrium and produces the given bending
moment. Reference 24.2 gives one way to accomplish this. It is too lengthy to be pre-
sented in detail here.

The results give a neutral axis depth ¢ of 17.26 in., with a concrete stress f, of 3.048 ksi and
a transformed steel stress Af/n of 1.545 ksi. The actual Afy; is 1.545 X 6.455 = 9.97 ksi.

] 12¢ i,

B I
o)) = H 'S C
«© [{=]
ol [aY]
Co— T = ¥
S N
Q i &
© ' | /
| ] /
| | _ J/
——I;] A= 11.85in2 4 T

-

I
e —

The transformed section properties are
A=219in2
I1=28524in4
¥ =9.57 in.

Equilibrium may be checked manually,

C=1f.bc/2=3.048 (12)(17.26)/2 315.7k
C acts at top kern of compression zone

= d./3 for rectangular area
17.26/3=5.75in.

T = Pye + By (Apg) = 297.4 +9.97 (1.836) 315.7k = C Check

i

M=CorT X lever arm

=315.7 X 20.25 6392 in.-kips Check
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Code
Example 24.9 {cont’d) Calculations and Discussion Reference

6. Check limits on Af
Afy is less than code limit of 36 ksi~ O.K. 18.4.3.3

Af s is Jess than 20 ksi, so the spacing requirements of 18.4.4.1 and 18.4.4.2 need
not be applied. 18.4.3.3

7. Check deflection

Live load deflection calculations based on a cracked section analysis are required 9.54.2
for Class C members.

Use the “bilinear moment-deflection relationship,” as described in Ref, 24.1 8542
8. Find cracking moment M, using Py,

P/A + Pe/S + My/S = f,

madulus of rupture f; = 7.5 =7.54/6000 = 581 psi 9523
2977384 + 297 X 10/2048 + 0.581 = M/2048
M, = 5750 in.-kips
M, 23392
2358 =live load moment applied to gross section

balance of M, 642 = live load moment applied to cracked section

9. Compute deflections before and after cracking

_5 235812 5 e42l?

L =% " El, 48 Elor
_5 2358 x 4807 5 642 x 480
T 48 4415 x 32768 48 4415 x 8524

AL =0.39 + 0.41 = 0.80 in.

Apis < (L/360 = 480/365 = 1.33 in.) O.K. 9.5.2.6
Table 9.5(b)

The live load deflection is shown graphically below.
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Example 24.9 (cont’d)

Calculations and Discussion

Code
Reference

3000
AN
_estt
Xc‘ -
@
2
-
£ 2000 4
=3
@ ®
=
o 3
< 1000 1 P
@ ~
=
—1
T T T
0.25 0.50 0.75 1.00

Live Load Deflection, in.
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25

Prestressed Concrete Shear

UPDATE FOR THE 05 CODE

New Section 11.4.1 was added to clarify that the distance from extreme compression fiber to centroid of pre-
stressed and nonprestressed longitudinal tension reinforcement need not be taken less than 80 percent of the
overall height of member. Commentary was added in R11.5.6.1 to flag that results of tests on pretensioned
concrete hollow core units with overall height greater than 12.5 in. have shown that web shear cracking strengths
in end regions can be less than strength V., computed by Eq. (11-12).

GENERAL CONSIDERATIONS

The basic equations for shear design of prestressed concrete, Egs. (11-10), (11-11), and (11-12), were introduced
in the 1963 code. Although well founded on test results, they have been found difficult to apply in practice. A
simplified Eq. (11-9) was introduced in the 1971 code.

In order to understand Egs. (11-10) and (11-12), it is best to review the principles on which ACI shear design is
based. These principles are empirical, based on a large number of tests.

*  The shear resisted by concrete and the shear resisted by stirrups are additive.

* The shear resisted by the concrete after shear cracks form is at least equal to the shear existing in the
concrete at the location of the shear crack at the time the shear crack forms.

How does one compute the shear resisted by the concrete at the time a shear crack forms? There are two
possibilities,

1. Webshear. Adiagonal shear crack originates in the web, near the neutral axis, caused by principal tension in
the web.

2, Flexure-shear. A crack starts as a flexural crack on the tension face of a flexural member. It then extends up
into the web, and develops into a diagonal shear crack. This can happen at a much lower principal tensile
stress than that causing a web shear crack, because of the tensile stress concentration at the tip of the crack.

Web Shear

The apparent tensile strength of concrete in direct tension is about 4@ . When the principal tension at the
center of gravity of the cross section reaches 4\/{ , a web shear crack will occur, Section 11.4.3.2 states ...V,
shall be computed as the shear. .. that results in a principal tensile stress of 4‘/%&—. L7

The compression from the prestress helps to reduce the principal tension, The computation of principal tension
due to combined shear and compression ¢an be somewhat tedicus. The code gives a simplified procedure.

Vew = (35t + 0360y dy +V, Eq. (11-12)



The term V, in Eq. (11-12} is the vertical component of the tension in the prestressing tendons. This is additive
for web shear strength (but not for flexure-shear strength).

A comparisen to test results is shown below.
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" ?I- doyp o .
o L o? —_
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Figure 25-1 Diagonal Cracking in Regions not Previously Cracked

The compression from prestressing increases the shear strength by 30 percent of the P/A level, f., of compres-
sion.

For nonprestressed beams, the principal tension at the center of gravity of the section is equal to the shear. Why

does Eq. (11-3) for shear in nonprestressed members permit only QJE shear resisted by the concrete? Because

shear strength is reduced by flexural cracking. In nonprestressed beams, shear is almost always influenced by
flexural tension. But, prestressing reduces the flexural cracking.

Flexure-Shear in Prestressed Concrete

In prestressed beams, flexural cracking is delayed by the prestress — usually until loaded beyond service load. It
is worthwhile to account for the beneficial effects of prestressing.

In the 1950s, it was thought that draping strands would increase shear strength, by the vertical component Vj, of
the prestressing force. Tests showed just the opposite. Why? Because draping the strands reduces the flexural
cracking strength in the shear span.

The tests were done with concentrated loads; whereas, the dead load of the beam was a uniform load. For this
reason, when the shear design method was developed from the test results, the dead load and test load shears

were treated separately.

Flexure-Shear

Equation (11-10) is the equation for shear resistance provided by the concrete, as governed by flexural cracks
that develop into shear cracks. The shear strength of the concrete at a given cross section is taken equal to the
shear at the section at the time a flexural crack occurs, plus a small increment of shear which transforms the
flexural crack into an inclined crack. Equation (10-10) may be expressed in words as follows.
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Vi = shear existing at the time of flexural cracking plus an added increment to convert it into a shear crack.

The added increment is 0.6byd, E .

The shear existing at the time of flexural cracking is the dead load shear V4 plus the added shear V; M. o/ M.
What is the origin of the term VM o/ Mpa,?

The term V; is the factored ultimate shear at the section, less the dead load shear.

The term M, is the added moment (over and above stresses due to prestress and dead load) causing 6@
tension in the extreme fiber.

The added moment M, is calculated by finding the bottom fiber stress fy. due to prestress, subtracting the
bottom fiber stress fy due to dead loads, adding 6yfz tension, and multiptying the result by the section modulus
for the section resisting live loads. This is Eq. {(11-11) of the code.

Mer = (/¥ M6{E + fpe — fa) Eq. (11-11)
Note: In the above discussion, “bottomn” means “tension side” for continuous members.
The term M, is the factored ultimate moment of the section, less the dead load moment.

To better understand the meaning of these terms and their use in Eq. (11-10), refer to Fig. 25-2.

/- Factored load

g Cracking load
- moment at
/E‘ """ section at x
B
= | Dead load
=
=
Moment Midspan
Factored The added shear at the time
load of flexural cracking is in the
same proportion as the ratio
Shear at time of Mere/Mmax. Thus,
of flexural ]’ this added shear is V; (4 ore )
cracking at x max
=
&
=

Shear
Figure 25-2 Origin of (V; Mo/ Mimay) Term in Eq. (11-10)

The quantity ViM o/ M.y is the shear due to an added load {(over and above the dead load) which causes the
tensile stress in the extreme fiber to reach GJE . The added load is applied to the composite section (if compos-
ite).

After a flexural crack forms, a small amount of additional shear is needed to transforin the crack into a shear
crack. This is determined empirically, as shown in Fig, 25-3.
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Figure 25-3 Diagonal Cracking in those Regions of Beams Previously Cracked in Flexure

The intercept at 0.6 produces the first term in Eq. (11-10), 0.6by 4, aﬁ': .

Note: The quantity “~d,/2” shown in the expressions of Fig. 25-3 was later dropped, as a conservative simplication.
The notation used in Eqgs. (11-10) and (11-11) is follows.

Mee = moment causing flexural cracking at section due to externally applied loads

Mpax maximum factored moment at section due to externally applied loads

Vi factored shear force at section due to externally applied loads occurring simultaneously with Myay.
Unfortunately, the subscripts are confusing.

M, is Dot the total cracking moment. It is not the same as M, that is used to check for minimum reinforcement
in Example 24.6.

My is not the total factored moment. It is the total factored mormnent less the dead load moment.

It would seem that V; and Mp,, should have the same subscript, because they both relate to the differences
between the same two loadings.

To make matters worse, the term “externally applied loads” is ambiguous. Apparently, dead load is not regarded
as “externally applied,” perhaps because the weight comes from the “internal” mass of the member. But,R11.4.3
says that superimposed dead load on a composite section should be considered an externally applied load. The
commentary explains a good reason for this, but the confusion still exists.

The shear strength must be checked at various locations along the shear span, a process that is tedious. For
manual shear calculations, the simplified process described in 11.4.2 is adequate for most cases.
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11.1 SHEAR STRENGTH FOR PRESTRESSED MEMBERS

The basic requirement for shear design of prestressed concrete members is the same as for reinforced concrete
members: the design shear strength ¢V;, must be greater than the factored shear force V,, at all sections (11.1).

OV, 2V, Eq. (11-1)

For both reinforced and prestressed concrete members, the nominal shear strength V, is the sum of two compo-
nents: the nominal shear strength provided by concrete V, and the nominal shear strength provided by shear
reinforcement V,,

Vo = Vo + Vs Eq. (11-2)
Therefore,
OV, + 0V, 2V,

The nominal shear strength provided by concrete V; is assumed to be equal to the shear existing at the time an
inclined crack forms in the concrete.

Beginning with the 1977 code, shear design provisions have been presented in terms of shear forces Vy, V,, and
Vs, to better clarify application of the material strength reduction factor ¢ for shear design. In force format, the
¢ factor is directly applied to the material strengths, i.e., ¢V, and ¢V;.

11.1.2 Concrete Strength

Section 11.1.2 restricts the concrete strength that can be used in computing the concrete contribution because of
alack of shear test data for high strength concrete. The limit does not allow Jf tobe greater than 100 psi, which
corresponds to fz = 10,000 psi. Note, the limit is expressed in terms of JE, as it denotes diagonal tension. The
limit can be exceeded if minimum shear reinforcement is provided as specified in 11.1.2.1.

11.1.3 Location for Computing Maximum Factored Shear

Section 11.1.3 allows the maximum factored shear V,, to be computed at a distance from the face of the support
when all of the following conditions are satisfied:

a. the support reaction, in the direction of the applied shear, introduces compression into the end
regions of the member,

b. loads are applied at or near the top of the member, and
¢. no concentrated load occurs between the face of the support and the critical section.

For prestressed concrete sections, 11.1.3.2 states that the critical section for computing the maximum factored
shear V), is located at a distance of h/2 from the face of the support. This differs from the provisions for rein-
forced (nonprestressed) concrete members, in which the critical section is located at d from the face of the
support. For more details concerning maximum factored shear force at supports, see Part 12.

11.2 LIGHTWEIGHT CONCRETE

The adjustments to shear strength for lightweight concrete given in 11.2 apply equally to prestressed and
nonprestressed concrete members.
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11.4 SHEAR STRENGTH PROVIDED BY CONCRETE FOR PRESTRESSED
MEMBERS :

Section 11.4 provides two approaches to determining the nominal shear strength provided by concrete V.. A
simplified approach is presented in 11.4.2 with a more detailed approach presented in 11.4.3. In both cases, the
shear strength provided by concrete is assumed to be equal to the shear existing at the time an inclined crack

forms in the concrete.

11.4.1 NOTATION

For prestressed members, the depth d used in shear calculations ts defined as follows.

d = distance from extreme compression fiber to centroid of prestressed and nonprestressed longitudinal
tension reinforcement, if any, but need not be less than 6.80%.

11.4.2 Simpilified Method

The use of this simplified method is limited to prestressed members with an effective prestress force not less
than 40 percent of the tensile strength of the flexural reinforcement, which may consist of only prestressed
reinforcement or a combination of prestressed and conventional reinforcement.

V,d
Ve = [0.6 £2 + 700 h‘;Pwad Eq. (11-9)

u

but need not be less than 2./f{ b,,d.

V. must not exceed 5./ by, d or Vg (11.4.3.2) computed considering the effects of transfer length ¢11.4.4) and
debonding (11.4.5) which apply in regions near the ends of pretensioned members.

It should be noted that for the term Vydp/My in Eq. (11-9), d, must be taken as the actual distance from the
extreme compression fiber to the centroid of the prestressed reinforcement rather than the 0.8h allowed else-

where in the code.

The shear strength must be checked at various locations along the shear span. The commentary notes that for
simply supported members subjected to uniform loads, the quantity of V,dp/M, may be expressed as:

Vudp  dp(£-2x)
M, = x(£-x)

Figure 25-4, useful for a graphical solution, is also given in the commentary.
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Figure 25-4 Application of Eq. (11-9) to Uniformly Loaded Prestressed Members (Fig. R11.4.2

The use of this figure is illustrated in Example 25-2. Additional figures for graphical solutions of shear strength
are given in Ref. 251,

1143 Detailed Method
The origin of this method is discussed under General Considerations, at the beginning of Part 25.

Two types of inclined cracking have been observed in prestressed concrete members: flexure-shear cracking
and web-shear cracking. Since the nominal shear strength from concrete is assumed to be equal to the shear
causing inclined cracking of the concrete, the detailed method provides equations to determine the nominal
shear strength for both types of cracking.

The two types of inclined cracking are illustrated in Fig. 25-5 which is found in R11.4.3. The nominal shear
strength provided by concrete V. is taken as the lesser shear cansing the two types of cracking, which are
discussed below. The detailed expressions for V., in 11.4.3 may be difficult to apply without design aids, and
should be used only when the simplified expression for V, in 11.4.2 is not adequate.

Applied Load
I
I A
copgRye SLAELEs
FLEXURAL AND| WEB— FLEXURAL AND WEB—
FLEXURE—SHEAR SHEAR FLEXURE —SHEAR SHEAR 1
i bl Bt il 4 I

Figure 25-5 Types of Cracking in Concrete Beams (Fig. R11.4.3)
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11.4.3.1 Flexure-Shear Cracking, V—Flexure-shear cracking occurs when flexural cracks, which are ini-
tially vertical, become inclined under the influence of shear. The shear at which this occurs can be taken as

VM
Vo = 0.64f% bydy + Vg + ——= Eq. (11-10)
max
Note that Vg need not be taken less than 1.7,/ b,,d.
The added moment M, to cause flexural cracking is cornputed using the equation
I ,
Moe = | o 6%z +1pe — £4) Eq. (11-11)
t

where fpe is the compressive stress in concrete due to effective prestress force only (after allowance for all
prestress losses) at the extreme fiber of the section where tensile stress is caused by externally applied loads.

Vi usually governs for members subject to uniform loading. The total nominal shear strength Ve is assumed to
be the sum of three parts:

1.  the shear force required to transform a flexural crack into an inclined crack — 0.64/f; bydp;

2. the unfactored dead load shear force — Vg; and

3.  the portion of the remaining factored shear force that will cause a flexural crack to initially occur —
ViM¢re/Mmax-

For non-composite members, Vg is the shear force caused by the unfactored dead load. For composite members,
Vg is computed using the unfactored self weight plus unfactored superimposed dead load.

The load combination used to determine Vi and Mpax is the one that causes maximum moment at the section
under consideration. The value V; is the factored shear force resulting from the externally applied loads occur-
ring simultaneously with Mp,,. For composite members, V; may be determined by subtracting Vg from the
shear force resulting from the total factored loads, V. Similarly, Mmax = My — Mg. When calculating the
cracking moment M e, the load used to determine fy is the same unfactored load used to compute Vy.

11.4.3.2 Web-Shear Cracking, Vew — Web-shear cracking occurs when the principal diagonal tension in the
web exceeds the tensile strength of the concrete. This shear is approximately equal to

Vew = (3.5 + 03] bydp + V, Eq. (11-12)

where fc is the compressive stress in concrete (after allowance for all prestress losses) at the centroid of the
cross-section resisting externally applied loads or at the junction of the web and flange when the centroid lies
within the flange.

Vp, is the vertical component of the effective prestress force, which is present only when strands are draped or
deflected.

The expression for web shear strength Ve, usually governs for heavily prestressed beams with thin webs, espe-
cially when the beam is subject to large concentrated loads near simple supports. Eq. (11-12) predicts the shear
strength at first web-shear cracking.

An alternate method for determining the web shear strength Vi, is to compute the shear force corresponding to
dead load plus live load that results in a principal tensile stress of 4@ at the centroidal axis of the member, or
at the interface of web and flange when the centroidal axis is located in the flange. This alternate method may be
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advantagecus when designing members where shear is critical. Note the limitation on V, in the end regions of
pretensioned members as provided in 11.4.4 and 11.4.5.

11.4.4, 11.4.5 Special Considerations for Pretensioned Members

Section 11.4.4 applies to situations where the critical section located at h/2 from the face of the support is within
the transfer length of the prestressing tendons. This means that the full effective prestress force is not available
for contributing to the shear strength. A reduced value of effective prestress force must be used using linear
interpolation between ne stress in the tendons at the end of the member to full effective prestress at the transfer
length from the end of the member, which is taken to be 50 diameters (dp) for strand and 100dy, for a single wire.

Section 11.4.5 is provided to ensure that the effect on shear strength of reduced prestress is properly taken into
account when bonding of some of the tendons is intentionally prevented (debonding) near the ends of a pretensioned
member, as permitted by 12.9.3.

11.5 SHEAR STRENGTH PROVIDED BY SHEAR REINFORCEMENT FOR PRE-
STRESSED MEMBERS

The design of shear reinforcement for prestressed members is the same as for reinforced nonpresiressed concreie
members discussed in Part 12, except that V, is computed differently (as discussed above) and another minimum
shear reinforcement requirement applies (11.5.6.4). Therefore, see Part 12 for a complete discussion of design
of shear reinforcement.

11,5.6.1 The code permits a slightly wider spacing of (3/4)h (instead of d/2) for prestressed members, because
the shear crack inclination is flatter in prestressed members.

As permitted by 11.5.6.2, shear reinforcement may be omitted in any member if shown by physical tests that the
required strength can be developed without shear reinforcement. Section 11.5.6.2 clarifies conditions for appro-
priate tests. Also, commentary discussion gives further guidance on appropriate tests to meet the intent of
11.5.6.2. The commentary aiso calis attention to the need for sufficient stirrups in all thin-web, post-tensioned
members to support the tendons in the design profile, and to provide reinforcement for tensile stresses in the
webs resulting from local deviations of the tendons from the design tendon profile.

11.5.6.4 Minimum Reinforcement for Prestressed Members—For prestressed members, minimum shear
reinforcement is computed as the smaller of Egs. (11-13) and (11-14). However, Eq. (11-13) will generally give
a higher minimum than Eq. (11-14). Note that Eq. (11-14) may not be used for members with an effective
prestress force less than 40 percent of the tensile strength of the prestressing reinforcement.

REFERENCE

25.1  “PCI Design Handbook — Precast and Prestressed Concrete,” MNL [20-04 6th Edition, Precast/Pre-
stressed Concrete Institute, Chicago, 2004, 750 pp.
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Example 25.1—Design for Shear (11.4.1)

For the prestressed single tee shown, determine shear requirements using V. by Eq. (11-9).

Precast concrete: f. = 5000 psi (sand lightweight, w, = 120 pef)
Topping concrete: £, = 4000 psi (normal weight, w, = 150 pcf)
Prestressing steel: Twelve 1/2-in. dia. 270 ksi strands (single depression at midspan)

Span = 60 ft (simpie)
Dead load = 725 Ib/ft (includes topping)

8' - Q"

Live load = 720 b/ft 25" ii= ‘
fse (after all losses) = 150 ksi vz 77777
A - 1
Precast Section: | % /—#—i’_’—’i_/_J 4
A = 570in2 | d,=33" ¥
I = 68,917in4 ' at center 3%
yp = 26.01 in. . L
y; = 9.99in. T
Composite Section: .
Vbe = 29.27 in. Bl
- Top of precast beam
T f
J dp = 24" d, = 26. i B 60" c.g. of all ld —ag
A . strands P
» 30 B Midspan _
Strand Profile in Precast Girder
Code
Calculations and Discussion Reference
1. Determine factored shear force V, at various locations along the span. The results are
shown in Fig. 25-6.
2. Determine shear strength provided by concrete V; using Eq. (11-9). The effective 11.4.1
prestress fe is greater than 40 percent of fp, (150 ksi > 0.40 x 270 = 108 ksi). Note
11.0

that the value of d need not be taken less than 0.8h for shear strength computations.
Typical computations using Eq. (11-9) for a section 8 {t from support are as follows, assum-
ing the shear is entirely resisted by the web of the precast section:

1.2 (0.725) + 1.6 (0.720) =

[{%QJ SJ 2.022 = 44.5 kips

Wy

Vu

2.022 kips/ft
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Code

Example 25.1 (cont’d}) Calculations and Discussion Reference

My = (30 x2.022 x 8) - (2.022 x § x 4) = 421 fr-kips

For the non-composite section, at 8 ft from support, determine distance d to centroid of
tendons.

d = 26.40 in. (see strand profile)

For composite section, d=26.4+2.5=28.51in. <0.8h=30.8in. used=30.8in.

70
Section 11.4.3 — See Fig. 25-7

60 -

50 ¢

s

Shear Force vV 40
kips ' (Vy - oV) =
30 + 9.5 kips

dVe = 0.85%(¢2 4 T byd) = 22.2k
10 OV (Eq. 11-9)

20 -

*lightweight factor
0 T T T T T
0 6 12 18 24 30

Distance from Support, ft

Figure 25-6 Shear Force Variation Along Member

’ VUdP
Ve = |06y + 700 —=F |byd Eq. (11-9)

u
but not less than 2.{f] byd 11.4.2
nor greater than 5./f. byd 11.4.2

Since the precast section utilizes sand lightweight concrete, all f terms must be 11.2.1.2
reduoced by the factor 0.85.

Note: Total effective depth, dy = 28.9 in., must be used in V,,dp/M,, term rather than 11.4.1
0.8h which is used elsewhere,
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Code

Example 25.1 (cont’d) Calculations and Discussion Reference

Ve = [0.6 % 0.85¢5000 + 700 x 44.5 x 28.90/(421 x 12)]8 x 30.8

36+ 178) 8 x 30.8 = 528 kips (govems)

2 x 0.85+4/5000 x 8 x 30.8 = 29.6kips

v

5 x 0.854/5000 x 8 x 30.8 = 74.0 kips

IA

0V, = 0.75 x 52.8 = 39.6 (see Fig. 25-6) 11.21.2

Note: For members simply supported and subject to uniform loading, Vid,/M, in. Eq.
{11-9) becomes a simple function of d/f, where ¢ is the span length,

- 2x)J
V. = [0.64f. + 700d, ~———|b,d -
c [ ¢ PX-x0l Y Eq. (11-9)
where x is the distance from the support to the section being investigated., At 8 ft from

the support,

(60 - 16)

e | 8 30.8 = 52.8 kips
8(60-8)12

Ve = [0.6 x 0.85+/5000 + 700 x 28.90

In the end regions of pretensioned members, the shear strength provided by concrete V,
may be limited by the provisions of 11.4.4. For this design, 11.4.4 does not apply because
the section at h/2 is farther out into the span than the bond transfer length (see Fig. 25-7).
The following will, however, illustrate typical calculations to satisfy 11.4.4. Compute V. at
face of support, 10 in. from end of member.

Bond transfer length for 1/2-in. diameter strand = 50 (0.5) = 25 in. 11.4.3
Prestress force at 10 in. location: Pge = (10/25) 150 x 0,153 x 12 = 110.2 kips

Vertical component of prestress force at 10 in. location:

slope = et~ ena) _ G320 _
£ 30 x 12
2

Vp = P xslope = (110.2) (0.025) = 2.8 kips
For composite section, d = 28.90 in., use 0.8h = 30.8in. 11.4.23
Mg (unfactored weight of precast unit + topping) = 214.4 in.-kips

Distance of composite section centroid above the centroid of precast unir,
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Example 25.1 (cont’d) Calculations and Discussion

Code

Reference

C = ¥pe-¥p = 29.27-26.01 = 3.261n.

Tendon eccentricity, € = depg + 10 in. X slope -y, = 24+ 180 x 0.025-9.99

14.26 in. below the centroid of the precast section

fpc (see notation definition) = i - (Pe) IL + My Ii
g 2 b4

- 102, 1102(1426)( 26 J 214.4 (228
570 68917

where Ag and [ are for the precast section alone.

Vew = (3548 + 036 byd, + V,

[(3.5 x 0.854/5000 + 0.3 x 129) 8 x 28.9] + 2800 = 60.4kips
OV = 0.75 x 60.4 = 45.3 kips

The results of this analysis are shown graphically in Fig. 25-7.
Transfer length = 50 dj,

.

Suppoit | h/2 |
| |
70
OV = 0.85"(954/T byd) = 55.5Kk
oV, (11.1.3.2) = 55.7k
60 — /
Shear Force V
kips
45.3 — —_—
B K
40
oVew Eq. (11-12)
Lo,
P

lightweight factor

68,917

) = 129 psi

Eq. (11-12)

0 T T ¥ T T T T
0 4 8 12 16 20 24 28

Distance from End of Member, in.

Figure 25-7 Shear Force Variation at End of Member
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Code
Example 25.1 (cont’d) Calculations and Discussion Reference

4. Compare factored shear V, with shear strength provided by concrete ¢V,. Where V, >
§V,, shear reinforcement must be provided to carry the excess. Minimum shear reinforce-
ment requirement should also be checked.

Shear reinforcement required at 12 ft from support is calculated as follows:
d = 30.10 in. (use in Vydy/M,, term)

M, = 30 x2.24 x 12-224 x 12 x 6 = 645 fi-kips

Vi = M%q— IZJ 2.022 = 36.4 kips

Ve = [(0.6 x 0.854/5000) + 700 x 40.3 x 30.10/(645 x 12)] 8 x 30.8 = 35.9 kips

OV, = 0.75 x 359 = 26.9 kips

Ay = Vu - dVe) s _ (36.4 — 26.9) 12 = 0.082in2 /fi
¢fyd 0.75 x 60 x 30.8
Check minimum required by 11.5.6.3 and 11.5.6.4.

: = ' wa - 8 x 12 = s o2 E 171-13
Ay(min) = 0.75{f; 3 0.75¢5000 { % oooJ 0.085 in2 / ft q. (11-13)
but not less than 50%‘5’-3- (not controlling for fZ > 4444 psi)

y
Aps T s [ d
A iy — P8 pu 5 C -
v (min) 80 T, d Yby Eq. (11-14)

184 270 12 308 _ o ugi 24

80 ~ 60 3087V 8

The lesser A, (min) from Egs. (11-13) and (1}-14) may be used
The required A, is very slightly above minimum A,
Maximum stirrup spacing = (3/4)d = (3/4) x 30.8 =23.1 in.

Use No. 3 stirrups @ 8 in. for entire member length. (A, = 0.147 in.2/ft)
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Example 25.2—Shear Design Using Fig. 25-4

Determine the shear reinforcement for the beam of Example 24.9

fo = 6000 psi
depthd, = 26 in.

effective prestress f,, = 150 ksi

12"

decompression stress fg. = 162 ksi
span = 40 ft.
Midspan ©
w momenis N «
k/ft in-k ™
Self-weight 0.413 992
Additional dead load 1.000 2400 + 12 — /2"
Live load 1.250 3000 Strands
Sum 2.663 6392
Code
Calculations and Discussion Reference

1. Calculate factored shear at support

Vy = 12D+ 1.6L = [1.2(0.413 + 1.000) + 1.6(1.250)] x %

= 73.9 kips

Prepare to use Fig. 25-4

Note: Figure 25-4 is for f¢ = 5000 psi. Its use for fz = 6000 psi will be about

10 percent conservative.
dfé = 26/480 = 1/18.5
Use curve for £/d = 1/20

Vo _ 73.9

obwd ~ 0.75x12x26

= 0.316 ksi = 316 psi

Draw line for required nominal shear strength on Fig. 25-4, and find V, required
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Code

Example 25.2 (cont’d) Calculations and Discussion Reference
500 fe = 5000 psi ——
400 £~V =54Tcbyd
4
£ ,L
d _ 1
w g NN\ —F-5
byd N
; 1
psi o= 1
25 Py
200 20
AN Vo= 2D
30
100 } s
. T~
30 psi \
0
0 £ £ 3¢ £
8 4 8 2

Distance from simple support

The area where shear reinforcement is required is shaded. The maximum nominal shear
stress to be resisted by shear reinforcement is 29 psi.

Vs = 0.03ksi xb xd = 0.030 x 12 x 26 = 9.4 kips

Vss 94 x 12
Av=f.d 60 x 26
4. Check minimum reinforcement.

= 0.07 in2/ft Eq. (11-15)

A, = 0.75f% Qf&é,but not less than Eq. (11-13)

¥yt

50 bws

fi

0.75{6000 = 58.1 controls
Ay = 58.1 x 12 x 12/60,000 = 0.14 in.2/ft

Apsfous | d
Ay = PEpU {49 .
7 80fy,d ‘wa Eq. (11-14)

A 1.836 x 270 X 12 126 _ 175 2yg,
VT 80x60x26 Y120 '

The lesser of A, by Eqgs. (11-13) and (11-14) may be used, but not less than A, required.
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Code
Example 25.2 (cont’d}) Calculations and Discussion Reference

5. Select stirrups
A, = 0.07in.2/f1
Maximum s = (3/4)d <24 in. 11.5.5.1
s = (3/4)(26) = 19.5in.
Use twin No. 3 @ 18 in.
A, = 022/15 = 0.15in2/ft OK.

This is required where V,, exceeds ¢V./2 11.5.6.1
Most designers would provide it for the full length of the member.

25-17



Example 25.3—Shear Design Using 11.4.2

For the simple span pretensioned ledger beam shown, determine shear requirements using 'V, by Egs. (11-10)
and (11-12).

e 127 —>]
A = 576in.2 wy = 5.486 kips/ft
I = 63,936 in4 we = 5.00 kips/ft
24 h = 36in
yp = 15in.
. fe = 6ksi
(53 C
Do o] e € = 24 feet
_T_ 16 1/2 in. Grade 270 ksi strands, P = 396.6 kips

Cend = Cmsp (midspan) = 10 in.

Code
Calculations and Discussion Reference
A systematized procedure is needed, to expedite the calculations.
1. Determine midspan moments and end shears
My = wy€%/8 = 5.486 x 242/8 = 395 fi-kips = 4740 in.-kips
M, = wpf%/8 = 5.00 x 24%/8 = 360 ft-kips = 4320 in.-kips
My = L2Mg+1.6My = 1.2 X 4740 + 1.6 x 4320 = 12,600 in.-kips Eq. (9-2)
Mmax = My— Mg = 12,600 -4740 = 7860 in.-kips 11.0
Ve = wy€/2 = 5486 x 24/2 = 65.8 kips
Ve - w2 = 5 x 2472 = 60.0 kips
Vy = 12Vg+16V, = 1.2 x 658+ 1.6 x 60 = 175.0 kips Eq. (9-2)
Vi=V,- Vg = 175-658 = 1092 kips 11.0

2. Define factors for converting midspan moments and end shears to moments and
shears at a distance x/€ from support, for /¢ = 0.3.

V factor = 1-2(x/€) = 1-2(0.3) = 0.4
M factor = 4(x/€ -(x/€)2) = 4 x (0.3-0.32) = (.84
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Code
Example 25.3 (cont’d) Calculations and Discussion Reference

3. Compute Vs, the third term in Eq. (11-10)
P/A = 396.6/576 0.689
Pe/Sy, = 396.6 x 10/4262 0.930
~Mg/Sp = 0.84 My (155p}/Sp = ~0.934
+64T: = 6J6000 = 465 0.465

~ L150ksi

My = Sp (1150 ksi) = 4900 in.-kips Eq. (11-11)
Vi = 0.4V, () = 0.4 X 109.2 = 43.7 kips
Mma_x = 0.84 Mmax (msp) = 0.84 X 7860 = 6602 in.‘kips

ViM 43.7 x 4900 .
Vg = Llrcre _ = 324k Eq. (11-10
3 Mmax 6602 1ps q.( )
4.  Compute the remaining terms Vj and Vs in Eg. (11-10), Eq. (11-10)
and solve for Vi
d = 31, but not less than 6.8d = 28.8. Used = 31 11.4.1
Vi = 0.6bydp{fe = 0.6 x 12 x 31{6000 = 17.3k

V, = Vy= 0.4(Vgend) = 0.4 x 65.8=26.3 kips
Ve = Vi+Vo+Vs = 17.3+263+32.4 = 76.0kips Eq. (11-10)

5. Compute Vy, and find V, to be resisted by stirrups
Vy = 04V, (end) = 0.4 x 175.0 = 70kips

¢ for shear = 0.75 9.3.23
Vs = V-V = Vid -V = 70/0.75-76 = 17.3 kips Eq. {11-2)

6. Find required stirrups

_ VMss 173 x 12 _ s
Ay = Fd = =3l " 0.11 in=At
Minimum requirements
Ay = 0.754ff%c bys 1ty when flc > 4444 psi Eq. (11-13)
= 0.75J6000 x 12 x 12/60,000 = 0.14 in?
_ Apsfpus {d _ 2.448 x 270 x 12 31 _ _—
AV = B0t d \bw - B0 x 60 x 31 iz - CU86in Eq. (11-14)
The minimum need only be the lesser of that required by 11.5.6.4

Eqs. (11-13) or (11-14).

So, the required A, of 0.09 in.2/ft controls
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Example 25.3 (cont’d) Calculations and Discussion

Code
Reference

Maximum spacing = (3/4)d = (3/4)31 = 23.25 in.
Say, twin No. 3 at 18in., Ay = 2 X 0.11/1.5 = 0.15in.2/{t.
Compute required shear reinforcement at support

Because the ledger beam is loaded on the ledges, not “near the top,” shear
must be checked at the support, not at h/2 from the support for prestressed
members.

At the support, the prestress force P is assumed to be zero, for simplicity.
V(:w = (3.5-\}1:'(: + 0.3 fpc) bwdp + Vp
= (3.54/6000) x 12 x 31 = 100.9 kips

V, = Va— Ve = Vol — Ve = 175/0.75 - 100.9
V, = 132.4k

_ Ves _ 1324 x12 _ poci2
Av= S =xal " 0.85 in.

Say twin No. 4 at 4 in., Ay = .40/.33 = 1.20 in.2/ft near end.
Referring to Step 6, this is above minimum requirements.

Repeat the processes described above for various sections along the shear
span (not shown). The results are shown below.

300 -

200

Shear, kips

Transfer

11.1.3

Eq. (11-12)

Eq. (11-12}

Eq. (11-15)

X/€

Note; Minimum V, of 2 E byd permitted by 11.4.2 was used.
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Code
Example 25.3 (cont’d) Calculations and Discussion Reference

9. Notes:

1. A spreadsheet can be set up, with each column containing data for various values of x/€ and the
shear and moment factors in Step 2.

2. For members with draped terdons, additional factors for varying eccentricity, depth, and tendon
slope (for computing V;} need to be added in Step 2.

3. For composite members, the portions of dead load applied before and after composite behavior is
obtained need to be separated. The dead load applied after the beam becomes compasite should not
be included in V; and M, terms. See R11.4.3.
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26

Prestressed Slab Systems

UPDATE FOR THE ’05 CODE

Section 6.4.4, which requires that construction joints in slabs be located in the middle third of the span, is
excluded from application to prestressed concrete. Most construction joints in continuous prestressed concrete
slabs are located close to the quarter point of the span where the tendon profile is near mid-depth of the member.
Section 18.3.3 defines two-way prestressed slab systems as Class U and reduces the maximum permissible
flexural tensile stress f; from 7_5@ to G.Jfé_ .

INTRODUCTION
Six code sections are particularly significant with respect to analysis and design of prestressed slab systems:

Section 11.12.2—Shear strength of prestressed slabs

Section 11.12.6—Shear strength of prestressed slabs with moment transfer

Section 18.3.3—Permissible flexural tensile stresses

Section 18.4.2—Permissible flexural compressive stresses

Section 18.7.2—Determination of fps for calculation of flexural strength

Section 18.12—Prestressed slab systems

Discussion of each of these code sections is presented below, followed by Example 26.1 of a post-tensioned flat

plate. The design example illustrates application of the above code sections as well as general applicability of
the code to analysis and design of post-tensioned flat plates.

11122 Shear Strength

Section 11.12.2 contains specific provisions for calculation of shear strength in two-way prestressed concrete
systems. At columns of two-way prestressed slabs (and footings) utilizing unbonded tendons and meeting the
bonded reinforcement requirements of 18.9.3, the shear strength V,, must not be taken greater than the shear
strength V. computed in accordance with 11.12.2.1 or 11.12.2.2, unless shear reinforcement is provided in
accordance with 11.12.3 or 11.12.4. Section 11.12.2.2 gives the following value of the shear strength V, at
columns of two-way prestressed slabs:

V, = (Bp fl + 0.3pr) bed + V,, Eg. (11-36)

Equation (11-36) includes the term Bp which is the smaller of 3.5 and ( osdfb, + 1.5). The term g d/ by, is to

account for a decrease in shear strength affected by the perimeter area aspect ratio of the column, where o is to
be taken as 40 for interior columns, 30 for edge columns, and 20 for comer columns. fpe is the average value of



fpe for the two directions, and Vp is the vertical component of all effective prestress forces crossing the critical
section. If the shear strength is computed by Eq. (11-36), the following must be satisfied; otherwise, 11.12.2.1
for nonprestressed slabs applies: '

a. 1o portion of the column cross-section shall be closer to a discontinuous edge than 4 times the slab
thickness,

b. f; in Eqg. (11-36) shall not be taken greater than 5000 psi, and
c. fpc in each direction shall not be less than 125 psi, nor be taken greater than 500 psi.

In accordance with the above limitations, shear strength Eqgs. (11-33), (11-34), and (11-35) for nonprestressed
slabs are applicable to columns closer to the discontinuous edge than 4 times the slab thickness. The shear
strength V. is the lesser of the values given by these three equations. For usual design conditions (slab thick-
nesses and column sizes), the controlling shear strength at edge columns will be 4./f(b,d.

11.12.6 Shear Strength with Moment Transfer

For moment transfer calculations, the controlling shear stress at columns of two-way prestressed slabs with
bonded reinforcement in accordance with 18.9.3 is governed by Eq. (11-36), which could be expressed as a
shear stress for use in Eq. (11-40) as follows:

v
ve = Bpyfe + 0.3fp + ﬁ Eq. (11-36)
o]

If the permissible shear stress is computed by Eq. (11-36), the following must be satisfied:

a. no portion of the column cross-section shall be closer to a discontinuous edge than 4 times the slab
thickness,

b.  fZ in Eq. (11-36) shall not be taken greater than 5000 psi, and

c. fpe in each direction shall not be less than 1235 psi, nor be taken greater than 500 psi.

For edge columns under moment transfer conditions, the controlling shear stress will be the same as that permit-
ted for nonprestressed slabs. For usual design conditions, the governing shear stress at edge columns will be

4.[t .
18.3.3 Permissible Flexural Tensile Stresses

This section requires that prestressed two-way slab systems be designed as Class U (Uncracked)
members but with the permissible flexural tensile stress limited to GJE .

18.4.2 Permissible Flexural Compressive Stresses

In 1995, Section 18.4.2 increased the permissible concrete service load flexural compressive stress under total

load from 0.45f; to 0.60f;, but imposed a new limit of 0.45f for sustained load. This involves some judgment
on the part of designers in determining the appropriate sustained load.
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18.7.2 fos for Unbonded Tendons

In prestressed elements with unbonded tendons having a span/depth ratio greater than 35, the stress in the
prestressed reinforcement at nominal strength is given by:

fps = fse + 10,000 + f¢ Eq. {18-5)
300p,

but not greater than fhy, nor (fge + 30,000).

Nearly all prestressed one-way slabs and flat plates will have span/depth ratios greater than 35. Equation (18-5)
provides values of fps which are generally 15,000 to 20,000 psi lower than the values of fps given by Eq. (18-4)
which was derived primarily from resuits of beam tests. These lower values of fps are more compatible with
values of fps obtained in more recent tests of prestressed one-way slabs and flat plates. Application of Eq. (18-5) is
illustrated in Example 26.1.

18.12 SLAB SYSTEMS

Section 18.12 provides analysis and design procedures for two-way prestressed slab systems, including the
following requirements:

1.~ Use of the Equivalent Frame Method of 13.7 (excluding 13.7.7.4 and 13.7.7.5), or more detailed analysis
procedures, is required for determination of factored moments and shears in prestressed slab systems.
According to References 26.1 and 26.4, for two-way prestressed slabs, the equivalent frame slab-beam
strips would not be divided into column and middle strips as for a typical nonprestressed two-way slab, but
would be designed as a total beam strip.

2. Spacing of tendons or groups of tendons in one direction shall not exceed 8 times the slab thickness nor 5 ft.
Spacing of tendons shall also provide a minimum average prestress, after allowance for ail prestress losses,
of 125 psi on the slab section tributary to the tendon or tendon group. Special consideration must be given
to tendon spacing in slabs with concentrated loads.

3. A minimum of two tendons shall be provided in each direction through the critical shear section over
columns. This provision, in conjunction with the limits on tendon spacing outlined in Item 2 above, pro-
vides specific guidance for distributing tendons in prestressed flat plates in accordance with the “banded”
pattern illustrated in Fig. 26-1. This method of tendon installation is widely used and greatly simplifies
detailing and installation procedures.

Calculation of equivalent frame properties is illustrated in Example 26.1. Tendon distribution is also discussed
in this example,

References 26.1 and 26.4 illustrate application of ACI 318 requirements for design of one-way and two-way
post-tensioned slabs, including detailed design examples.



L .

Figure 26-1 Banded Tendon Distribution

REFERENCES
26.1 Design of Post-Tensioned Slabs Using Unbonded Tendons, Post-Tensioning Institute, 3rd. ed., Phoenix,
AZ, 2004,

26.2 Continuity in Concrete Building Frames, Portland Cement Association, Skokie, IL, 1986,

26.3  Estimating Prestress Losses, Zia, P., Preston, H. K., Scott, N. L., and Workman, E. B,
Concrete International : Design and Construction, V. 1, No. 6, June 1979, pp. 32-38.

26.4 Design Fundamentals of Post-Tensioned Concrete Floors, Aalami, B. O., and Bommer, A.,
Post-Tensioning Institute, Phoenix, AZ, 1999.
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Example 26.1—Two-Way Prestressed Slab System

Design a typical transverse equivalent frame sirip of the prestressed flat plate with partial plan and section
shown in Figure 26-2.

. = 4000 psi; w = 150 pef (slab and columns)

fy = 60,000 psi Design strip

]

Exterior 12" 14"
| Interior 20"x 14"

@ W NET f/ - _%_‘L T
3t

i
=

L
.
NN

Live load = 40 psf
Partition load = 15 psf y &

star

N
AR

Reduce live foad in
accordance with general

. 2%
____)[;

N

building code. For this ) l 8 /‘- o 1‘, = = —
redueed n secordince b\ | e e
Eg;lg;: 2003, Section 200" | 200" SECTION

Required minimum PARTIAL PLAN

concrete cover to tendons
1.5 in. from the bottom
of the slab in end spans, (.75 in. top and bottom elsewhere.

Figure 26-2 Equivalent Frame

Code
Calculations and Discussion Reference

1. Slab Thickness

For two-way prestressed slabs, a span/depth ratio of 45 typically results in overall
economy and provides satisfactory structural performance,26-1

Slab thickness:

Longitudinat span: 20 X 12/45 = 5.3 in,
Transverse span: 25 X 12/45 = 6.7 in.

Use 6-1/2 in. slab.

Slab weighi = 81 psf
Partition load = 15 psf
Total dead load = 81 + 15 =96 psf

Span 2:

Reduced live load (IBC 1607.9.2)

Live load = 40[1 ~ 0.08(500 — 150)/100] = 29 psf
Factored dead load = 1.2 X 96 = 115 psf
Factored live load = 1.6 X 29 = 47 psf
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Code
Example 26.1 (cont’d) Calculations and Discussion Reference

Total load = 125 pst, unfactored
= 162 psf, factored

Spans 1 and 3:
Reduced live load (IBC 1607.9.2}
Live load = 40[1 — 0.08(340 — 150)/100] = 34 psf
Factored dead load = 1.2 X 96 =115 psf
Factored live load = 1.6 x 34 = 55 psf
Total load = 130 psf, onfactored

= 170 psf, factored

2. Design Procedure

Assume a set of loads to be balanced by parabolic tendons. Analyze an equivalent frame
subjected to the net downward loads according to 13.7. Check flexural stresses at critical
sections, and revise load balancing tendon forces as required to obtain permissible flexural
stresses according to 18.3.3 and 18.4.

When final forces are determined, obtain frame moments for factored dead and live loads.
Calculate secondary moments induced in the frame by post-tensioning forces, and combine
with factored load moments to obtain design factored moments. Provide minimum bonded
reinforcement in accordance with 18.9.

Check design flexural strength and increase nonprestressed reinforcement if required by
strength criteria. Investigate shear strength, including shear due to vertical load and due to
moment transfer, and compare total to permissible values calculated in accordance with
11.12.2.

3. Load Balancing

Arbitrarily assume the tendons will balance 80% of the slab weight (0.8 x 0.081 = 0.065
ksf) in the controlling span (Span 2), with a parabolic tendon profile of maximum permis-
sible sag, for the initial estimate of the required prestress force Fe:

Maximum tendon sag in Span 2 =6.5-1~1=4.5in.

_ whal? _ 0.8(0.081)(25)°(12)

F =
©  8a 8(4.5)

=13.5 kips /1t

Assume 1/2 in. diameter (cross-secticnal area = 0.153 in.2), 270 ksi seven-wire low relax- 18.5.1(c)
ation strand tendons with 14 ksi long-term losses (Reference 26.3). Effective force per

tendon is 0.153 [(0.7 x 270) — 14} = 26.8 kips, where the teusile stress in the tendons

immediately after tendon anchorage = 0.70fp,.

For a 20-ft bay, 20 X 13.5/26.8 = 10.1 tendons.

26-6
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Use 10-1/2 in. diameter tendons/bay
Fe =10 X 26.8/20 = 13.4 kips/ft
foe = Fe/A = 13.4/(6.5 x 12) = 0.172 ksi

Actual balanced load in Span 2:

vy = S _ BB o
T 12x2s

Adjust tendon profile in Spans 1 and 3 to balance same load as in Span 2:

_wl? _ 0.064(17)%(12) _ ol
8F, 8(13.4) C

Midspan cgs = (3.25 + 5.5)/2 -2.1 =2.275 in say 2.25 in.
Actual sag in Spans 1 and 3 = (3.25 + 5.5)/2 -2.25=2.125in.
Actuoal balanced load in Spans 1 and 3 =

8(13.4)(2.125)
17%(12)

Woa = = 0.066 ksf

4. Tendon Profile

3-14"
3- 174"

i
L 17-0" 25™-0" |
o Span ! Span 2
Figure 26-3 Tendon Profile

Net load causing bending:
Span 2;

Wper = 0.125 - 0.064 = 0.061 ksf
Spans 1 and 3:

Wpet = 0.130 — 0.066 = 0.064 ksf
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Example 26.1 (cont’d) Calculations and Discussion Reference
5. Equivalent Frame Properties 13.7
a. Column stiffness. 13.7.4

Column stiffniess, including effects of “infinite” stiffness within the slab-column joint

(rigid connection), may be calculated by classical methods or by simplified methods

which are in close agreement. The following approximate stiffness K will give re-

sults within five percent of “exact” values.26-1

K. = 4EI/(¢ - 2h)

where ¢ = center-to-center column height and h = slab thickness.

For exterior columns (14 x 12 in.):

I =14 x 12312 = 2016in4

E.o/Eglap, = 1.0

Ke = (4 x 1.0 x 2016)/[103 — (2 x 6.5)] = 90 in.3

ZK: = 2 x 90 = 180 in.3 (joint total)

Stiftness of torsional members is calculated as follows: 13.7.5

C = (1 -0.63 x/y) x%y/3 13.0

= [1-(0.63 x 6.5/12)] (6.53 x 12)/3 = 724 in4
K, = e R13.7.5

fz (1—02162)3

_ O9x 724 x 1.0 — 325003

(20 x 12) (1-1.17/20)°

ZK; = 2 x 32.5 = 65in.3 (joint total)

Exterior equivalent column stiffness (see ACI 318R-89, R13.7.4);
1/Kee = VEK + VEK,

Kee = (1/65 + 1/180) 1 = 48in.3

For interior columns (14 x 20 in.):

I = 14 % 20312 = 9333 in.%
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Ko = (4 X 1.0 x 9333)/[103 ~ (2 X 6.5)] = 415in.3
TKe = 2 x 415 = 830 in.3 (joint total)

C = [1 - (0.63 x 6.520)] (6.53 x 20)/3 = 1456in4

O x 1456 x 1.0
240 (1-1.17/20)°

K, = = 65in°

ZK; = 2 x 65 = 130in.3 (joint total)
Kee = (1/130 + 1/830)1 = 112in3
b.  Slab-beam stiffness. 13.7.3

Slab stiffness, inctuding effects of infinite stiffness within slab-column joint, can be
calculated by the following approximate expression.26-!

K = 4EV(#; — ¢1/2)

where #; = length of span in direction of analysis measured center-to-center of
supports and ¢; = column dimension in direction of ¢;.

At exterior column;
K¢ = (4 x 1.0 x 20 x 6.5%/[(17 x 12) - 12/2] = 111in3
At interior column (spans T & 3):
Ks = (4 x 1.0 x 20 x 6.53)/[(17 x 12) -20/2] = 113 in3
At interior column (span 2):
K¢ = (4 x 1.0 x 20 x 6.53/[(25 x 12) -20/2] = 76in3
c. Distribution factors for analysis by moment distribution.

Slab distribution factors:
At exterior joints = 111/(111 +48) = 0.70
Atinterior joints for spans 1 and 3 = 113/(113 +76 + 112) = 0.37
At interior joints for span 2 = 76/301 = 0.25

6. Moment Distribution—Net Loads

Since the nonprismatic section causes only very small effects on fixed-end moments and
carryover factors, fixed-end moments will be calculated from FEM = wL.%/12 and carryover
factors will be taken as COF = 1/2.
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For Spans 1 and 3, net load FEM = 0.064 % 17%12 = 1.54 ft-kips
For Span 2 netload FEM = 0.061 x 25%/12 = 3.18 ft-kips
Note that since live load is less than three-quarters dead load, patterned or “skipped” live (13.7.6.9
Ioad is not required. Maximum factored moments are based upon full live load on all spans
simultaneously.
Table 26-1 Moment Distribution—Net Loads
{all moments arein ft-kips)
DF 070 037 0.25
FEM -1.54 -1.54 -3.18
Distibution +1.08 -0.61 +0.41
Camy-over +0.31 -0.54 .21
Distribution -0.22 +0.12 0.08
Final -0.37 -2 .57 -3.06
7. Check Net Stresses (tension positive, compression negative)
a. At interior face of interior column:
Moment at column face = centerline moment + Ve /3 (see Ref, 26.2):
1(0.061 x 253/ 20
-M =-306+ | =" || =
e =300+ 525522 ()
= —2.64 ft-kips ’
$ = bh%6 = 12 x 6.5%/6 = 84.5 in.3 |
fip= — foc T Mot = - 0172 £ 12 x 264 = 0172 + 0.375 = +0.203,— 0.547 ksi }
? St,b 84.5 !
Allowable Tension = 644000 = 0.379 ksi 18.3.3 '
At top 0.203 ksi applied < 0.379 allowable OK
Allowable compression under total load = 0.60f; = 0.6 x 4000 = 2.4 ksi 18.4.2(b)
At bottomn 0.547 ksi applied < 2.4 ksi allowable OK
Allowable compression under sustained load = 0.45 X 4000 = 1.8 ksi 18.4.2(a)

0.547 ksi applied under total load < 1.8 ksi allowable under sustained load OK
(regardless of value of sustained load).
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b. At midspan of Span 2:

+ Mmax = (0.061 x 25%8) -3.18 = +1.59 fr-kips

Mot = -0172 ¥ 12x1.59 = —0.172 T 0.226= —0.398, +0.054 ksi

fi,= —f.. F
Lb TS 84.5

Compression at top 0.398 « 1.8 kst allowable sustained load < 2.4 ksi allowable
total load O.K. Tension at bottomn 0.054 ksi applied < 0.379 ksi allowable O.K.

‘When the tensile stress exceeds 2@ in positive moment areas, the total tensile force 18.9.3.2
N, must be carried by bonded reinforcement. For this slab,

244000 = 0.126 ksi > 0.054 ksi. Therefore, positive moment bonded reinforce-

ment is not required. When it is, the calculation for the required amount of bonded

reinforcement is done as follows (refer to Figure 26-4).
fe

) in,

y = f +f, c

N, = 2008 o

S )
2
— R

A = N; in2 /f1 f
¥ Figure 26-4 Stress Distribution

Determine minimurn bar lengths for this reinforcement in accordance with
18.9.4 (Note that conformance to Chapter 12 is also required.)

Calculate deflections under total loads using usual elastic methods and gross
concrete section properties (9.5.4). Limit computed deflections to those
specified in Table 9.5(b).

This completes the service load portion of the design.

8. Flexural Strength
a. Calculation of design moments.

Design moments for statically indeterminate post-tensioned members are
determtined by combining frame moments due to factored dead and live loads
with secondary moments induced into the frame by the tendons. The load
balancing approach directly includes both primary and secondary effects, so
that for service conditions only “net loads” need be considered.
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At design flexural strength, the balanced load moments are used Lo determine second-
ary moments by subiracting the primary moment, which is simply F. x e, at each
suppert. For multistory buildings where typical vertical load design is combined with
varying moments due to Jateral loading, an efficient design approach would be to ana-
lyze the equivalent frame under each case of dead, live, balanced, and lateral loads,
and combine the cases for each design condition with appropriate load factors. For
this example, the balanced load moments are determined by moment distribution as
follows:

For spans 1 and 3, balanced load FEM = 0.066 x 17%/12 = 1.59 ft-kips

For span 2, balanced load FEM = 0.064 x 252712 = 3.33 fr-kips

Table 26-2 Moment Distribution—Balanced Loads
(all momenis arein ftkips)

DF 070 0.37 025
FEM +1.59 +1.589 +3.33
Dist ribution -1.11 +0.64 -0.44
Carry-over -0.32 +0.56 +0.22
Distribution +0.22 -0.13 +0.09
Final +(.38 +2.66 +3.20

Since the balanced load moment includes both primary (M1) and secondary (M2)
moments, secondary moments can be found from the following relationship:

Mpa = My + Mo, or My = My, — M

The primary moment M| equals Fe X e at any point (“e” is the distance between the
cgs and the cgc, the “eccentricity” of the prestress force).

Thus, the secondary moments are:
At an exterior column:

Mz = 0.38 - (134 x 0/12) = 0.38 ft-kips

At an interior columm:

Spans 1 and 3,

Mz = 2.66 — 13.4(3.25-1.0)/12 = 0.15 ft-kips
Span 2,

Mz = 3.20 — (13.4 x 2.25)/12 = 0.69 ft-kips
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Balanced load
meoment

7] Secondary |
015 ! moment i
+0.38 + !5:\ ; [+0.69
T ]
! KMy —
1
€ Span
{symm)

Span | +3.20 Span 2

Figure 26-5 Moment Diagram
Factored load moments:
Spans 1 and 3; wy = 170 psf
Span 2: wy = 162 psf
For spans 1 and 3, factored load FEM = 0.170 x 172/12 = 4.09 ft-kips
For span 2, factored load FEM = 0.162 x 25%12 = 8.44 fi-kips

Table 26-3 Moment Distribution—Factored Loads
(af moments arein ft-kips)

DF 0.70 0.37 025
FEM 4.09 -4.09 -8.44
Distribution +2.86 -1.61 +1.09
Camy-over +0.81 -1.43 -0.55
Distribution -0.57 +0.33 -0.22
Final -0.99 -6.80 -8.12

Combine the factored load and secondary moments to obtain the total negative
design moments. The results are given in Table 26-4.

Table 26-4 Design Moments af Face of Column (alf moments are in ft-kips)

Span 1 Span 2
Fadoredload moments -0.99 -6.80 -8.12
Secondary moments +0.38 +0.18 +0.69
Moments at column centerline -0.61 -6.65 -7.43
Moment reduction to face of column, Vey/3 +0.48 +0.80 +1.13
Designmoments at face of column -0.13 -5.85 -6.30
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Calcuiate total positive design moments at interior of span:
For span 1,

Vexe = (0.170 x 17/2) - (6.65 — 0.61)/17
=145-0.36 = 1.09 kips/ft
Vin = 1.45+0.36 = 1.81 kips/ft

Distance x to location of zero shear and maximum positive moment from centerline
of exterior column:

x = 1.09/0.170 = 6.42 ft

End span positive moment = (0.5 x 1.09 x 6.42)-0.61 = 2.89 ft-kips/ft
(including M., )

For span 2,

V = 0162 x 25/2 = 2.03 kips/ft

Interior span positive moment = —7.43 + (0.5 x 2.03 x 12.5) = 5.26 ft-kips/ft
(including M)

b.  Calculation of flexural strength.

Check slab at interior support. Section 18.9.3.3 requires a minimum amount of bonded
reinforcement in negative moment areas at column supports regardless of service load
stress levels. More than the minimum may be required for flexural strength. The
minimum amount is to help ensure flexural continuity and ductility, and to control
cracking due to overload, temperature, or shrinkage.

Ag = 0.00075A.f Eq. (18-8)
where

Acr = larger cross-sectional area of the slab-beam strips of the two orthogonal equiv-
alent frames intersecting at a column of a two-way slab.

17 + 25
Ay 0.00075 x 6.5 x —2——- x 12 = 1.23in2

Try 6-No. 4 bars. Space bars at 6 in. on center, so that they are within the column
width plus 1.5 times slab thickness on either side of colurnn. 18.9.3.3

Barlength = [2 x (25 -20/12)/6]+ 20/12 = 9 ft-5in. 18.9.4.2
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For average one-foot strip:
Ag = 6 x 0.20/20 = 0.06 in.2/ft
Initial check of flexural strength will be made considering this reinforcement.
Calculate stress in tendons at nominal strength:
fe
fps = fse + 10,000+ 300pp Eq (18'5)
With 10 tendons in 20 ft bay:
Pp = Aps/bdp = 10 x 0.153/(20 x 12 x 5.5) = 0.00116
fse = (0.7 x 270)- 14 = 175ksi 18.5.1, 18.6,
Reference 3
fps = 175+ 10 + 4/(300 x 0.00116) = 175+ 10+ 12 = 197 ksi

fps shall not be taken greater than fpy = 0.85fpu = 230 ksi >197
or fge + 30 =205 ksi > 197 OK 18.7.2(c)

Apsfps = 10 x 0.1533 x 197/20 = 15.1 kips/ft

Agfy = 0.06 x 60 = 3.6 kips/ft

o e Capacity 7.41
6.65 v 630
5.85— | [\
4
\
0.61
0.13 )
\ Redistributed
\ Moment
2.89 \
Elastic MomentT (Wi
Face of colum

Capasity 5.98 - —--—m-- .

Figure 26-6 Moments in ft-kips
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oo fples FAKL 0 151236 e
0.85f(b 0.85 x 4 x 12

¢ =alf}; = 046/0.85 = 0.54in.

Et

4.96"
55"

0.54"

0.003
Figure 26-7 Strain Diagram at interior Support

£ = (5.5 - 0.54) x 0.003/0.54 = 0.028 therefore tension controlled, ¢ = 0.9 9.3.2 1034

Since the bars and tendons are in the same layer:

(d ; 3) = (5.5 ; 9i6—)/12 = 0441t
2 2

oMy = 0.9 x (15.1 +3.6) x 0.44 = 7.41 fr-kips/ft > 6.30 ft-kips/ft OK. 9321

Since there is excess negative moment capacity available, use moment redistribu-
tion to increase the negative moment and minimize the positive moment demand
in Span 2. Note that the actual inelastic moment redistribution occurs at the posi-
tive moment section of Span 2.

Permissible change in negative moment = 1000g, = 1000(0.028) = 28% > 20% max 18.10.4.1
8.4

Available increase in negative moment = 0.2 x 6.30 = 1.26 ft-kips/ft
Actual increase in negative moment = Minimum capacity — Elastic Negative Moment

=741 - 630=1.11 fi-kips/ft < 1.26 available Q.K.
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Example 26.1 (cont’d) Calculations and Discussion Reference
Minimum design positive moment in Span 2 = 5.26 - 1.11 = 4.15 ft-kips/ft
Capacity at midspan of Span 2 (no bonded reinforcement required):
Apsfps = 15.1 kips/ft
a=—21 037,
0.85 x4 x 12
0.37
«ac— =083 - 0.079< 0375, therefore tension controlled. 9.322
‘ ' 10.3.4
.3
o\ 55207
d-=l=——2 —044 1
2 12
At center of span,
OM; = 0.9 x (15.1) x 0.44 = 5.98 fi-kips/ft > 4.15 OK at midspan
Check positive moment capacity in Span 1:
.y (65-225)- 057
d-= 1= Z__0391f
2 12
0.37
£ - 085 _ 0.102 < 0.375, therefore, tension controlled 8.322
d, 4.25 10.3 4

oM, = 0.9 x (15.1) x 0.39 = 5.30 fr-kips/ft > 2.89 OK at midspan
Exterior columns:

Ag minimum = 0.00075 x 20 x 12 x 6.5=1.17in? use 6-#4 bars
Ag=106 x 0.2/20 = 0.06 in¥/ft

Asfy=0.06 x 60 = 3.6 kips/ft
Pp =10 x 0.153/(12 x 20 X 3.25) = 0.00196

fps = 175 + 10 + 4/(300 x 0.00196) = 192 ksi
26-17



Example 26.1 (cont’d) Calculations and Discussion

Code
Reference

Asfps =10 x 0.153 x 192/20 = 14.7 kips/ft

147+3.6

a=————"—— =0451in
085 x 4 x12

g = (3.5-0.53) x 0.003/0.53 = 0.028, therefore, tension controlled, d = 0.9

Tendons:

dMp = 0.9 x [(14.7 x 0.25) + (3.6 x 0.44)] = 4.73 ft-kips/ft > 0.13 OK
This completes the design for flexural strength.

9. Shear and Moment Transfer Strength at Exterior Column
a.  Shear and moment transferred at exterior column.
Vu = (0170 x 17/2) — (6.65 - 0.61)/17 = 1.09 kips/ft
Assume building enclosure is masonry and glass, weighing 0.40 kips/ft.
Total slab shear at exterior column:

Vu = [(1.2 x 0.40) +1.09] x 20 = 31.4kips

Transfer moment = 20 (0.61) = 12.2 ft-kips
(factored moment at exterior column centerline = 0.61 ft-kips/ft)

b. Combined shear stress at inside face of critical transfer section.

For shear strength equations, see Part 16.

<
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Example 26.1 (cont’d) Calculations and Discussion Reference
where (referring to Table 16-2: edge column-bending perpendicular to edge)
d=08x 65=752in
cy=121in.
=14 in.
bi= ¢y +d2 = 146in.
by = c2+d = 19.2in.
2
=Y _440in
(2b1+b2)
Ac = (2by +by)d = 252in.2
Jc = [2bid (b1 + 2b2) + d3 (2b; + bay/b11/6 = 1419 in®
Yv = 1= Eq. (11-39)
= 1- ! = 037
B EApL 13.5.3.2
3/%b;
31400 037 x 12.2 x 12000 .
= + = 163 psi
252 1419
¢. Permissible shear stress (for members without shear reinforcement). 11.12.6.2
vy = Ve /(byd) Eq. (11-20)
where V. is defined in 11.12.2.1 or 11.12.2.2
For edge columns:
by = 0445, = 0.85 x 444000 = 215 psi > 163 OK. 11.12.2.4
d. Check moment transfer strength. 13.5.3
Although the transfer moment is small, for illustrative purposes, check the moment 13.5.3.2

strength of the effective slab width (width of column plus 1.5 times the slab thickness
on each side) for moment transfer. Assume that of the 10 tendons required for the 20
ft bay width, 3 tendons are anchored within the column and are bundied together across
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28

Strength Evaluation of Existing Structures

INTRODUCTION

Chapter 20 was revised in 1995 to flag the need to monitor during load tests not only deflections, but also cracks
related to shear and/or bond, along with spalling and crushing of the concrete. In cases involving deterioration of the
structure, acceptance of a building should be based on a load test. Further, the acceptance should include a time limit.
Periodic inspections and strength reevaluations should be specified depending on the nature of the deterioration,
When structure dimensions, size and location of reinforcement, and material properties are known, higher strength
reduction factors were introduced in ACI 318-95 for analytical evaluations of the strength of existing structures.

Strength evaluation of an existing structure requires experience and sound engineering judgment. Chapter 20
provides guidance for investigating the safety of a structure when:

Materials of a building are considered to be deficient in quality.

There is evidence indicating faulty construction.

A building has deteriorated.

A building will be used for a new function.

A building or a portion of it does not appear to satisfy the requirements of the code.

MR wWe -

The provisions of Chapter 20 should not be used for approval of special systems of design and construction.
Approval of such systems is covered in 1.4.

References 28.1 and 28.2 published by the Concrete Reinforcing Steel Institute (CRSI) are suggested additional
guides for strength evaluation of existing structures. Information about reinforcing steel found in old reinforced
concrete structures is given in CRSI Engineering Data Report Number 11,283

20.1 STRENGTH EVALUATION - GENERAL

Strength evaluation of structures can be performed analytically or experimentally. Applicability of the analyti-
cal procedure depends on whether the source of deficiency is critical to the structure’s strength under: (1) flex-
ural and/or axial load, or (2) shear and/or bond. The behavior and stren gths of structural concrete under flexural
and/or axial load strengths can be accurately predicted based on Navier’s hypothesis of “plane section before
loading remains plane after loading.” On the other hand, available theories and models are not as reliable to
predict the shear and bond behavior and strengths of structural concrete. Code provisions for one- and two-way
shear, and for bond are semi-empirical. Shear and bond failures can be brittle.

Analytical strength evaluations suffice for acceptance of buildings if two conditions are met {20.1.2). First, the
source of deficiency should be critical to flexural, axial load, or combined flexural and axial load strengths. It
cannot be critical to shear or bond strengths. Second, it should be possible to establish the actual building
dimensions, size and location of reinforcement, and material properties. If both conditions are not met, strength
evaluations should be determined by a load test as prescribed in 20.3. H causes of concern relate to flexure or
axial load, but it is not possible or feasible to determine material properties, a physical test may be appropriate.



Analytical evaluations of shear strength are not precluded if they are “well understood.” If shear or bond strength
is critical to the safety concerns, physical test may be the most efficient solution. Wherever possible and appro-
priate, it is desirable to support the results of the load tests by analysis (R20.1.3).

If the safety concems are due to deterioration, strength evaluation may be through a load test. If the building
satisfies the acceptance criteria of 20.5, the building should be allowed to remain in service for a specified period
of time as a function of the nature of the deterioration. Periodic reevaluations of the building should be conducied.

20.2 DETERMINATION OF REQUIRED DIMENSIONS AND MATERIAL PROPERTIES

If strength evaluation of a building is performed through analysis, actual dimensions, location and size of rein-
forcement, and material properties should be established. Measurements should be taken at critical sections
where calculated stress would reach a maximum value. When shop drawings are available, spot checks should
be made to confirm location and size of reinforcing bars shown on the drawings. Nondestructive testing tech-
nigues are available to determine location and size of reinforcement, and estimate the strength of concrete.
Unless they are already known, actual properties of reinforcing steel or prestressing tendons should be deter-
mined from samples extracted from the structure.

An analytical strength evaluation requires the use of the load factors of 9.2 and the strength reduction factors of
20.2.5. One of the purposes of the strength reduction factors ¢ given in R9.3.1is “to allow for the probability of
understrength members due to variations in material strengths and dimensions.” When actual member dimen-
sions, size and location of reinforcement, and concrete and reinforcing steel properties are measured, Chapter 20
specifies higher strength reduction factors. A comparison of the strength reduction factors of 20.2.5 to those of
9.3 is given in Table 28-1. The ratios of strength reduction factors of Chapter 20 to those of Chapter 9 are listed
in the last column of the table. For analytical evaluation of columns and bearing on concrete, strength reduction
factors ¢ of 20.2.5 are about 20 percent higher than those of 9.3. For flexure in beams and axial tension, the
increase is 11 percent, while for shear and torsion it is 6 percent.

An increase in strength reduction factors, as specified in Chapter 20, results in an increase in compunted mermber
strengths. Nominal axial compressive strength of columns is in great part a function of the product of the
column cross sectional area and the concrete compressive strength. As concrete compressive strength is subject
to large variability, the strength reduction factors of Chapter 9 are lower for axial compression than for flexure.
Because the actual concrete compressive strength is measured for strength evaluation of existing structures

(20.1.2), a higher increase in strength reduction factor ¢ is specified for columns in 20.2.5.

Table 28-1 Comparison of Strength Reduction Factors

Strength reduction factor
Ch. 20 Ch. 8 Ch. 20/Ch. 9

Tension-controlled sections, as defined in 10.3.4 1.00 0.90 1.11
Compre&aion—controlled sections, as defined in 10.3.3

Members with spiral reinforcement conforming to 10.9.3 0.85 0.75 1.21

Other reinforced members 0.80 0.70 1.23
Shear and forsion 0.8C 0.75 1.07
Bearting on concrete 0.80 0.65 1.23
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20.3 LOAD TEST PROCEDURE

The number and arrangement of spans or panels loaded should be selected Lo maximize the deflection and
stresses in the critical regions of the structural elements of which strength is in doubt (20.3.1). If adjoining
elements are expected to contribute to the load carrying capacity, magnitude of the test load or placement should
be adjusted to compensate for this contribution. As in earlier editions of the code, the total test load is specified
at 0.85 (1.4D + 1.7L), where D is the sum of dead loads or related internal moments and forces, and L is defined
as the live loads or related internal moments and forces. The total test load includes the dead load already in
place (20.3.2). The portion of the structure being load tested should be at least 56 days cld, unless all concerned
parties agree to conduct the test at an earlier age (20.3.3).

Note, starting with ACI 318-02, the load factors and strength reductien factors were revised in 9.2 and 9.3,
respectively. In spite of these changes, the test load intensity prescribed in 20.3.2 has remained unchanged.
Committee 318 felt that it was appropriate to maintain the same factored test load Intensity, for designs comply-
ing with the new load factors and strength reduction factors of Chapter 9.

204 LOADING CRITERIA

Loading criteria are specified in 20.4. Initial values of all response measurements {(deflection, strain, crack
width, etc.) should be read and recorded not more than one hour before load application. When simulating
uniformiy distributed loads, arching of the applied loads must be avoided. Figure 28-1 illustrates arching ac-
tion.28-1 Sufficient gap should be provided between loading stacks so as to prevent contact, and hence arching,
after member deflection, while assuring stability of the test loads.

DONT

D
T, 0

DO

Figure 28-1 Arching Effect Shifts Applied Load to Ends of Span

Test load should be applied in not less than four approximately equal increments. A set of test load and response
measurements is 1o be recorded after each load increment and after the total Ioad has been applied for at least 24
hours. A set of final response measurements is to be recorded 24 hours after the test load is removed.
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20.5 ACCEPTANCE CRITERIA

Evidence of failure includes spalling or crushing of concrete (20.5.1), excessive deflections (20.5.2), shear
cracks (20.5.3 and 20.5.4), and bond cracks (20.5.5). No simple rules can be developed for application to all
types of structures and conditions. However, in members without transverse reinforcement, projection of diago-
nal (inclined) cracks on an axis parallel to the longitudinal axis of the member should be menitored. If the
projection of any diagonal crack is longer than the member depth at mid length of the crack, the member may be
deficient in shear. If sufficient damage has occurred so that the structure is considered to have failed that test,
retesting is not permitted since it is considered that damaged members should not be put into service even at a
lower rating.

Deflection criteria must satisfy the following conditions (20.5.2):

1. When maximum deflection exceeds €[2/(20,000h), the percentage recovery must be at least 75 percent after
24 hours, where

overall thickness of member, in.

span of member under load test, in. (The shorter span for two-way slab systems.) Span is the smaller
of (a) distance between centers of supports, and (b) clear distance between supports plus thickness h
of member. Span for a cantilever must be taken as twice the distance from support to cantilever end, in.

h
&

i

2. When maximum deflection is less than Etzl(Z0,000h), recovery requirement is waived. Figures 28-2 and
28-3 illustrate application of the limiting deflection criteria to the first load test. Figure 28-2 illusirates the
limiting deflection versus member thickness for a sample span of 20 ft. Figure 28-3 depicts the limiting
deflection versus span for a member 8 in. thick.

3. Members failing to meet the 75 percent recovery criterion may be retested.

4. Before retesting, 72 hours must have elapsed after load removal. On retest, the recovery must be 80 percent.

08 -
086 |
Check deflection recovery.
Measured deflection, in. If less than 75%, retest permitied.
R — —_—
Waive recovery

04 | requirement
0.2 . . . . . . '

3 4 5 6 7 8 9 10

Member thickness (h), in.

Figure 28-2 Load Testing Acceptance Criteria for Members with Span Length £, = 20 ft
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10 +

Measured deflection, in. Check deflection recovery.

If less than 75%, retest permitted.
—

Waive recovery
requirement

05 L

b

0.0 4 1 4 t + }

Span length, ft

Figure 28-3 Load Testing Criteria for Members with Overall Thickness b = 8in.

20.6 PROVISION FOR LOWER LOAD RATING

If analytical strength evaluations (20.1.2) indicate that a structure is inadequate, if the deflections of 20.5.2 are
exceeded, or if cracks criterta of 20.5.3 are not met, the structure can be used for a lower load rating, if approved
by the building official.

20.7 SAFETY

During load testing, shoring normally must be provided under the loaded members to assure safety. The shoring
must not interfere with the test procedure or affect the test results. At no time during the load test should the
deformed structure touch or bear against the shoring.

REFERENCES
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29

Special Provisions
for Seismic Design

UPDATE FOR THE "05 CODE

A new term, design story drift ratio, has been defined as the relative difference of design displacements between
the top and the bottom of a story, divided by the story height.

Sections 9.4 and 10.9.3 have been modified to allow the use of spiral reinforcement with specified yield strength
of up to 100 ksi. A provision added to 21.2.5 specifically prohibits such use in members resisting earthquake-
induced forces in structures assigned to Seismic Design Category D, E, or F.

Section 21.5.4 modifies the development length requirements of Chapter 12 for longitudinal beam bars termi-
nating at exterior beam-column joints of structures assigned to high seismic design categories. But then21.7.2.3
of ACT 318-02 required that all continuous reinforcement in structural walls must be anchored or spliced in
accordance with the provisions for reinforcement in tension in 21.5.4. Section 21.9.5.4 of ACI 318-02 further
required that all continuous reinforcement in diaphragms, trusses, ties, chords, and collector elements to be
anchored or spliced in accordance with the provisions for reinforcement in tension as specified in 21.5.4. Sec-
tions 21.7.2.3 and 21.9.5.4 were very confusing to the user, because 21.5.4 is really not applicable to situations
covered by those sections. This problem existed with ACI 318 editions prior to 2002 as well.

In a very significant and beneficial change, the requirements of 21.7.2.3 have been modified to remove the
reference to beam-column joints in 21.5.4. All reference now is directly to the provisions of Chapter 12. The
requirement that mechanical splices of reinforcement conform to 21.2.6, and welded splices to 21.2.7, has now
been placed in 21.7.2.3. Consequently, 21.7.6.4(f) of 21.7.6.6 of ACT 318-02 have been deleted.

In a companion change, 21.9.5.4 now requires that all continuous reinforcement in diaphragms, trusses, struts,
ties, chords, and collector elements be developed or spliced for fy in tension.

Structural truss elements, struts, ties, diaphragm chords, and collector elements with compressive stresses
exceeding 0.2/ at any section are required to be specially confined by 21.9.5.3. The special transverse rein-
forcement may be discontinued at a section where the calculated compressive stress is less than 0.15 f;. Stresses
are calculated for factored forces using a linear elastic model and gross-section properties of the elements
considered. In recent seismic codes and standards, collector elements of diaphragms are required to be designed
for forces amplified by a factor, to account for the overstrength in the vertical elements of the seismic-force-
resisting system. The amplification factor ranges between 2 and 3 for concrete structures, depending upon the
document selected and on the type of seismic system. To account for this amplification factor, 21.9.5.3 now
additionally states that where design forces have been amplified to account for the overstrength of the vertical
elements of the seismic-force-resisting system, the limits of 0.2f; and 0.15f{ shall be increased to 0.5 f. and

0.4 f;, respectively.



In a very significant change, provisions for shear reinforcement at slab-column joints have been added in a new
section 21.11.5, to reduce the likelihood of punching shear failure in two-way slabs withoutbeams. A prescribed
amount and detailing of shear reinforcement is required unless either 21.11.5(a) or (b) is safisfied.

BACKGROUND

Special provisions for earthquake resistance were first introduced into the 1971 edition of the ACI code in
Appendix A, and were included with minor revisions in ACI 318-77. The original provisions of Appendix A
were intended to apply only to reinforced concrete structures located in regions of high seismicity, and designed
with a substantial reduction in total lateral seismic forces (as compared with the elastic response forces), in
anticipation of inelastic structural behavior. Also, several changes were incorporated into the main body of the
1971 code specifically to improve toughness, in order to increase the resistance of concrete structures to earth-
quakes or other catastrophic loads. While Appendix A was meant for application to lateral force-resisting frames
and walls in regions of high seismicity, the main body of the code was supposed to be sufficient for regions
where there is a probability of only moderate or light earthquake damage.

The special provisions of Appendix A were extensively revised for the 1983 code, to reflect current knowledge and
practice of the design and detailing of monolithic reinforced concrete structures for earthquake resistance. Appen-
dix A to ACI 318-83 for the first time included special detailing for frames in zones of moderate seismic hazard.

The special provisions for earthquake resistance formed Chapter 21 of the 1989 code edition. This move from
an appendix into the main body of the code was made for reasons discussed in Part 1 of this publication.

For buildings located in regions of low seismic risk, or for structures assigned to low seismic performance or
design categories, no special design or detailing is required; the general requirements of Chapters 1 through 18
and 22 of the code apply. Concrete structures proportioned by Chapters 1 through 18 and 22 of the code are
expected to provide a level of toughness adequate for structures subject to low seismic risk.

For buildings located in regions of moderate seismic hazard, or for structures assigned to intermediate seismic
performance or design categories, moment frames proportioned to resist earthquake effects require some addi-
tional reinforcement details. The additional detailing requirements apply only to frames (beams, columns, and
slabs) to which earthquake-induced forces have been assigned in design. There are no additional requirements
for structural walls provided to resist the effects of wind and earthquakes, or for structural components that are
not designed to be part of the lateral force-resisting system a of building located in regions of moderate seismic
hazard, except for the connection requirements in 21.13 for intermediate precast structural walls. Structural
walls proportioned by the non-seismic provisions of the code are considered to have sufficient toughness at drift
levels anticipated in structures subject to mederate seismic risk.

For buildings located in regions of high seismic hazard, or for structures assigned to high seismic performance or
design categories, where damage to construction has a high probability of occurrence, all structural components,
irrespective of whether they are included in the lateral force-resisting system, must satisfy the requirements of 21.2
through 21.10. The special proportioning and detailing provisions of Chapter 21 are intended to produce a con-
crete structure with adequate toughness to respond inelastically under severe earthquake excitation.

GENERAL CONSIDERATIONS

Economical earthquake-resistant design should aim at providing appropriate dynamic characteristics in struc-
tures so that acceptable response levels would result under the design earthquake. The structural properties that
can be modified to achieve the desired results are the magnitude and distribution of stiffness and mass and the
relative strengths of the structural members.

In some structures, such as slender free-standing towers or smoke stacks, which depend for their stability on the
stiffness of the single element making up the structure, or in nuclear containment buildings where a more-than-
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usual conservatism in design is required, yielding of the principal elements in the structure cannot be tolerateqd

. . . -~ Sl
In such cases, the design needs to be based on an essentially elastic response 10 moderate-to-strong earthquak ey
with the critical stresses limited to the range below yield: -

In most buildings, particularly those consisting of frames and other multiply-redundant systerns, however, economy
is achieved by allowing yielding to take place in some members under moderate-to-strong earthquake motion.

The performance criteria implicit in most earthquake code provisions reguire that a structure be able to:

1. Resist earthquakes of minor intensity without damage; a structure would be expected to resist such frequent
but minor shocks within its elastic range of stresses.

2. Resist moderate earthquakes with negligible structural damage and some nonstructural damage; with proper
design and construction, it is expected that structural damage due to the majority of earthquakes will be repairable.

3. Resist major catastrophic earthquakes without collapse; some structural and nonstructural damage is expected.

The above performance criteria allow only for the effects of a typical ground shaking. The effects of landslides,
subsidence or active faulting in the immediate vicinity of the structure, which may accompany an earthquake,

are not considered.

While no clear quantitative definition of the above earthquake intensity ranges has been given, their use implies
the consideration not only of the actual intensity level but also of their associated probability of occurrence with
reference to the expected life of a structure.

The principal concern in earthquake-resistant design is the provision of adequate strength and toughness 1o
assure life safety under the most intense earthquake expected at a site during the life of a structure. Observations
of building behavior in recent earthquakes, however, have made engineers increasingly aware of the need to
ensure that buildings that house facilities essential to post-earthguake operations—such as hospitals, power
plants, fire stations and communication centers—not only survive without collapse, but remain operaticnal after
an earthquake. This means that such buildings should suffer a minimum amount of damage. Thus, damage
control is at times added to life safety as a second design consideration.

Often, damage control becomes desirable from a purely economic point of view. The exira cost of preventing
severe damage to the nonstructural components of a building, such as partitions, glazing, ceiling, elevators and
other mechanical systems, may be justified by the savings realized in replacement costs and from continued use

of a building after a strong earthquake.

The principal steps involved in the earthquake-resistant design of a typical concrete structure according to build-
ing code provisions are as follows:

1. Determination of seismic zone, or seismic performance, or design category
Seismic design category combines the seismic hazard at the site of the structure, the occupancy of the
structure, and the soil characteristics at the site of the structure. It's a relatively new concept, for an under-
standing of which, the reader may consult Ref. 29.1. Seismic performance category is a function only of the
seismic hazard at the site of the structure and the occupancy of the structure. Seismic zone considers only the

seismic hazard at the site of the structure.

2. Determination of design earthquake forces
4 calculation of base shear corresponding to computed or estimated fundamental period of vibration of the

structure {a preliminary design of the structure is assumed here)
b. distribution of the base shear over the height of the building
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3. Analysis of the structure under the (static) lateral earthquake forces calculated in step 1, as well as under
gravity and wind loads, to obtain member design forces.

4. Designing members and joints for the critical combinations of gravity and lateral (wind or seismic) toads.

5. Detailing members for ductile behavior in accordance with the seismic zone, or the seismic performance or
design category of the structure.

It is important to note that some buildings are required to be designed by a dynamic, rather than a static, lateral
force procedure when one or more criteria of the static procedure are not satisfied.

In the International Building Code (IBC)292, as well as in the model codes that preceeded it, the design base
shear represents the total horizontal seismic force that may be assumed acting parallel to the axis of the structure
considered. The force in the other horizontal direction is usually assumed to act non-concurrently. Depending
on the building and the seismic zone or seismic performance or design category, the seismic forces may need to
be applied in the direction that produces the most critical load effect. The requirement that orthogonal effects be
considered in the proportioning of a structural element may be satisfied by designing the element for 100 percent
of the prescribed seismic forces in one direction plus 30 percent of the prescribed forces in the perpendicular
direction. The combination requiring the greater component strength must be used for design. The vertical
component of the earthquake ground motion is included in the load combinations involving earthquake forces
that are prescribed in the IBC. Special provisions are also required for structural elements that are susceptible to
vertical earthquake forces (cantilever beams and slabs; prestressed members).

The code-specified design lateral forces have a general distribution that is compatible with the typical envelope of
maximum horizontal shears indicated by elastic dynamic analyses for regular structures. However, the code forces
are substantially smaller than those that would be developed in a structure subjected to the anticipated earthquake
intensity, if the structure were to respond elastically to such ground excitation. Thus, buildings designed under the
present codes would be expected to undergo fairly larpe deformations when subjected to a major earthquake. These
large deformations will be accompanied by yielding in many members of the structure, which is the intent of the
codes. The reduced code-specified forces must be coupled with additional requirements for the design and detailing
of members and their connections in order to ensure sufficient deformation capacity in the inelastic range.

The capacity of a structure to deform in a ductile manner (i.e., to deform beyond the yield limit without signifi-
cant loss of strength), allows such a structure to dissipate a major portion of the energy from an earthquake
without collapse. Laboratory tests have demonstrated that cast-in-place and precast concrete members and their
connections, designed and detailed by the present codes, do possess the necessary ductility to allow a structure
to respond inelastically to earthquakes of major intensity without significant loss of strength.

21.2 GENERAL REQUIREMENTS
21.21 Scope

Sections 21.2.1.2 through 21.2.1.4 contain the required detailing requirements based on the structural framing
syslem, seismic hazard level at the site, level of energy dissipation planned in the structural design, and the

occupancy of the building.

Traditionally, seismic risk levels have been classified as low, moderate, and high. The seismic risk level, or the
seismic performance or design category of a building is regulated by the legally adopted building code of the
region or is determined by a local authority (1.1.8.3). Table R1.1.8.3 contains a summary of the seismic risk
levels, seismic performance categories (SPC), and seismic design categories (SDC) specified in the IBC, the
three prior model building codes now called legacy codes, as well as other resource documents (see R21.2.1).
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The provisions of Chapters 1 through 18 and Chapter 22 of ACI 318 apply to structures in regions of low seismic
hazard or to structures assigned to low seismic performance or design categories (21.2.1.2). The design and detail-
ing requirements of these chapters are intended to provide adequate toughness for structures in these regions or
assigned to these categories. Ordinary moment frames (cast-in-place or precast) and ordinary structural walls are
the structural systems that can be utilized. It is important to note that the requirements of Chapter 21 apply when
the design seismic forces are computed using provisions for intermediate or special concrete systems.

In regions of moderate seismic hazard or for structures assigned to satisfy intermediate seismic performance or
design categories, intermediate or special moment frames, or ordinary, intermediate, or special structural walls
shall be used (21.2.1.3). Provisions for intermediate moment frames and intermediate precast structural walls
are contained in 21.12 and 21.13, respectively.

Special moment frames (cast-in-place or precast), special structural walls (cast-in-place or precast}, and diaphragms
and trusses complying with 21.2.2 through 21.2.8 and 21.3 through 21.10 shall be used in regions of high seismic
hazard or for structures assigned to satisfy high seismic performance or design categories (21.2.1.4). Members not
proportioned to resist earthquake forces shall comply with 21.11. The provisions of 21.2.2 through 21.2.8 and 21.3
through 21.11 have been developed to provide adeguate toughness should the design earthquake occur

The requirements of Chapter 21 as they apply to various structural components are summarized in Table R21.2.1,

21.2.2 Analysis and Proportioning of Structural Members

The interaction of all structural and nonstructural components affecting linear and nonlinear structural response
are to be considered in the analysis (21.2.2.1). Consequences of failure of structural and nonstructural compo-
nents not forming part of the lateral force-resisting system shall also be considered (21.2.2.2). The intent of
21.2.2.1 and 21.2.2.2 is to draw attention to the influence of nonstructural components on structural response

and to hazards from falling objects.

Section 21.2.2.3 alerts the designer to the fact that the base of the structure as defined in analysis may not necessarily
correspond to the foundation or ground level. It requires that structural members below base, which transmit forces
resulting from earthquake effects to the foundation, shall also comply with the requirements of Chapter 21.

Even though some element(s) of a structure may not be considered part of the lateral force-resisting system, the
effect on all elements due to the design displacements must be considered (21.2.2.4).

21.23 Strength Reduction Factors

The strength reduction factors of 9.3.2 are not based on the observed behavior of cast-in-place or precast concrete
members under load or displacement cycles simulating earthquake effects. Some of those factors have been modi-
fied in 9.3.4 in view of the effects on strength due to large displacement reversals into the inelastic range of response.

Section 9.3.4(a) refers to members such as low-rise walls or portions of walls between openings, which are
proportioned such as to make it impractical to raise their nominal shear stren gth above the shear corresponding
to nominal flexural strength for the pertinent loading conditions.

21.2.4,21.25 Limitations on Materials

A minimum specified concrete compressive strength f. of 3,000 psi and a maximum specified reinforcement
yield strength fy of 60,000 psi are mandated. These limits are imposed as reasonable bounds on the variation of
material properties, particularly with respect to their unfavorable effects on the sectional ductilities of members in
which they are used. A decrease in the concrete strength and an increase in the yield strength of the tensile reinforce-
ment tend to decrease the ultimate curvature and hence the sectional ductility of a member subjected to flexure.
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The statement in 21.2.1.1, referencing 1.1.1, helps to clarify that no maximum specified compressive strength
applies. Limitations on the compressive strength of lightweight aggregate concrete is discussed below.

There is evidence suggesting that lightweight concrete ranging in strength up to 12,500 psi can attain adequate
ultimate strain capacities. Testing to examine the behavior of high-strength, lightweight concrete under high-
intensity, cyclic shear loads, inciuding a critical study of bond characteristics, has not been extensive in the past.
However, there are test data showing that properly designed lightweight concrete columns, with concrete stren gth
ranging up to 6,200 psi, maintained ductility and strength when subjected to large inelastic deformations from
load reversals. Committee 318 feels that a limit of 5,000 psi on the strength of lightweight concrete is advisable,
pending further testing of high-sirength lightweight concrete members under reversed cyclic loading. Note that
lightweight concrete with a higher design compressive strength is allowed if it can be demonstrated by experi-
mental evidence that structural members made with that lightweight concrete possess strength and toughness
equal to or exceeding those of comparable members made with normal weight concrete of the same strength.

Chapter 21 requires that reinforcement for resisting flexure and axial forces in frame members and wall bound-
ary elements be ASTM A 706 Grade 60 low-alloy steel, which is intended for applications where welding or
bending, or both, are important. However, ASTM A 615 billet steel bars of Grade 40 or 60 may be used in these
members if the following two conditions are satisfied:

actual fy < specified fy + 18,000 psi

actual tensile strength
actual f,

= 1.25

The first requirement helps to limit the magnitude of the actual shears that can develop in a flexural member
above that computed on the basis of the specified yield strength of the reinforcement when plastic hinges form at
the ends of a beam. Note that retests shall not exceed this value by more than an additional 3,000 psi. The second
requirement is intended to ensure steel with a sufficiently long yield plateau.

In the “strong column-weak beam” frame intended by the code, the relationship between the moment strengths
of columns and beams may be upset if the beams turn out to have much greater moment strengths than intended.
Thus, the substitution of Grade 60 steel of the same area for specified Grade 40 steel in beams can be detrimen-
tal. The shear strength of beams and columns, which is generally based on the condition of plastic hinges
forming at the ends of the members, may become inadequate if the moment strengths of member ends would be
greater than intended as a result of the steel having a substantially greater yield strength than specified.

Sections 9.4 and 10.9.3 have been modified to allow the use of spiral reinforcement with specified yield strength
of up to 100 ksi. A sentence added to 21.2.5 specifically prohibits such use in members resisting earthquake-
induced forces in structures assigned to Seismic Design Category D, E, or . This is largely the result of some
misgiving that high-strength spiral reinforcement may be less ductile than conventional mild reinforcement and
that spiral failure has in fact been observed in earthquakes. There are fairly convincing arguments, however,
against such specific prohibitions. Spiral failure, primarily observed in bridge columns, have invariably been
the result of insufficient spiral reinforcement, rather than the lack of ductility of the spiral reinforcement. Also,
prestressing steel, which is the only high-strength steel available on this market, is at least as ductile as welded
wire reinforcement which is allowed to be used as transverse reinforcement.

21.26 Mechanical Splices

Section 21.2.6 contains provisions for mechanical splices. According to 21.2.6.1, a Type 1 mechanical splice
shall conform to 12.14.3.2, i.e., the splice shall develop in tension or compression at least 125 percent of the
specified yield strength fy of the reinforcing bar. A Type 2 mechanical splice shall also conform to 12.14.3.2 and
shall develop the specified tensile strength of the spliced bar.
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During an earthquake, the tensile stresses in the reinforcement may approach the tensile strength of the rein-
forcement as the structure undergoes inelastic deformations. Thus, Type 2 mechanical splices can be used at any
location in a member (21.2.6.2). The locations of Type 1 mechanica? splices are restricted since the tensile
stresses in the reinforcement i yielding regions of the member can exceed the strength requirements of 12.14.3.2.
Consequently, Type 1 mechanical splices are not permitted within a distance equal to twice the member depth
from the face of the column or beam or from sections where yielding of the reinforcement is likely to occur due
to inelastic lateral displacements (21.2.6.2).

21.2.7 Welded Splices

The requirements for welded splices are in 21.2.7. Welded splices shall conform to the provisions of 12.14.3.4,
Le., the splice shall develop at least 125 percent of the specified yield strength f, of the reinforcing bar (21.2.7.1).
Similar to Type 1 mechanical splices, welded splices are not permitted within a distance equal to twice the
member depth from the face of the column or beam or from sections where yielding of the reinforcement is
likely to occur due to inelastic lateral displacements; in yielding regions of the member, the tensile stresses in the
reinforcement can exceed the strength requirements of 12.14.3.4 (21.2.7.1).

According to 21.2.7.2, welding of stirrups, ties, inserts or other similar elements to longitudinal reinforcement
that is required by design is not permitted. Welding of crossing reinforcing bars can lead to local embrittlement
of the steel. If such welding will facilitate fabrication or field installation, it must be done only on bars added
expressly for construction. Note that this provision does not apply to bars that are welded with welding opera-
tions under continuous competent control, as is the case in the manufacture of welded wire reinforcement.

21.2.8 Anchoring to Concrete

The requirements in this section pertain to anchors resisting earthquake-induced forces in structures located in
regions of moderate or high seismic hazard. The design of such anchors must conform to the additional

requirements of D.3.3 of Appendix D. See Part 34 for additional information.

21.3 FLEXURAL MEMBERS OF SPECIAL MOMENT FRAMES

The left-hand column of Table 29-1 contains the requirements for flexural members of special moment frames
{as noted above, special moment frames, which can be cast-in-place or precast, are required in regions of high
seismic hazard or for structures assigned to satisfy high seismic performance or design categories). These
requirements typically apply to beams of frames and other flexural members with negligible axial loads (21.3.1).
Special precast moment frames must also satisfy the provisions of 21.6, which are discussed below. For comparison
purposes, Table 29-1 also contains the corresponding requirements for flexural members of intermediate and

ordinary cast-in-place mement frames. See Chapter 16 and Part 23 for additional information on precast systems.

21.3.1 Scope

Flexural members of special moment frames must meet the general requirements of 21.3.1.1 through 21.3.1.4,
These limitations have been guided by experimental evidence and observations of reinforced concrete frames
that have performed well in past earthquakes. Members must have sufficient ductility and provide efficient
moment transfer to the supporting columns. Note that columns subjected to bending and having a factored axial
load Py < Ag £{/10 may be designed as flexural members, where Ag is the gross area of the section.
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Table 29-1 Flexural Members of Frames

Special Moment Frames

Intermediate and Ordinary CiP Moment Frames

Flexural frame members shali satisfy the following
conditions: i
+ Factored axial compressive force € Agle /10
« Clear span 2 4 X effective depth
« Width fo depth ratio = 0.3

intermediate — Factored axial compressive force < Agfé /10

21122

Ordinary — No similar requirements.

Positive moment strength at jeint face = 1/2
negative moment strength at that face of the joint.

21322

w
b » Width = 10in.
g « Width < width of supporting member +
distances on each side of the supporting
member not exceeding three-fourths of the
depth of the flexural member
21.3.1
Minimum reinforcement shall not be less than Same requirement, excepl as provided in 10.5.2,
10.5.3, and 10.5.4, although minimum reinforcement need
3{’2%”’ 200 b,d only be provided at sections where tensile reinforcement
and is required by analysis.
fy fy
at any section, top and bottom, unless provisions
in 10.5.3 are satisfied.
21.3.21 10.5
The reinforcement ratio (p) shall not exceed 0.025.] The net tensile strain &, at nominal strength shall not be less
than 0.004.
® 21.3.21 10.3.5
T | Alleast two bars shall be provided continuously at | Provide minimum structural integrity reinforcement.
E both top and bottom of section.
Tt
§
E
= 21.32.1 7.13
18

intermediate — Positive moment strength at joint
face > 1/3 negative moment strength at that face of the joint.

21.12441

Ordinary — No similar requirement.

Neither the negative nor the positive moment
strength at any section along the member shall be
less than 1/4 the maximum moment strength
provided at the face of either joint.

21.3.2.2

Intermediate — Same requirement, except it is needed to
provide only 1/5 of the maximum moment strength at the face
of either joint at every section along the mermber.

21.12.441

Ordinary — No similar requirement.

Ag = gross area of section
b, = width of web
d = effective depth of section

f; = gpecified compressive strength of concrete

f, = specified yieid strength of reinforcement

— continued on next page —
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Table 25-1 Flexural Members of Frames {cont'd}

Special Moment Frames

Intermediate and Ordinary CIP Moment Frames

Lap splices of flexural reinforcement are permitted only if
hoop or spiral reinforcement is provided over the lap length.
Hoop and spiral reinforcment spacing shall not exceed di4 or
4 in. Mechanical splices shall conform te 21.2.6 and welded

splices shalt conform to 21.2.7.
21.3.2.3,21.3.24

There is no requirement that splices be enclosed
in hoops.

shall have lateral support conforming to 7.10.5.3.

21333

i
2 | Lap splices are not to be used: No similar requirement.
& |+ Withinjoints.
= Within a distance of twice the member depth from the
face of the joint.
+ Atlocations where analysis indicates flexural yielding
caused by inelastic lateral displacements of the frame.
21.3.2.3
Hoops are required over a length equal to twice the member | Intermeadiate — Same requirement.
depth from the face of the supporting member toward
midspan at both ends of the flexural member. 21.12.42
21.3.3.1 Ordinary — No similar requirement.
Hoops are required over lengths equal to twice the member | Reinforcement for flexural members subject to
depth on both sides of a section where flexural yielding may | stress reversals shall consist of closed stirrups
oceur in connection with inelastic lateral displacements of the| extending around flexural reinforcement. Also,
frame. provide minimum structural integrity reinforce-
ment.
21.3.3.1 711.2,713
Where hoops are required, the spacing shall not exceed: Intermediate — Same requirement,
- ara
& 8 x diameter of smallest (ongitudinal bar 21.12.4.2
E 24 % diameter of hoop bars
[ ) .
-Q 12 in.
= Ordinary — No similar requirement.
E The first hoop shall be located not more than 2 in. from the
© face of the supporting member.
o
2 21.3.3.2
g Where hoops are required, longitudinal bars on the perimeter] No similar requirement.

Where hoops are not required, stirrups with seismic hooks at
both ends shall be spaced at a distance not more than d/2
throughout the length of the member.

21.3.3.4

Intermediate — Similar requirement except that
seismic hooks are not required.

21.12.4.3

Transverse reinforcment must also be proportioned to resist
the entire design shear force, neglecting the contribution of
concrete to shear strength, if certain conditions are met.

21.34

Intermediate — Transverse reinforcement must
alsc be proportioned to resist the design shear
force.

21.12.3
Ordinary — Provide sufficient transverse rein-
forcement for shear and torsion.

11.5, 11.6
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21.3.2 Flexural Reinforcement

The reinforcement requirements for flexural members of special moment frames are shown in Fig. 29-1. To
allow for the possibility of the positive moment at the end of a beam due to earthquake-induced lateral
displacements exceeding the negative moment due to gravity loads, 21.3.2.2 requires a minimum positive moment
strength at the ends of the beam equal to at least 50 percent of the corresponding negative moment strength. The
minimum moment strength at any section of the beam is based on the moment strength at the faces of the
supports. These requirements ensure strength and ductility under large lateral displacements. The limiting ratic
of 0.025 is based primarily on considerations of steel congestion and aiso on limiting shear stresses in beams of
typical proportions. The requirement that at least two bars be continuous at both the top and the bottom of the
beam is for construction purposes.

The flexural requirements for flexural members of intermediate moment frames are similar to those shown in
Fig. 29-1 (see Table 29-1).

3.7 byd
. > A- = b in. i
0.025b,d 2 (A; or AL)z 200hya * ™1 2 bars continuous
T fv -
/Mﬁ, £ Mn,r

/l/

1
1
1
1
'
1
1
T

/l/

1 .
Mir 2 EMn.r

__,l/_L_ My, 2 ';‘Mr;‘f \I‘

(MH orM? ) atany section 2 7 (max. M at either joint)

N

Note: hoops not shown for clarity
Figure 29-1 Reinforcement Requirements for Flexural Members of Special Moment Frames

Lap splices of flexural reinforcement must be placed at locations away from potential hinge areas subjected to
stress reversals under cyclic loading (see Fig. 29-2). Where lap splices are used, they should be designed as
tension lap splices and must be properly confined. Mechanical splices and welded splices must conform to
21.2.6 and 21.2.7, respectively.

21.3.3 Transverse Reinforcement

Adequate confinement is required at the ends of flexural members, where plastic hinges are likely to form, in
order to ensure sufficient ductility of the members under reversible loads. Transverse reinforcement is also
required at these locations to assist the concrete in resisting shear and to maintain lateral support for the reinforcing
bars. For flexural members of special moment frames, the transverse reinforcement for confinement must
consist of hoops as shown in Fig. 29-3. Hoops must be used for confinement in flexural members of intermediate
moment frames as well (21.12.4.2). Shear strength requirements for flexural members are given in 21.3.4 for
special moment frames and 21.12.3 for intermediate moment frames.
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Splice, if used, confined

[ [ Botemai inge area m
011108 T T
Foors LI

Spacing < dfd or 4 in.

Typical Splice Detaiis

Cross-tie
Gdb (2 3 il"t.) ﬁsd
. . b
extension Detail B extension
N
Consecutive cross-ties Detail A Detail C
shall have 90 degree I B
hooks on opposite sides
A —A
C— —C

Single- and Two-Piece Hoops

Figure 29-2 Splices and Hoop Reinforcement for Flexural Members of Special Moment Frames

/4
s 8dy (long. bar}
T | 244, (hoop bar)

//
12in,
H Hocps (see Fig. 29-2)

I
|1
//
= -~ [ ~
i Stirups
! with seismic hooks™
4

2h

L F
\\-s <d/2

*Seismic hooks are not required for intermediate moment frames

Figure 29-3 Transverse Reinforcement for Flexural Members of Special and Intermediate Moment Frames

2134 Shear Strength Requirements

Typically, larger forces than those prescribed by the governing building code are induced in structural members
during an earthquake. Designing for shear forces from a combined gravity and lateral load analysis using the
code-prescribed load combinations is not conservative, since in reality the reinforcement may be stressed beyond
its yield strength, resulting in larger than anticipated shear forces. Adequate shear reinforcement must be provided
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s0 as to preclude shear failure prior to the development of plastic hinges at the ends of the beam. Thus, a flexural
member of a special moment frame must be designed for the shear forces associated with probable moment
strengths My acting at the ends and the factored tributary gravity load along its span (21.3.4.1). The probable
morment strength M, is associated with plastic hinging in the flexural member, and is defined as the strength of

the beam with the stress in the reinforcing steel equal to 1.25f, and a strength reduction factor of 1.0:

Mpr = Ag(1.255, )(d - %) (rectangular section with tension reinforcement only)

Ag(1.255,)
0.85¢".b

where a =

Note that sidesway to the right and to the left must both be considered to obtain the maximurm shear force (see
Fig. 29-4). The use of 1.25f, for the stress in the reinforcing steel reflects the possibility that the actual yield
strength may be in excess of the specified value and the likelihood that the deformation in the tensile reinforcement
will be in the strain-hardening range. By taking 1.25fy as the stress in the reinforcement and 1.0 as the strength
reduction factor, the chance of shear failure preceding flexural yielding is reduced.

In determining the required shear reinforcement over the lengths identified in 21.3.3.1, the contribution of the
shear strength of the concrete V., is taken as zero if the shear force from seismic loading is one-half or more of
the required shear strength and the factored axial compressive force including earthquake effects is less than
A f0 /20 (21.3.4.2). The purpose of this requirement is to provide adequate shear reinforcement to increase the
probability of flexural failure. Note that the strength reduction factor ¢ to be used is 0.75 or 0.85, depending on
whether Chapter 9 or Appendix C load combinations are used (see 9.3.2.3 or C.3.2.3).

Shear reinforcement shall be in the form of hoops over the lengths specified in 21.3.3.1 (21.3.3.5); at or near
regions of flexural yielding, spalling of the concrete shell is very likely to occur. Details of hoop reinforcement
are given in 21.3.3.6 (see Fig. 29-2). Where hoops are not required, stirrups with seismic hooks at both ends may
be used (21.3.3.4, 21.3.3.5). A minimum amount of transverse reinforcement is required throughout the entire
length of flexural members to safeguard against any loading cases that were unaccounted for in design.

Wy
s o L LT T T T T S
tn
(Vo) (Ve
Wy
tSoiclllzc;zﬁway (Mﬁr)f (. l l 1 J. l l l ‘) (M;r)r
n
(Vee . i Vel
Maximum V, = (Mar)!;[Mpr]r + WZE“

For intermediate moment frames, use nominal mement strength (Mp).

Figure 29-4 Design Shear Forces for Flexural Members of Special Moment Frames

The transverse reinforcement provided within the lengths specified in 21.3.3.1 shall satisfy the requirement for
confinement or shear, whichever governs.
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A similar analysis is required for frame members of intermediate moment frames except that the nominal moment
strength M, of the member is used instead of the probable moment strength (21.12.3). Also to be found in 21.12.3
is an alternate procedure where the earthquake effects are doubled in lieu of using the nominal moment strength.

214 SPECIAL MOMENT FRAME MEMBERS SUBJECTED TO BENDING AND
AXIAL LOAD

The left hand column of Table 29-2 contains the requirements for special moment frame members subjected to
combined bending and axial loads. These requirements would typically apply to columns of frames and other
flexural members that carry a factored axial load P, > Agf/10. For comparison purposes, Table 29-2 also
contains the corresponding requirements for intermediate and ordinary cast-in-place moment frame members
subject to combined bending and axial loads.

21.41 Scope

Section 21.4.1 is intended primarily for columns of special moment frames. Frame members other than columns that do
not satisfy 21.3.1 are proportioned and detailed according to 21.4. The geometric constraints are largely reflective of
prior practice. Unlike in the case of flexural members, a column-like member violating the dimensional limitations of
21.4.1 need not be excluded from the lateral force-resisting system, if it is designed as a wall in accordance with 21.7.

21.4.2 Minimum Flexural Strength of Columns

Columns must be provided with sufficient strength so that they will not yield prior to the beam at a beam-column
joint. Lateral sway caused by column hinging may result in excessive damage. Yielding of the columns prior to
the beams could also result in total collapse of the structure. For these reasons, columns are designed with 20%
higher flexural strength as compared to beams meeting at the same joint, as shown in Fig. 29-5. In 21.4.2.2,
nominal strengths of the columns and girder are calculated at the joint faces, and those strengths are used in Eq.
(21-1). The column flexural strength is calculated for the factored axial load, consistent with the direction of the
lateral forces considered, resulting in the lowest flexural strength.

Mnp (Mnt + Mpp) 2 % {(Mpg + Mu) Mnb
£ .
Mar Cv\ e) Mne¢ Mny CVX V\D Mae
v Va
Mn! Mrt

Subscripts £, 1, t, and b stand for left support, right support,
top of column, and bottom of column, respectively.

Figure 29-5 “Strong Colurnn-Weak Beam” Frame Requirements for Special Moment Frames

When computing the nominal flexural strength of girders in T-beam construction, stab reinforcement within an
effective slab width defined in 8.10 shall be considered as contributing to the flexural strength if the slab
reinforcement is developed at the critical section for flexure. Research has shown that using the effective flange
width in 8.10 gives reasonable estimates of the negative bending strength of girders at interior joints subjected to
interstory displacements approaching 2% of the story height.
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Table 29-2 Frame Members Subjected to Bending and Axial Loads

Special Moment Frames

Intermediate and Ordinary CIF Moment Frames

General

Frame members under this classification must meet the
following requirements:
= Faciored axial compressive force > Agfc’ /10.
* Shortest cross-sectional dimension = 12 in.
+ Ratio of shorest cross-sectional dimensicn to
perpendicular dimension 2 0.4.

21.4.1

Intermediate — Factored axial corrpressive force > Agf, /10,
21.12.2

Ordinary — No similar requirements.

Flexural Requirements

The flexural strengths of columns shall satisfy the following:
IM, > (6/5) ZM,
where ZM, = sum of moments at the faces of the joint,
corresponding to the nominal flexural
strengths of the columns.

M. = sum of moments at the faces of the joint,
correspending to the nominal flexural
strengths of the girders. In T-beam costruct-
jon, slab reinforcement within an effective
slab width defined in 8.10 shall be consid-
ared as contributing to flexural strength.

If this requirement is not salisfied, the lateral strength
and stiffness of the column shall net be considered when
determining the strength and stiffness of the structure,
and the column shall conform to 21.11; also, the ¢olumn
must have transverse reinforcement over its full height
as specified in 21.4.4.1 through 21.4.4.3.

21.4.2

No similar requirements.

The reinforcement ratio (p ) shall not be less than 0.1
and shall not exceed 0.06.

21.4.3.1

The reinforcement ratio {p,) shall not be less than 0.01
and shall not exceed 0.08. For a compression member
with a cross section larger than required by consider-
ations of loading, the reinforcement ratio (p,)can be
reduced below 0.01, but never below 0.005 {10.8.4).

10.9

Splices

Mechanical splices shall conform to 21.2.6 and welded
splices shall conform to 21.2.7. Lap splices are permit-
ted only within the center half of the member length,
must be tension lap splices, and shall be enclosed within
transverse reinforcement conforming to 21.4.4.2 and
21.4.4.3.

21.4.3.2

There is no restriction on the location of splices which
are typically located just above the fioor for ease of
construction.

Transverse Reinforcement

The transverse reinforcement requirements discussed in
the fellowing five items on the next page need only be
provided over a length { ¢} from each joint face and on
both sides of any section where fiexural yielding is likely
to cceur. The length (£,) shall not be less than:

depth of member
1/6 clear span
18in.

21.44.4

Intermediate — The length (£, } is the same as for special

moment frames.
211252

Ordinary — No similar requirements,

A, = cross-sectional area of member measured out-to-out

A

g

= gross area of section
(. = specified compressive strength of concrete
Ty = specified yield stress of transverse reinforcement

— continued on next page —

of transverse reinforcement . . ,
Svers b, = cross-sectional dimension of column core measured center-fo-center

of outer legs of the transverse reinforcement comprising area Ay
h, =maximum horizontal spacing of hoop or crosstie legs on ail faces of
the colurmn

s = spacing of transverse reinforcement
8, = longitudinal spacing of transverse reinforcement within the fength £ .
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Table 29-2 Frame Members Subjected to Bending and Axial Loads {cont'd}

Special Moment Frame

Intermediate and Ordinary CiP Moment FrameJ

Ratio of spiral reinforcement (p,) shall not be less than the value
given by:

‘Ratic of spiral reinforcement {g,) shall not be fess
A
pg = 0.46 (—9—

than the value given by:
] 3
A

and shall conform te the provisions in 7.10.4.
10.9.3

Total cross-sectional area of rectangular hocop reinforcement for
confinement (A,) shall not be less than that given by the
following two eguations:

Agh = 0.3 (sbok /) [(Ag/ Acn) 1]
Ach = 0.09 (sbfs / )
21.4.4.1

Transverse reinfercement must be provided to
satisty both shear and lateral support requirements
for longitudinal bars.

7.10.5, 11.1

I the thickness of the concrete outside the contining transverse
reinforcement exceeds 4 in., additional transverse reinforcement
shall be provided at a spacing < 12 in. Concrete cover on the
additicnal reinforcement shali not exceed 4 in.

21.4.41

No similar requiremeants.

Transverse reinforcement shall be spaced at distances not excesding
1/4 minimum member dimension, 6 X longitudinal bar diameter,
4in.€£5,=4+[(14 - AY¥3] <6 in.

21.44.2

Intermediate—Maximum spacing s, is 8 * smallest
longitudinal bar diameter, 24 X hoop bar diameter,
1/2 smalles! cross-sectional dimension, or 12 in,
First hoop 1o be located no further than s /2 from the
joint face. 21.12.5.2

Crdinary — No similar requirement.

Transverse Reinforcement (continued)

Cross ties or legs of overlapping hoops shall not ke spaced more
than 14 in. on center in the direction perpendicular te the longi-
tudinal axis of the member. Vertical bars shall not be farther than
&6 in. clear from a laterally supported bar.

21.4.4.3,7.10.5.3

Vertical bars shail not be farther than 6 in. clear
from a laterally supported bar.

7.10.5.3

Where the transverse reinforcement as discussed above is no
langer required, the remainder of the column shall contain spiral
or hoop reinforcement spaced at distances not to exceed

6 X longitudinal bar diameter
B in.

21.4.4.6

Intermediate — Qutside the length ¢, spacing of
transverse reinforcement shall conform 1o 7.10
and 11.5.4.1.

211254

Ordinary — Transverse reinforcement to conform
te 7.10 and 11.5.4.1.

Transverse reinforcement must also be proportioned to resist the
design shear force (V).

21.45

Intermediate — Transverse reinforcement must also
be proportioned to resist the design shear forces
specified in 21.12.3.

Ordinary - Provide sufficient transverse reinforce-
ment for shear.
11.5.4, 11.5.6

Columns supporting reactions from discentinued stiff members,

such as walls, shall have transverse reinforcement as specified in
21.4.4.1 through 21.4.4.3 over their fult height, if the factored axial
compressive force, including earthquake effects, exceeds (Agfc' /10).
This transverse reinforcement shall extend into the discontinued
member for at least the development length of the largest longitudinal
reinforcement in the column in accordance with 21.5.4,

If the column terminates ¢n & footing or mat, the transverse reinforce-
ment shall extend at least 12 in. into the footing or mat.

21.4.4.5

No similar requirement.
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If Eq. (21-1) is not satisfied at a joint, columns supporting reactions from that joint are to be provided with
transverse reinforcement as specified in 21.4.4 over their full height (21.4.2.3}, and shall be ignored in determining
the calculated strength and stiffness of the structure (21 4.2.1). These columns must also conform to the provisions
for frame members not proportioned to resist earthquake motions as given in 21.11 (21.4.2.1).

No similar provisions are included tor intermediate or ordinary moment frames.
2143 Longitudinal Reinforcement

The maximum allowable reinforcement ratio is reduced from 8% to 6% for columns in special moment frames
(21.4.3.1). This lower ratio prevents congestion of steel, which reduces the chance of improperly placed concrete.
It also prevents the development of large shear siresses in the columns. Typically, providing a reinforcement
ratio larger than about 3% is not practical or economical.

Mechanical splices shall conform to 21.2.6 and welded splices shall conform to 21.2.7 (21.4.3.2). When lap
splices are used, they are permitted only within the center half of the member length and are to be designed as
tension lap splices (see Fig. 29-6). Transverse reinforcement conforming to 21.4.4.2 and 21.4.4.3 is required
along the length of the lap splice.

‘There are no restrictions on the location of lap splices in intermediate or ordinary moment frames.

A

A~

T

Tension lap splice

{0

¥ |
¥

Figure 29-6 Typical Lap Splice Details for Columns in Special Moment Frames

21.4.4 Transverse Reinforcement

Column ends require adequate confinement to ensure column ductility in the event of hinge formation. They
also require adequate shear reinforcement in order to prevent shear failure prior to the development of flexural
yielding at the column ends. The correct amount, spacing, and location of the transverse reinforcement must be
provided so that both the confinement and the shear strength requirements are satisfied. For special moment
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frames, the transverse reinforcement must be spiral or circular hoop reinforcement or rectangular hoop
reinforcement, as shown in Fig. 29-7. Spiral reinforcement is generally the most efficient form of confinement
reinforcement; however, the extension of the spirals into the beam-column joint may cause seme construction

difficulties.
4 “>
<3in
., |=&rgeroflin. ]
Clear spacing or 1.33 (max. |
agy. size)

*Clear spacing for spiral reinforcement. Circular hoops to be spaced per 21.4.4.2.

Figure 29-7 Confinement Requirements at Column Ends
(a} spiral or circular hoop reinforcement
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Eolisin
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0.08sb, =
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+}.7 <4 in. {see 21.4.4.1 when cover > 4 in.}

= !

\al

8 » smallestlong. bar diameter
24 X transverse bar diameter

*For intermediate moment frames, s < 1
2 X smatler of ¢, or ¢y

12 in.
**Ear intermediate moment frames, s shall conform te 7,10 and 11.5.4.1
TConfinement requirements for special moment frames need not be satsified for intermediate moment frames

Figure 29-7 Confinement Requirements at Column Ends
(b) rectangular hoop reinforcement

Figure 29-8 shows an example of transverse reinforcement provided by one hoop and three crossties. 90-degree
hooks are not as effective as 135-degree hooks. Confinement will be sufficient if crosstie ends with 90-degree

hooks are alternated.

The requirements of 21.4.4.2 and 21.4.4.3 must be satisfied for the configuration of rectangular hoop reinforcement.
The requirement that spacing not exceed one-quarter of the minimum member dimension is to obtain adequate
concrete confinemnent. Restraining longitudinal reinforcement buckling after spalling is the rationale behind the
spacing being limited to 6 bar diameters. Section 21.4.4.2 permits the 4 in. spacing for confinement to be
relaxed to a maximum of 6 in. if the horizontal spacing of crossties or legs of overlapping hoops is limited to 8 in.

29-18



Consecutive ¢crass ties shali have
90 degree hooks on cppesite sides

6dy (=31n) of _column)

Extension
A 16 dy, Extension

/ ’
hy = max. value of x on
all column faces

(DU PR B S

x shall not exceed 14 inches

Figure 29-8 Transverse Reinforcement in Columns

Additional transverse reinforcement at a maximum spacing of 12 in. is required when concrete thickness outside
the confining transverse reinforcement exceeds 4 in. This additional reinforcement will help reduce the risk of
portions of the shell falling away from the column. The required amount of such reinforcement is not specifically
indicated; the 1997 UBC 293 gpecifies a minimum amount equal to that required for columns that are not part of
the lateral force-resisting system.,

For columns supporting discontinued stiff members (such as walls) as shown in Fig. 29-9, transverse reinforcement
in compliance with 21.4.4.1 through 21.4.4.3 needs to be provided over the full height of the column and must be
extended at least the development length of the largest longitudinal column bars into the discontinued member
(wall). The transverse reinforcement must also extend at least 12 in. into the footing or mat, if the column terminates
on a footing or mat.

—

_ Reinforgement not

""" shown for clarity

Shearwall

—+ Development length of
largest longitudinal column
" bar

Confinement reinforcement

{as specified in 21.4.4.1 threugh
21.4.4.3) to be provided over full
height of column

1212 in.

Footing
or mat -

Figure 29-9 Columns Supporting Discontinued Stiff Members

As indicated in Fig. 29-7, there are transverse reinforcement requirements for colummns of intermediate moment
frames in 21.12.5.

2145 Shear Strength Requirements

In addition to satisfying confinement requirements, the transverse reinforcement in columns must resist the
maximum shear forces associated with the formation of plastic hinges in the frame (21.4.5.1). Although the
provisions of 21.4.2 are intended to have most of the inelastic deformation occur in the beams, the provisions of
21.4.5.1 recognize that hinging can occur in the column. Thus, as in the case of beams, the shear reinforcement
in the columns is based on the probable moment strengths My, that can be developed at the ends of the column.
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The probable moment sirength is to be the maximum consistent with the range of factored axial loads on the
column; sidesway to the right and to the left must both be considered (see Fig. 29- 10). 1t is obviously conserva-
tive to use the probable moment strength corresponding to the balanced point.

Py Py
A
- V-q———
M Vu w i
Compression
b . controls
g Bal. point
£ .g Pb’ Mb ‘[
_______ L
‘ Tensicn
controls
Bending moment
Vub_ = Li V., . . .
—g——— — Typical Interaction Diagram
Mpro Moro
Mgrt + MErb
Vur=Vyp =
Py Py fe
(a) Sidesway (b) Sidesway
to right fo left

Figure 29-10 Loading Cases for Design of Shear Reinforcement in Columns of Special Moment Frames

Section 21.4.5.1 points out that the column shear forces need not exceed those determined from joint strengths
based on the probable moment strengths of the beams framing into the joint. When beams frame on opposite
sides of a joint, the combined probable moment strength may be taken as the sum of the negative probable
moment strength of the beam on one side of the joint and the positive probable moment strength of the beam on
the other side. The combined probable moment strength of the beams is then distributed appropriately to the
columns above and below the joint, and the shear forces in the column are computed based on this distributed
morment. It is important to note that in no case is the shear force in the column to be taken less than the factored
shear force determined from analysis of the structure under the code-prescribed seismic forces (21.4.5.1).

Provisions for proportioning the transverse reinforcement are contained in 21.4.5.2. As in the case of beams, the
strength reduction factor ¢ to be used wth the Chapter 9 load combinations is 0.75 (see 9.3.4 and 9.3.2.3).

The shear forces in intermediate frame members subjected to combined bending and axial force are determined in the
same manner as for flexural members of intermediate moment frames, i.e., nominal moment strengths at member

ends are used to compute the shear forces {21.12.3).

21.5 JOINTS OF SPECIAL MOMENT FRAMES

The overall integrity of a structure is dependent on the behavior of the beam-column joint. Degradation of the
joint can result in large lateral deformations which can cause excessive damage or even failure. The left-hand
column of Table 29-3 contains the requirements for joints of special moment frames. For intermediate and
ordinary cast-in-place frames, the beam-column joints do not require the special design and detailing requirements
as for special moment frames. It may be prudent, however, to apply the same line of thinking to intermediate
frame joints as to special moment frame joints.

Slippage of the longitudinal reinforcement in a beam-column joint can lead to an increase in the joint rotation.
Longitudinal bars must be continued through the joint or must be properly developed for tension (21.5.4) and
compression (Chapter 12) in the confined column core. The minimum column size requirement of
21.5.1.4 reduces the possibility of failure from loss of bond during load reversals that take the steel beyond
its yield point.
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21.5.2

Transverse Reinforcement

The transverse reinforcement in a beam-column joint is intended to provide adequate confinement of the concrete
to ensure its ductile behavior and to allow it to maintain its vertical load-carrying capacity even after spalling of
the outer shell.

Tabie 29-3 Joints of Frames

Special Moment Frames

Intermediate and Ordinary CIP Moment Frames

Longitudinal Beam Reinforcement

Beam longitudinal reinforcement terminated in a column
shall be extended to the far face of the confined column
core and anchored in tension according to 21.5.4 and in
compression according to Chapter 12.

21513

No similar requirement.

Where longitudinal beam reinforcement extends through
a joint, the column dimension parallel to the beam
reinforcement shall not be less than 20 times the
diameter of the largest longitudinal bar for normal weight
concrete. For lightweight aggregate concrete, this
dimension shall be not less than 26 times the bar
diameter.

21514

No similar requirements.

Transverse Reinforcement

The transverse hoop reinforcement required for column
ends (21.4.4) shall be provided within the joint, unless
the joint is confined by structural members as specified
in 21.5.2.2. If members frame into all four sides of the
joint and the member width at the column face is at least
3/4 the column width, the transverse reinforcement can
be reduced to 50% of the requirements of 21.4.4.1 with-
in the depth of the shallowest member. The spacing
required in 21.4.4.2 shall not exceed 6 in. at these
locations.

215.2.1,21.52.2

No similar requirement.

f, = specified compressive strength of concrete

y

= specified yield strength of reinforcement
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Table 29-3 Joints of Frames (cont'd)

Special Moment Frames

-Intermediate and Ordinary CIP Moment Frames

Shear Strength

The nominal shear strength of the joint shall not exceed
the forces specified below for normal-weight aggregate
concrete.

For joints confined on all four faces ............. 20412 Aj
For joints confined on three faces

or on two opposite faces ..o 15,/f A ¥
For other JointS: .....coooovoveivei e 12,/f; A;
where:

A = effective cross-sectional area within a joint in a
plane parallel to the plane of the reinforcement
generating shear in the joint. The joint depth shall
be the overall depth of the column. Where a beam
frames into a support of larger width, the effective

width of the joint shall not exceed the smaller of:

1. Beam width plus the joint depth.

2. Twice the smaller perpendicular distance from
the longitudinal axis of the beam to the column
side.

A joint is considered to be confined i confining mem-
bers frame into all faces of the joint. A member that
frames into a face is considered to provide confine-
ment at the joint if at least 3/4 of the face of the joint is
covered by the framing member.

2153

Although it is not required, it may be prudent to check
the shear strength of the joint in intermediate moment
frames. The force in the longitudinal beam reinforce-
ment may be taken as 1.0, rather than the 1.25f,
required for special moment frames.

In determining shear forces in the joints, forces in the
longitudinal beam reinforcement at the joint face shall
be calcutated by assuming that the stress in the flexural
tensile reinforcement is 1.254,

21.5.1.1

No similar requirement.

For lightweight aggregate concrete, the nominal shear
strength of the joint shall not exceed 3/4 of the limits
given in 21.5.3.1.

21.5.3.2

No similar requirement.
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Minimum confinement reinforcement of the same amount required for potential hinging regions in columns. as
specified in 21.4.4, must be provided within a beam-column joint around the column reinforcement, unless the
joint is cenfined by structural members as specitied in 21.5.2.2.

For joints confined on all four faces, a 30% reduction in the amount of confinement reinforcement is atlowed. A
mermber that frames into a face is considered to provide confinement to the joint if at least three-quarters of the
face of the joint is covered by the framing member. The code further allows that where a 50% reduction in the
amount of confinement reinforcement is permissible, the spacing specified in 21.4.4.2(b) may be increased to
6in. (21.5.2.2).

The minimum amount of confinement reinforcement, as noted above, must be provided through the joint regardless
of the magnitude of the calculated shear force in the joint. The 50% reduction in the amount of confinement
reinforcement allowed for joints having horizontal members framing into all four sides recognizes the beneficial
effect provided by these members in resisting the bursting pressures that can be generated within the joint.

2153 Shear Strength

The most significant factor in determining the shear strength of a beam-column joint is the effective area A; of
the joint, as shown in Fig, 29-11. For joints that are confined by beams on all four faces, the shear strength of the
joint is equal to 20@ Aj. If the joint is confined only on three faces, or on two opposite faces, the strength must
be reduced by 25% to 15@ A;. For other cases, the shear strength is equal to IZ.ﬁ'ZAJ-. It is important to note
that the shear strength is a function of the concrete strength and the cross-sectional area only. Test results show
that the shear strength of the joint is not altered significantly with changes in transverse reinforcement, provided
a minimum amount of such reinforcement is present. Thus, only the concrete strength or the member size can be
modified if the shear strength of the beam-column joint is inadequate. The strength reduction factor ¢ for shear
in joints is 0.85 (9.3.4).

Effactive

joint wichth < b +h
Effective area / < b+2x

Joint depth = h
in plane of
reinforcement
generating shear —
753
/S/" e —-’X Note: Effective area of joint for forces in
. T each direction of framing is to be
Hemfortt_:em et?t _/ h considered separataly.
generating shear o 2 Joint illustrated does not meet
V4 b conditions of 21.5.2.2 and
N . 21.5.3.1 necessaty to be considered
Direction of forces confined because the framing
generating shear members do not cover at least 3/4 of

sach of the joint faces.

Figure 29-11 Effective Area of Joint (A)

The larger the tension force in the steel, the greater the shear in the joint (Fig. 29-12). Thus, the tensile force in
the reinforcement is conservatively taken as 1.25fyA,. The multiplier of 1.25 takes into account the likelihood
that due to strain-hardening and actual strengths higher than the specified yield strengths, a larger tensile force
may develop in the bars, resulting in a larger shear force.
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Figure 29-12 Horizontal Shear in Beam-Column Joint

21.5.4 Development Length of Bars in Tension

A standard 90-degree hook located within the confined core of a column or boundary element is depicted in
Fig. 29-13. Equation (21-6), based on the requirements of 12.5, includes the factors for hocks enclosed in ties
(0.8), satisfaction of minimum cover requirements (0.7), a cyclic load factor (1.1), and afactor of 1.25 for overstrength

in the reinforcing steel. The equation for the development length in 12.5.2 [(0.0ZB?Lfy /,ﬁz ) db] is multiplied by

these factors to obtain the equation that is given in 21.5.4.1 for uncoated reinforcing bars with f, = 60,000 psi embedded
in normal weight concrete:

0.8 x 0.7 % 125 x 1.1 x 0.02 x 1.0 x 1.0 x 60,000 x d,

gdh = Jf_;
¢
_ 924db _ fydb
JiZ 6syE

For bar sizes No. 3 through No. 11, the development length £g, for a bar with a standard 90-degree hook in
normal- weight aggregate concrete shall not be less than the largest of 8dp, 6 in., and the length obtained from
Eq. (21-6) shown above. For lightweight aggregate concrete, the development length shall be increased by 25%.

The development length for No. 11 and smaller straight bars is determined by multiplying the development
length for hooked bars required by 21.5.4.1 by (a) two-and-a-half (2.5) if the depth of the concrete castin one lift
beneath the bar does not exceed 12 in., and (b} three-and-a-half (3.5) if the depth of the concrete cast in one Lift
beneath the bar exceeds 12 in. (21.5.4.2). If a portion of a straight bar is not located within the confined core of
a column or boundary element, the length of that bar shall be increased by an additional 60%. Provisions for
epoxy-coated bars are given in 21.5.4.4.
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124,

Figure 29-13 Standard 90-Degree Hook
21.6 SPECIAL MOMENT FRAMES CONSTRUCTED USING PRECAST CONCRETE

In addition to the requirements of 21.2 through 21.5, special moment frames constructed using precast concrete
must satisfy the requirements of 21.6. The detailing provisions in 21.6.1 for frames with ductile connections and
21.6.2 for frames with strong connections are intended to produce frames that respond to design displacements
essentially like cast-in-place special moment frames. Section 21.6.3 provides a design procedure for special
moment frames that do not satisfy the appropriate prescriptive requirements of Chapter 21.

21.6.1 Special Moment Frames with Ductile Connections

Special moment frames with ductile connections are designed and detailed so that flexural yielding occurs
within the connection regions. Type 11 mechanical splices or any other technique that provides development in
tension and compression of at least the specified tensile strength of the bars and 1.25fy, respectively, can be used
to make the reinforcement contingous in the connections.

According to 21.6.1(a), the nominal shear strength V, at the connection must be computed in accordance with
the shear-friction design method of 11.7.4. In order to help prevent sliding at the faces of the connection, Vy
must be greater than or equal to 2V, where V. is the design shear force in the beams that is computed according
to 21.3.4.1 or the design shear force in the columns that is computed according to 21.4.5.1. Since the ductile
connections may be at locations that are not adjacent to the joints, using V. may be conservative.

Mechanical splices of beam reinforcement must satisfy the requirements of 21 .2.6 and must be located at least
h/2 from the face of the joint, where h is the overall depth of the beam. This additional requirement is intended
to avoid strain concentrations over a short length of reinforcement adjacent to a splice device.

21.6.2 Special Moment Frames with Strong Connections

Special moment frames with strong connections are designed and detailed so that flexural yielding occurs away
from the connection regions. Examples of beam-to-beam, beam-to-column, and column-to-footing connections
are shown in Fig. R21.6.2.

According to 21.6.2(a), the geometric constraint in 21.3.1.2 related to the clear span to effective depth ratio must be
satisfied for any segment between locations where flexural yielding is intended to occur due to the design
displacements.

To ensure that strong connections remain elastic and do not slip foliowing the formation of plastic hinges, the
design strength of the connection, fS, in both flexure and shear must be greater than or equal to the bending
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moment and shear force, Se, respectively, corresponding to the development of probable flexural or shear strengths
at intended locations of flexural or shear yielding (21.6.2(b)). These provisions are illustrated in Figs. 29-14 and
29-15 for a beamn-to-beam and a beam-to-column strong connection, respectively, with sidesway to the right.
Sidesway to the left must also be considered.
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Fig. 29-14 Design Requirements for Beam-to-Beam Strong Connections near Midspan

Section 21.6.2(c) requires that primary longitudinal reinforcement be continuous across connections and be
developed outside both the strong connection and the plastic hinge region. Laboratory tests of precast beam-
column connections showed that strain concentrations caused brittle fracture of reinforcing bars at the faces of
mechanical splices. To avoid this premature fracture, designers should carefully select the locations of strong
connections or take other measures, such as using debonded reinforcement in highly stressed regicns.

The column-to-column connection requirements of 21.6.2(d) are provided to avoid hinging and strength deterio-
ration of these cennections. For columns above the ground floor level, the moments at a joint may be limited by
the flexural strengths of the bearns framing into that joint (21.4.2.2), Dynamic inelastic analysis and studies of
strong ground motion have shown that for a strong column-weak beam deformation mechanism, the beam end
moments are not equally divided between the top and bottom columns, even where columns have equal stiff-
ness.2%4 From an elastic analysis, the moments would be distributed as shown in Fig. 29-16, while the actual
distribution is likely to be as shown in Fig. 29-17.
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Fig. 29-15 Design Requirements for Beam-to-Column Strong Connections

Fig. 29-16 Bending Moments at Beam-to-Column Connection — Elastic Analysis
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Fig. 29-17 Bending Moments at Beam-to-Column Connection — Inelastic Analysis

Figure 29-18 shows the distribution of the elastic moments Mg (dashed lines) due to the seismic forces and the
corresponding envelopes of dynamic moments ©ME (solid lines) over the full column height, where @ is a
dynamic amplification factor. In regions outside of the middle third of the column height, w is to be taken as 1.4
(21.6.2(d)); thus, connections within these regions must be designed such that &M, = 1.4Mg. For connections
located within the middle third of the column height, 21.6.2(d) requires that oMy = 0.4Mp,, where Mpy 1s the
maximum probable flexural strength of the column within the story height. Also, the design shear strength ¢Vy
of the connection must be greater than or equal to the design shear force Ve computed according to 21.4.5.1.

Moment
Envelope

Beam§€

Fig. 29-18 Moment Envelope at Column-to-Column Connection

21.63 Non-emulative Design

It has been demonstrated in experimental studies that special moment frames constructed using precast concrete
that do not satisfy the provisions of 21.6.1 for frames with ductile connections or 21.6.2 for frames with strong
connections can provide satisfactory seismic performance characteristics. For these frames, the requirements of
ACI T1.1 Acceptance Criteria for Moment Frames Based on Structural Testing 29-3, as well as the provisions of
21.6.3(a) and 21.6.3(b), must be satisfied.

ACI T1.1 defines minimum acceptance criteria for weak beam/strong column moment frames designed for
regions of high seismic risk that do not satisfy the prescriptive requirements of Chapter 21 of ACI 318-99.
According to ACI T1.1, acceptance of such frames as special moment frames must be validated by analysis and

laboratory tests.

29-28



Prior to testing, a design procedure must be developed for prototype moment frames that have the same generic
form as those for which acceptance is sought (see 4.0 of ACITL.1). The design procedure should account for the
effects of material nonlinearity (including cracking), deformations of members and connections, and reversed
cyclic loading, and must be used to proportion the test modules (see 5.0 for requirements for the test modules).
It is also important to note that the overstrength factor (column-to-beamn strength ratio) used for the columns of
the prototype frame should not be less than 1.2, which is specified in 21.4.2.2 of ACI 318-99.

The test method is described in 7.0. In short, the test modules are to be subjected to a sequence of displacement-
controlled cycles that are representative of the drifts expected during the design earthquake for the portion of the
frame that is represented by the test module. Figure R5.1 of ACIT1.1 illustrates connection configurations for
interior and exterior one-way joints and, if applicable, corner joints that must be tested as a minimum.

The first loading cycle shall be within the linear elastic response range of the module. Subsequent drift ratios are
to be between 1.25 and 1.5 times the previous drift ratio, with 3 fully reversed cycles applied at each drift ratio.
Testing continues until the drift ratio equals or exceeds 0.035. Cyclic deformation history that satisfies 7.0 is
illustrated in Fig. R7.0. Drift ratio is defined in Fig. R2.1.

Section 9.0 provides the detailed acceptance criteria that apply to each module of the test program. The perfor-
mance of the test module is deemed satisfactory when these criteria are met for both directions of response.

The first criterion is that the test module must attain a lateral resistance greater than or equal to the calculated
nominal lateral resistance E, (see 1.0 for definition of Ey ) before the drift ratio exceeds the allowable story drift
limitation of the governing building code (see Fig. R9.1). This criterion helps provide adequate initial stiffness.

In order to provide weak beam/strong column behavior, the second criterion requires that the maximum lateral
resistance Epyax recorded in the test must be less than or equal to AE, where A is the specified overstrength factor
for the test column, which must be greater than or equal to 1.2. Commentary section R9.1.2 provides a detailed
discussion on this requirement. Also see Fig. R9.1.

The third criterion requires that the characteristics of the third complete cycle for each test module, ata drift ratio
greater than or equal to 0.035, must satisfy 3 criteria regarding peak force value, relative energy dissipation ratio,
and drift at zero stiffness. The first of these criteria limits the level of strength degradation, which is inevitable at
high drift ratios under revised cyclic loading. A maximum strength degradation of 0.25Ep;,x is specified (see
Fig. R9.1). The second of these criteria sets a minimum level of damping for the frame as a whole by requiring
that the relative energy dissipation ratio 3 be greater than or equal to 1/8. If B is less than 1/8, oscillations may
continue for a long time after an earthquake, resulting in low-cycle fatigue effects and possible excessive dis-
placements. The definition of f is illustrated in Fig. R2.4. The third of these criteria helps ensure adequate
stiffness around zero drift ratio. The structure would be prone to large displacements following a major earth-
quake if this stiffness becomes too small. A hysteresis loop for the third cycle between peak drift ratios of 0.035,
which has the form shown in Fig. R9.1, is acceptable. An unacceptable hysteresis loop form is shown in
Fig. R9.1.3 where the stiffness around the zero drift ratio is unacceptably small for positive, but not for negative,
loading.

As noted above, 21.6.3 has additional requirements to those in ACIT1.1. According to 21.6.3(a), the details and
materials used in the test specimen shall be representative of those used in the actual structure. Section 21.6.3(b)
stipulates additional requirements for the design procedure. Specifically, the design procedure must identify the
load path or mechanism by which the frame resists the effects due to gravity and earthquake forces and shall
establish acceptable values for sustaining that mechanism. Any portions of the mechanism that deviate from
code requirements shall be contained in the test specimens and shall be tested to determine upper bounds for
acceptance values. In other words, deviations are acceptable if it can be demonstrated that they do not adversely
affect the performance of the framing system.
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21.7 SPECIAL REINFORCED CONCRETE STRUCTURAL WALLS AND
COUPLING BEAMS

When properly proportioned so that they possess adequate lateral stiffness to reduce interstory distortions due to
earthquake-induced motions, structural walls (also called shearwalls) reduce the likelihood of damage to the
nonstructural elements of a building. When used with rigid frames, a system is formed that combines the gravity-
load-carrying efficiency of the rigid frame with the lateral-ioad-resisting efficiency of the structural wall.

Observations of the comparative performance of rigid-frame buildings and buildings stiffened by structural
walls during earthquakes have pointed to the consistently better performance of the latter. The performance of
buildings stiffened by properly designed structural walls has been better with respect to both safety and damage
control. The need to ensure that critical facilities remain operational after a major tremor and the need to reduce
economic lesses from structural and nonstructural damage, in addition to the primary requirement of life safety
{i.e., no collapse), has focused attention on the desirability of introducing greater lateral stiffness into earth-
quake-resistant multistory structures. Structural walls, which have long been used in designing for wind resis-
tance, offer a logical and efficient solution to the problem of lateral stiffening of multistory buildings.

Structural walls are normally much stiffer than regular frame elements and are therefore subjected to correspond-
ingly greater lateral forces due to earthquake motions, Because of their relatively greater depth, the lateral deforma-
tion capacities of walls are limited, so that, for a given amount of lateral displacement, structural walls tend to exhibit
greater apparent distress than frame members. However, over a broad period range, a structure with structural walls,
which is substantially stiffer and hence has a shorter period than a structure with frames, will suffer less lateral
displacement than the frame, when subjected to the same ground motion intensity. Structural walls with a height-to-
horizontal length ratio, h,, /4., inexcess of 2 behave essentially as vertical cantilever beams and should therefore be
designed as flexural members, with their strength governed by flexure rather than by shear.

Isolated structural walls or individual walls connected to frames will tend to yield first at the base where the
bending moment is the greatest. Coupled walls, i.e., two or more walls linked by short, rigidly-connected beams
at the floor levels, on the other hand, have the desirable feature that significant energy dissipation through
inelastic action in the coupling beams can be made to precede hinging at the bases of the walls.

The left-hand column of Table 29-4 contains the requirements for special reinforced concrete structurat walls
(recall that special reinforced concrete structural wall are required in regions of high seismic hazard or for
structures assigned to high seismic performance or design categories). For comparison purposes, the requirements
of ordinary reinforced concrete structural walls are also contained in Table 29-4.

21.7.2 Reinforcement

Special reinforced concrete structural walls are to be provided with reinforcement in two orthogonal directions
in the plane of the wall (see Fig. 29-19), The minimum reinforcement ratic for both the longitudinal and the

transverse reinforcement is 0.0025, unless the design shear force is less than or equal to Acv\/g , where Ay is
the area of concrete bounded by the web thickness and the length of the wall in the direction of analysis, in which
case, the minimum reinforcement must not be less than that given in 14.3. The reinforcement provided for shear
strength must be continucus and distributed uniformly across the shear plane with a maximum spacing of 18 in.
At least two curtains of reinforcement are required if the in-plane factored shear force assigned to the wall
exceeds ZACV\/E . This serves to reduce fragmentation and premature deterioration of the concrete under load
reversals into the inelastic range. Uniform distribution of reinforcement across the height and horizontal length
of the wall helps control the width of the inclined (diagonal) cracks.

Section 21.5.4 modifies the development length requirements of Chapter 12 for longitudinal beam bars termi-
nating at exterior beam-column joints of structures assigned to high seismic design categories. Butthen 21.7.2.3
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Table 29-4 Structural Walls

Special Reinforced Concrete Structural Wall

Ordinary Reinforced Concrete Structural Wall

The distributed web reinforcement ratios p, and p;
shall not be less than 0.0025. if the design shear

force vV, < ACVJg , provide minimum reinforce-
ment per 14.3.

21.7.21

Minimum vertical

reinforcement ratio = 0.0012 for No. 5 bars or smaller
= 0.0015 for No. 6 bars or larger

Minimum hosizontal

reinforcement ratic = 0.0020 for No. 5 bars or smaller
= 0.0025 for No. € bars or larger

14.3

At least two curtains of reinforcement shall be used
in a wall if the in-plane factored shear force (V,, )
assigned 1o the wall exceeds 2 A, \/E .

21.7.2.2

Walls more than 10 in. thick require two curtains of
reinforcement {except basement walls}.

14.3.4

Reinforcement

Reinforcement spacing each way shall not exceed
18in.

21.7.21

Reinforcement spacing shall not exceed:

3 x wall thickness
18 in.
14.35

Reinforcement in structural walls shall be devel-
oped or spliced for f, in tension in accordance with

The development lengths, spacing, and anchorage of
reinforcement shall be as per Chapters 12, 14, and 15.

Chapter 12, except:

(&) The effective depth shall be permitted to be
0.8 ¢, for walls.

(b} The requirements of 12.11, 12.12 and 12.13
need not apply.

{c) Atlocations where yielding of longitudinal
reinforcement may occur as a result of lateral
displacements, development lengths of such
reinforcement must be 1.25 times the values
calculated for f, in tension.

{d) Mechanical and welded splices of reinforcement
must conform to 21.2.6 and 21.2.7, respeclively.

21.7.23

— continued on next page —

A, = gross area of congrete section bounded by web thickness and length of section in the direction of shear force considered
A = area of concrete section of an individual pier

Ag = gross area of section

b, = width of web

d = effective depth of section

f. = specified compressive strength of concrete

f,

v
h = overall thickness of member

= specified yield strength of transverse reinforcement

h,, = height of entire wall or segment of wall considered
£,

= length of entire wall or segment of wall in direction of shear force

5 = spacing of transverse reinforcement
s, = spacing of horizontal reinforcement in walls
p, = ratio of area of distributed transverse reinforcement to gross concrete area perpandicular to that reinforcement

p. = ratio of area of distributed iongitudinal reinforcement to gross concrete area perpendicular to that reinforcement
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Table 29-4 Structural Walls {cont'd)

Special Reinforced Concrete Structural Wall

_ Ordinary Reinforced Concrete Structural Wall

Shear Strength

The nominal shear strength (V,,) for structural walls shall
not exceed:

V,, =Agy (acﬁ + P ’_fy)
where o is 3.0for A, /2, £15,is2.0for A, /2, =2.0,

and varies linearly between 3.0 and 2.0 for h,, /¢,
between 1.5 and 2.0.

21.7.4.1

The nominal shear strength (V) for walls can be
calculated using the following methods:

N d
V. =33JF hd + X
¢ ¢ 4f,

N
¢ |1.25,)f7 + 024
w < ff h
V. =|0.6.F + ¥ /| ha

Qar

z " < Mu Ew
Vu 2
M ¢
where —% -2 >Q
v 2
17
L A
s 5
v,=1, -1,
11.10

Walls shall have distributed shear reinforcement providing
resistance in two orthogonal directions in the plane of the
wall. If the ratic (h,, /2, ) does not exceed 2.0, reinforce-
ment ratio (p,) shafl not be less than reinforcement ratio

Py

21.74.3

Ratic (py) of horizontal shear reinforcement area to
gross concrete area of vertical section shall not be
less than 0.0025.

11.10.9.2
Spacing of horizontal shear reinforcement shall not
exceed the smallest of ¢,/5, 3h, and 18 in.

11.10.8.3

The minimum vertical reinforcement ratio (p,) is a
function of ( h,, /¢, ) and of the horizontal reinforce-
ment as shown below:

4
pp= 00025+ aﬁ(ej—f—”J (p, - 0.0625) 2 0.0025
L4

Also, the vertical shear reinforcement ratio need not
exceed the required horizontal shear reinforcement
ralio.

11.10.8.4

Spacing of vertical shear reinforcement shall not
exceed the smallest of ¢,/3, 3h, and 18 in.

11.10.9.5

Nominal shear strength of all wall piers sharing a commoen
lateral force shall not be assumed to exceed 84,y 4t , and
the nominal shear strength of any one of the individual wall

piers shall not be assumed to exceed 10A.,, Jf: .
21.7.44

No similar requirement.

Nominal shear strength of horizontal wall segments and
coupling beams shall not be assumed to exceed

10Agy A% -
217.45

This limitation also exists for ordinary walls, except
Aqy is replaced by hd where d may be taken equal
to 0.8,

11.10.3
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of ACI 318-02 required that all continucus reinforcement in structural walls must be anchored or spliced in
accordance with the provisions for reinforcement in tension in 21.5.4. This was very confusing to the user,
because 21.5.4 is really not applicable to situations covered by 21.7.2.3. This problem existed with ACI 318
editions prior to 2002 as well.

In a very significant and beneficial change, the requirements of 21.7.2.3 have been modified to remove the
reference to beam-column joints in 21.5.4. Because actaal forces in longitudinal reinforcement of structural
walls may exceed calculated forces, it is now required that reinforcement in structural walls be developed or
spliced for fy in tension in accordance with Chapter 12. The effective depth of member referenced in 12.10.3 is
permitted to be taken as 0.81y, for walls. Requirements of 12.11, 12.12, and 12.13 need not be satisfied, because
they address issues related to beams and do not apply to walls. At locations where yielding of longitudinal
reinforcement is expected, 1.25 £y is required to be developed in tension, to account for the likelthood that the
actua) yield strength exceeds the specified yield strength, as well as the influence of strain-hardening and cyclic
load reversals. Where transverse reinforcement is used, development lengths for straight and hooked bars may
be reduced as permitted in 12.2 and 12.5, respectively, because closely spaced transverse reinforcement im-
proves the performance of splices and hooks subjected to repeated cycles of inelastic deformation, The require-
ment that mechanical splices of reinforcement conform to 21.2.6, and welded splices to 21.2.7, has now been
placed in 21.7.2.3. Consequently, 21.7.6.4(f) of 21.7.6.6 of ACI 318-02 have been deleted.

A
—

{$ Min. reinforcement ratio each way = 0.0025
~H Maximum reinforcement spacing = 18 in.
Two curtains of reinforcermnent are required if
Vu>2A04fF
J"‘ Al'i =
[F=—==—={J~—Boundary elemenis

H LSRR AR

Figure 29-19 Structural Wall Design and Detailing Requirerments

21.7.3 Design Forces

A condition similar to that used for the shear design of beams and columns is not as readily established for
structural walls, primarily because the shear force at any section is significantly influenced by the forces and
deformations at the other sections. Unlike the flexural behavior of beams and columns in a frame, with the forces
and deformations determined primarily by the displacements in the end joints, the flexural deformation at any
section of a structural wall is substantially influenced by the displacements at locations away from the section
under consideration. Thus, for structural walls, the design shear force is determined from the lateral load analy-
sis in accordance with the factored load combinations (21.7.3). The possibility of local yielding, as in the pertion
of a wall between two window openings, must also be considered; the actual shear forces may be much greater
than that indicated by the lateral load analysis based on the factored design forces.

2174 Shear Strength

The nominal shear strength V,, of structural walls is given in 21.7.4.1. The equation for Vj, recognizes the higher
shear strength of walls with high ratios of shear to moment. Additional requirements for wall segments and wall
piers are contained in 21.7.4.2, 21.7.4.4, and 21.7.4.5.
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The strength reduction factor f is determined in accordance with 9.3.4. Note that ¢ for shear must be 0.60 for any
structural member that is designed to resist earthquake effects if its nominal shear strength is less than the shear
corresponding to the development of the nominal flexural strength of the member. This is applicable to brittle
members, such as low-rise walls or portions of walls between openings, which are impractical to reinforce to
raise their nominal shear strength above the nominal flexural strength for the pertinent loading conditions.

Walls are to be provided with distributed shear reinforcement in two orthogonal directions in the plane of the
wall (21.7.4.3). If the ratio of the height of the wall to the length of the wall is less than or equal to 2.0, the
reinforcement ratio p, shall be greater than or equal to the reinforcement ratio p,.

21.7.5 Design for Flexural and Axial Loads

Structural walls subjected to combined flexural and axial loads shall be designed in accordance with 10.2 and
10.3, excluding 10.3.6 and the nonlinear strain requirements of 10.2.2 ¢(21.7.5.1). This procedure is essentially
the same as that commonly used for columns. Reinforcement in boundary elements and distributed in flanges
and webs must be included in the strain compatibility analysis. Openings in walls must also be considered.

Provisions for the influence of flanges for wali sections forming L-, T-, C-, or other cross-sectional shapes are in
21.7.5.2. Effective flange widths shall be assumed to extend from the face of the web a distance equal to the
smaller of one-half the distance to an adjacent wall web and 25 percent of the total wall height.

21.7.6 Boundary Elements of Special Reinforced Concrete Structural Walls

Two approaches for evaluating the need for special boundary elements at the edges of structural walls are provided
in21.7.6. Section 21.7.6.2 allows the use of a displacement-based approach. In this method, the wall is displaced
an amount equal to the expected design displacement, and special boundary elements are required to confine the
concrete when the calculated neutral axis depth exceeds a certain critical value. Confinement is required over a
horizontal length equal to a portion of the neutral axis depth (21.7.6.4). This approach is applicable to walls or
wall piers that are essentially continuous in cross-section over the entire height of the wall and designed to have
one critical section for flexure and axial loads, i.e., where the inelastic response of the wall is dominated by
flexure at a critical, yielding section (21.7.6.2).

According to 21.7.6.2, compression zones must include special boundary elements when

EW

>——¥ ____ § /h, 20.007 Eq. (21-8)
€= 600, /my,) v

where ¢ = distance from the extreme compression fiber to the neutral axis per 10.2.7 calculated for the factored
axial force and nominal moment strength, consistent with the design displacement §,, resulting in
the largest neutral axis depth
4 = length of the entire wall or segment of wall considered in the direction of the shear force
8, = design displacement
hy, = height of entire wall or of the segment of wall considered

The design displacement §,, is the total lateral displacement expected for the design-basts earthquake, as specified
by the governing code for earthquake-resistant design. In the fnternational Building Code, ASCE 7 stasting with
its 1998 edition , and the NEHRP Provisions {1997 edition onwards), the design-basis earthquake is two-thirds
of the maximum considered earthquake (MCE), which, in most of the country, has a two percent chance of being
exceeded in 50 years. In these documents, the design displacement is computed using a static or dynamic linear-
elastic analysis under code-specified actions. Considered in the analysis are the effects of cracking, torsion, P-A
effects, and modification factors to account for expected inelastic response. In particular, &, is determined by
multiplying the deflections from an elastic analysis under the prescribed seismic forces by a deflection amplification
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factor, which is given in the governing code. The deflection amplification factor, which depends on the type of
seismic force-resisting system, is used to increase the elastic deflections to levels that would be expected for the
design-basis earthquake. The lower limit of 0.007 on the quantity 3y / hy, is specified to require a moderate wall
deformation capacity for stiff buildings.

Typically, the reinforcement for a structural wall section is determined first for the combined effects of bending
and axial load, and shear forces in accordance with the provisions outlined above for all applicable load
combinations. The distance ¢ can then be obtained from a strain compatibility analysis for each load combination
that includes seismic effects, considering sidesway to the left and to the right. The largest ¢ is used in Eq. (21-8)
to determine if special boundary elements are required.

When special boundary elements are required, they must extend horizontally from the extreme compression
fiber a distance not less than the larger of ¢ — 0.14, and ¢/2 (21.7.6.4(a); see Fig. 29-20). In the vertical direction,
the special boundary elements must extend from the critical section a distance greater than or equal to the larger
of £, or M, /4V, (21.7.6.2). This distance is based on upper bound estimates of plastic hinge lengths, and is

beyond the zone over which concrete spalling is likely to occur.

The second approach for evaluating the need for special boundary elements is contained in 21.7.6.3. These provisions
have been retained from earlier editions of the code since they are conservative for assessing transverse reinforcement
requirements at wall boundaries for many walls. Compression zones shall include special boundary elements where
the maximum extreme fiber stress corresponding to the factored forces, including earthquake effects, exceeds 0.2 £
(see Fig. 29-21). Special boundary elements can be discontinued where the compressive stress is less than 0.15 (.
Note that the stresses are calculated assuming a linear response of the gross concrete section. The extent of the special
boundary element is the same as when the approach of 21.7.6.2 1s followed.
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Figure 29-20 Special Boundary Element Requirements per 21.76.2

Section 21.7.6.4 contains the details of the reinforcement when special boundary elements are required by 217.620r
21.7.6.3. The transverse reinforcement must satisfy the same requirements as for special moment frame members
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subjected to bending and axial load (21.4.4.1 through 21.4.4.3), excluding Eq. (21-3) (21.7.6.4(c); see Fig. 25-22).
Also, the transverse reinforcement shall extend into the support a distance not less than the development length of the
largest longitudinal bar in the special boundary element; for footings or mats, the transverse reinforcement shall
extend at least 12 in. into the footing or mat (21.7.6.4(d)). Horizontal reinforcement in the wall web shall be anchored
within the confined core of the boundary element to develop its specified yield strength (21.7.6.4(e)). To achieve this
anchorage, 90-degree hooks or mechanical anchorages are recommended. Mechanical splices and welded splices of
the longitudinal reinforcement in the boundary elements shall conform to 21.2.6 and 21.2.7, respectively (21.7.6.4(f)).

When special boundary elements are not required, the provisions of 21.7.6.5 must be satisfied. For the cases
when the longitudinal reinforcement ratio at the wall boundary is greater than 400/fy, transverse reinforcement,
spaced not more than 8 in. on center, shall be provided that satisfies 21.4.4.1(c), 21.4.4.3, and 21.7.6.4(c)
(21.7.6.5(a)). This requirement helps in preventing buckling of the longitudinal reinforcement that can be caused
by cyclic load reversals. The longitudinal reinforcement ratio to be used includes only the reinforcement at the
end of the wall as indicated in Fig. R21.7.6.5. Horizontal reinforcement terminating at the edges of structural
walls must be properly anchored per 21.7.6.5(b) in order for the reinforcement to be effective in resisting shear
and to help in preventing buckling of the vertical edge reinforcement. The provisions of 21.7.6.5(b) are not
required to be satisfied when the factored shear force Vy, is less than A, \/E :

21.7.7 Coupling Beams

When adequately proportioned and detailed, coupling beams between structural walls can provide an efficient
means of energy dissipation under seismic forces, and can provide a higher degree of overall stiffness to the
structure. Due to their relatively large depth to clear span ratio, ends of coupling beams are usuvally subjected to
large inelastic rotations. Adequate detailing and shear reinforcement are necessary to prevent shear failure and to

ensure ductility and energy dissipation.

Coupling beams with £;/h = 4 must satisfy the requirement of 21.3 for flexural members of special moment
frames, excluding 21.3.1.3 and 21.3.1.4(a} if it can be shown that the beam has adequate lateral stability (21.7.7.1).
When £, /h < 4, coupling beams with two intersecting groups of diagonally-placed bars symmetrical about the
midspan is permitted (21.7.7.2). The diagonal bars are required for deep coupling beams (4, /h < 2) with a
factored shear force V, greater than 4@ A, unless it can be shown otherwise that safety and stability are not
compromised (21.7.7.3). Experiments have shown that diagonally oriented reinforcement is effectve only I the
bars can be placed at a large inclination.

Note that in the 2002 code, h replaces d in the definition of the aspect ratio (clear span/depth) and A, (formerly
Acp) replaced byd in the shear equations. The first change simplified the code requirements, since d is not

always readily known for beams with multiple layers of reinforcement. The second change removed an incon-
sistency between 21.6.4.5 and 21.6.7 4 of the 1999 code; Ay is now consistently used in 21.7.4.5and 21.7.7.4.

Section 21.7.7.4 contains the reinforcement details for the two intersecting groups of diagonally placed bars.
Figure 29-23 provides a summary of these requirements. The requirerment on side dimensions of the cage and its

core is to provide adequate toughness and stability when the bars are stressed beyond yielding. The hominal
shear strength of a coupling beam is computed from the following (21.7.7.4(b)):

Vo = 24 gfy sina < 1047 A Eq. (21-9)

The additional reinforcement specified in 21.7.7.4(f) is used to confine the concrete cutside of the diagonal cores.
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Figure 29-23 Coupling Beam with Diagonally Oriented Reinforcerment

21.8 SPECIAL STRUCTURAL WALLS CONSTRUCTED USING PRECAST
CONCRETE

According to 21.8.1, special structural walls constructed using precast concrete shall satisfy all requirements of
21.7 for cast-in-place special structural walls and the requirements in 21.13.2 and 21.13.3 for intermediate
precast structural walls. Thus, the left-hand colurmn of Table 29-4 may be utilized. The provisions for intermedi-
ate precast structural walls are discussed later. Note that the provisions of 21.8 do not apply to tilt-up walls.

21.9 STRUCTURAL DIAPHRAGMS AND TRUSSES

In building construction, diaphragms are structural elements, such as floor or roof slabs, that perform some or all

of the following functions:

«  Provide support for building elements such as walls, partitions, and cladding, and resist horizontal forces but
not act as part of the vertical lateral-force-resisting system

¢ Transfer lateral forces to the vertical lateral-force-resisting system

» Interconnect various components of the lateral-force-resisting system with appropriate strength, stiffness,
and toughness to permit deformation and rotation of the building as a unit

Section 21.9.4 prescribes a minirnum thickness of 2 in. for concrete slabs and composite topping slabs serving as
diaphragms used to transmit earthquake forces. The minimum thickness is based on what is currently used in
joist and waffle slab systems and composite topping slabs on precast floor and roof systems. A minimum of
2.5in. is required for topping slabs placed over precast floor or roof systems that do not act compositely with the
precast system to resist the seismic forces.

Sections 21.9.2 and 21.9.3 provide design criteria for cast-in-place diaphragms. For the case of a cast-in-place
composite topping slab on a precast floor or roof system, bonding is required so that the floor or roof system can
provide restraint against slab buckling; also, reinforcement is required to ensure shear transfer across the precast
joints. Composite action is not required for a cast-in-place topping slab on a precast floor or roof system, provided
the topping slab acting alone is designed to resist the seisniic forces.

21.9.5 Reinforcement

The minimum reinforcement ratic for structural diaphragms is the same as that required by 7.12 for temperature
and shrinkage reinforcement. The maximum reinforcement spacing of 18 in. is intended to control the width of
inclined cracks. Sections 21.9.5.1 and 21.9.5.2 contain provisions for welded wire reinforcement used in topping
slabs placed over precast floor and roof elements and bonded prestressing tendons used as primary reinforcement
in diaphragm chords or collectors, respectively.
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According to 21.9.5.3, structural truss elements, struts, ties, diaphragm chords, and collector elements must have
transverse reinforcement as specified in 21.4.4.1 through 21.4.4.3 when the compressive stress at any section
exceeds 0.2 f{. Note that compressive stress is calculated for the factored forces using a linearly elastic model
and gross section properties. The special transverse reinforcement is no longer required where the compressive
stress is less than 0.15 7.

In recent seismic codes and standards, collector elements of diaphragms are required to be designed for forces
amplified by a factor g, to account for the averstrength in the vertical elements of the seismic-force-resisting
system. The amplification factor {2g, ranges between 2 and 3 for concrete structures, depending upon the docu-
ment selected and on the type of seismic system. To account for this, 21 .9.5.3 now additionally states that where
design forces have been amplified to account for the overstrength of the vertical elements of the seismic-force-
resisting system. The limits of 0.2f¢ and 0.15f¢ shall be increased to 0.5 £/ and 0.4 f;, respectively.

Section 21.5.4 modifies the development length requirements of Chapter 12 for longitudinal beam bars termi-
nating at exterior beam-column joints of structures assigned to high seismic design categories. Butthen21.9.5.4
of ACI 318-02 required that all continuous reinforcement in diaphragms, tresses, ties, chords, and collector
elements be anchored or spliced in accordance with the provisions for reinforcement in tension as specified in
21.5.4. This was very confusing to the user, because 21.5.4 is really not applicable to situations covered by
21.9.5.4. This problem existed with ACI 318 editions prior to 2002 as well.

In a very significant and beneficial change, the requirements of 21.9.5.4 have now been modified to remove the
reference to beam-column joints in 21.5.4. All reference now is directly to the provisions of Chapter 12. Section
21.9.5.4 now requires that all continuous reinforcement in diaphragms, trusses, struts, ties, chords, and collector

elements be developed or spliced for fy in tension. This is a change similar to that made in 21.7.2.3.

21.9.7 Shear Strength

The shear strength requirements for monolithic structural diaphragms are similar to those for structural walls. In
particular, the nominal shear strength Vi is computed from:

V, = Acv[z,jﬂ_ +pefy )s 8Ayf; Eq. (21-10)

where Ay is the thickness times the width of the diaphragm. Shear reinforcement should be placed perpendicular
to the span of the diaphragm.

The nominal shear strength V, for topping slab diaphragms does not include the contribution from the concrete:

Vo = APy < SACV-JE Eq. (21-11)

Typically, topping slabs are scored immediately above the boundary between the flanges of adjacent precast
floor members to control the location of shrinkage cracks. Thus, these weakened sections of the diaphragm are
cracked under service load conditions, and the contribution of the concrete to the overall shear strength of the
diaphragm may have already been reduced before the design earthquake occurs. For this reason, the contribution
of the concrete is taken as zero. The required web reinforcement must be uniformly distributed in both directions.

21.9.8 Boundary Elements of Structural Diaphragms

According to 21.9.8.1, boundary elements of structural diaphragms are (o be proportioned to resist the sum of
the factored axial forces acting in the plane of the diaphragm and the force obtained from dividing the factored
moment at the section by the distance between the boundary elements of the diaphragm at that section. It is
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assumed that the factored flexural moments are resisted entirely by chord forces acting at epposite edges of the
diaphragm (see Fig. 29-24). It is essential that splices of tensile reinforcement located in the chord and collector
elements be fully developed and adequately confined (21.9.8.2). Mechanical and welded splices must conform
to21.2.6 and 21.2.7, respectively. If chord reinforcement is located within a wall, the joint between the diaphragm
and the wall should be provided with adequate shear strength to transfer the shear forces.

Reinforcement details for chords and collectors at splices and anchorage zones are given in 21.9.8.3.
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Figure 29-24 Diaphragm Chord and Collector Elements

21.10 FOUNDATIONS

Requirements for foundations supporting buildings in regions of high seismic risk or assigned to high seismic
performance or design categories are contained in 21.10. It is important to note that the foundations must also
comply with all other applicable provisions of the code. For piles, drilled piers, caissons, and slabs on grade, the
provisions of 21.1() supplement other applicable design and construction criteria (see also 1.1.5 and 1.1.6).

21.10.2 Footings, Foundation Mats, and Pile Caps

Detailing requirements are contained in 21.10.2.1 through 21.10.2.4 for footings, mats, and pile caps supporting
columns or walls, and are illustrated in Fig. 29-25.

21.10.3 Grade Beams and Slabs on Grade

Grade beams that are designed as ties between pile caps or footings must have continuous reinforcement that is
developed within or beyond the supported column, or must be anchored within the pile cap or footing at
discontinuities (21.10.3.1).

Section 21.10.3.2 contains geometrical and reinforcement requirements. The smallest cross-sectional dimension
of the grade beam shall be greater than or equal to the clear spacing between the connected colurmns divided by
20; however, this dimension need not be greater than 18 in. Closed ties shall be provided over the length of the
beam spaced at a maximum of one-half the smallest orthogonal cross-sectional dimension of the beam or 12 in.,
whichever is smaller. Both of these provisions are intended to provide reasonable beam proportions.

According to 21.10.3.3, grade beams and beams that are part of a mat foundation that is subjected to flexure
from columns that are part of the lateral-force-resisting system shall have reinforcing details conforming to 21.3
for flexural members of special moment frames.
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Slabs on grade shall be designed as diaphragms according to the provisions of 21.9 when they are subjected to
seismic forces from walls or columns that are part of the lateral-force-resisting system (21.10.3.4). Such slabs
shall be designated as structural members on the design drawings for obvious reasons.

-1 I

Celumn or boundary element

/ ot special reinforced concrete
structural wall

Longitudinal reinforcement fully
developed for tension (21.10.2.1}

'
Sy =

Top reinfarcernent to resist
/ tension uplift forces > minimum
reinforcement per 10.5(21.10.2.4)

Footing, mat, or pile cap
{reinforcement not shown for clarity)

| _Transverse reinforcement per21.4.4

a” Provide over a distance of {(h - cover)
/\/_ or £4, whichever is smaller (21.10.2.3)

i Pk

90° hooks with free end of bar oriented
towards center of column for fixed-end
condition (21.10.2.2)

Figure 29-25 Reinforcement Details for Footings, Mats, and Pile Caps per 21.10.2

21.10.4 Piles, Piers, and Caissons

When piles, piers, or caissons are subjected to tension forces from earthquake-induced effects, a proper load
path is required to transfer these forces from the longitudinal reinforcement of the colurnn or boundary element
through the pile cap to the reinforcement of the pile or caisson. Thus, continuous longitudinal reinforcement is
required over the length resisting the tensile forces, and it must be properly detailed to transfer the forces through
the elements (21.10.4.2). When grouted or post-installed reinforcing bars are used to transfer tensile forces
between the pile cap or mat foundation and a precast pile, a test must be performed to ensure that the grouting
system can develop at least 125 percent of the specified yield strength of the reinforcing bar, (21.10.4.3). In lieu
of a test, reinforcing bars can be cast in the upper portion of a pile, exposed later by chipping away the concrete,
and then mechanically connected or welded to achieve the proper extension.

Transverse reinforcement in accordance with 21.4.4 is required at the top of piles, piers, and caissons over a
length equal to at least 5 times the cross-sectional dimension of the member, but not less than 6 ft below the
bottom of the pile cap (21.10.4.4(a)). This requirement is based on numerous failures that were observed in
earthquakes just below the pile cap, and provides ductility in this region of the pile. Also, for portions of piles in
soil that is not capable of providing lateral support, or for piles in air or water, the entire unsupported length plus
the length specified in 21.10.4.4(a) must be confined by transverse reinforcement per 21.4.4 (21.10.4.4(b)).
Additional requirements for precast concrete driven piles, foundations supporting one- and two-story stud bearing
wall construction, and pile caps with batter piles are contained in 21.10.4.5 through 21.10.4.7.
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21,

H FRAME MEMBERS NOT PROPORTIONED TO RESIST FORCES
INDUCED BY EARTHQUAKE MOTIONS

In regions of high seismic risk or for structures assigned to high seismic performance cor design categories, frame
members that are assumed not to contribute to lateral resistance shall comply with the requirements of 21.11.
Specifically, these members are detailed depending on the magnitude of the moments and shears that are induced
when they are subjected to the design displacements. This requirement is intended to enable the gravity load
system to maintain its vertical load carrying capacity when subjected to the maximum lateral displacement of the
lateral-force-resisting system expected for the design-basis earthquake.

The following summarizes the requirements of 21.11:

(D

2)

(3)

{4

Compute moments and shears (E) in all elements that are not part of the lateral-force-resisting system due to
the design displacement &,. The displacement &, is determined based on the provisions of the governing
building code. Inthe IBC, in ASCE 7 starting with its 1998 edition, and in the NEHRP Provisions (1997 and
subsequent editions), &, is determined from the design-basis earthquake, (two-thirds of the Maximum
Considered Earthquake, which for most of the country is an earthquake having a 98% probability of non-
exceedance in 50 years) using a static or dynamic linear-elastic analysis, and considering the effects of
cracked sections, torsion, and P-A effects. 8, is determined by multiplying the deflections from an elastic
analysis under the prescribed seismic forces by a deflection amplification factor, which accounts for expected
inelastic response and which is given in the governing code for various seismic-force-resisting systems.

Determine the factored moment My, and the factored shear Vy, in each of the elements that are not part of the
lateral-force-resisting system from the more critical of the following load combinations:

U
U

12D + 1.0L + 028 + E
09D +E

The local factor on L can be reduced to 0.5 except for garages, areas occupied as places of public assembly,
and all areas where L > 100 psf.

Note that the E-values (moments and shears) in the above expressions are determined in step 1 above.

If My < ¢M; and V, < ¢V, for an element that 1 not part of the lateral-force-resisting system, and if such an

element is subjected to factored gravity axial forces P, < A, £4710, it must satisfy the longitudinal reinforcement
requirements in 21.3.2.1; in addition, stirrups spaced at no more than d/2 must be provided throughout the length

of the member. If such an element is subjected to P, > A, £:/10 where P, < 0.35P, (P, is the nominal axial load
strength at zero eccentricity), it must conform to 21.4.3, 21.4.4.1(c), 21.4.4.3, and 21.4.5. In addition, ties at a
maximum spacing of s, must be provided throughout the height of the column, where s, must not exceed the
smaller of six times the smallest longitudinal bar diameter and 6 in. If the factored gravity axial force
B, > 0.35P,, the requirements of 21.11.2.3 must be satisfied and the amount of transverse reinforcement provided
shall be one-half of that required by 21.4.4.1, with the spacing not exceeding s,, for the full column height.

If M,, or V,, determined in step 2 for an element that is not part of the lateral-force-resisting system exceeds
oM, or 6V, or if induced moments and shears due to the design displacements are not calculated, then the
structural materials must satisfy 21.2.4 and 21.2.5, and the splices of reinforcement must satisfy 21.2.6 and
21.2.7. If such an element is subjected to Py < Ag /10, it must conformto 21.3.2.1 and 21.3.4; in addition,
stirrups spaced at no more than d/2 must be provided throughout the length of the member. If such an
element is subjected to Py > A, f/10, it must be provided with full ductile detailing in conformance with
21.43.1,21.44, 21.4.5, and 21.5.2.1. Note that the requirements of 21.4.3.1 used to be requirements of
21.4.3 before 2002. This change was meant to be made in 21.11.2, was inadvertently made in 21.11.3, and
needs to be corrected in the future.
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Precast concrete frame members assumed not o contribute to lateral resistance must also conformto 21.11.1
through 21.11.3. In addition, the following requirements of 21.11.4 must be satisfied: (a) ties specified in
21.11.2.2 must be provided over the entire columa height, including the depth of the beams; (b) structural
integrity reinforcement of 16.5 must be provided in all members: and (c) bearing length at the support of a
beam rnust be at least 2 in. ionger than the computed bearing length according to 10.17. The 2 in. increase in
bearing length is based on an assumed 4% story drift ratio and a 50 in. bearn depth, and is considered to be
conservative for ground motions expected in high seismic zones.

In a very significant change, provisions for shear reinforcement at slab-column joints have been added in a new
section 21.11.5, to reduce the likelihood of punching shear failure in two-way slabs without beams. Aprescribed
amount and detailing of shear reinforcement is required unless either 21.11.5(a) or (b) is satisfied.

Section 21.11.5(a) requires calculation of shear stress due o the factored shear force and induced moment
according to 11.12.6.2. The induced moment is the moment that is calculated to occur at the slab-column joint
where subjected to the design displacement defined in 21.1. Section 13.5.1.2 and the accompanying commen-
tary provide guidance on selection of the slab stiffness for the purpose of this calculation.

Section 21.11.5(b) does not require the calculation of induced moments, and is based on research?> 2%¢ that
identifies the likelihood of punching shear failure considering interstory drift and shear due to gravity loads.
The requirement is illustrated in the newly added Fig. R21.11.5. The requirement can be satisfied in several
ways: adding slab shear reinforcement, increasing slab thickness, designing a structure with more lateral stiff-
ness to decrease interstory drift, or a combination of two or more of these.

If column capitals, drop panels, or other changes in slab thickness are used, the requirements of 21.1.5 must be
evaluated at all potential critical sections.

2112 REQUIREMENTS FOR INTERMEDIATE MOMENT FRAMES

For comparison purposes with the requirements for special moment frames, the provisions for beams (21.12.4}
and columns (21.12.5) in intermediate moment frames have been presented in Table 29-1 and Table 29-2,
respectively. The shear provisions of 21,12.3 are also included in those tables.

As was noted above, hoops instead of stirrups are now required at both ends of bearns fora distance not less than
h from the faces of the supports. The likelihood of spalling and loss of shell concrete in some regions of the
frame are high. Both observed behavior under actual earthquakes and experimental research have shown that the
transverse reinforcement will open at the ends and lose the ability to confine the concrete unless it is bent around
the longitudinal reinforcement and its ends project into the core of the element. Similar provisions are now given
in 21.12.5 for columns.

Two-way slabs without beams are acceptable fateral-force-resisting systems in regions of low or moderate seismic
risk, or for structures assigned to low or moderate seismic performance or design categories. They are not
permitted in regions of high seismic risk or for structures assigned to high seismic performance or design categories.
Table 29-5, Fig. 29-26, and Fig. 29-27 summarize the detailing requirements for two-way slabs of intermediate
moment frames. Provisions for two-way slabs of ordinary moment frames are also presented in Table 29-5.

The provisions of 21.12.6.2 for the band width within which flexural moment transfer reinforcement must be
placed at edge and comer slab-colurnn connections are new in the 2002 code. For these connections, flexural
moment-transfer reinforcement perpendicular to the edge is not considered fully effective unless it is placed
within the specified narrow band width (see Fig. R21.12.6.1).
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The shear strength requirements of 21.12.6.8 are also new in the 2002 code. Slab-column frames are susceptible
to punching shear failures during earthquakes if the shear stresses due to gravity loads are high. Thus, a limit was
inroduced on the allowable shear stress caused by gravity loads, which in tumn permits the stab-column connection
to have adequate toughness to withstand the anticipated inelastic moment transter.

21.13 INTERMEDIATE PRECAST STRUCTURAL WALLS

This new section applies to intermediate precast structural walls used to resist forces induced by the design earthquake.
Connections between precast wall panels or between wall panels and the foundation are required to resist forces
due to earthquake motions and must provide for yielding that is restricted to steel elements or reinforcement
(21.13.2). When Type 2 mechanical splices are used for connecting the primary reinforcement, the strength of

the splice should be greater than or equal to 1.5 times fy of the reinforcement (21.13.3).

Note that the provisions of 21.13, like those of 21.8, do not apply to tilt-up walls.
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Table 29-5 Two-Way Sfabs Without Bearns”

Intermediate — All reinforcement provided to resist My, the pertion of slab moment balanced by the support moment,
must be placed within the column strip defined in 13.2.1.

21.12.6.1

Ordinary — The middle strip is allowed fo carry a portion of the unbalanced moment.

Imermediate —- The fraction, defined by Eg. (13-1), of the moment M,,,,, shall be resisted by reinforcement placed
within the band width specified in 13.5.3.2. Band width for edge and corner connections shall not extend beyond the
column face a distance greater than ¢; measured perpendicular to the slab span.

21.12.6.2

Ordinary — Similar requirement, except band width restriction for edge and corner connections does not apply.

Intermediate — Not less than one-half of the reinforcement in the column strip at the support shall be placed within the
effective slab width specified in 13.5.3.2.

21.12.6.3

Ordinary — No similar requirerment.

Intermediate — Not iess than one-fourth of the top reinforcement at the support in the column strip shall be continupus
throughout the span.

21.126.4

Ordinary — No similar requirement.

Intermediate — Continuous bottemn reinforcement in the column strip shall not be less than one-third of the top
reinforcement at the suppon in the column strip.

21.126.5
Intermediate — Not less than one-half of all middle strip bottom reinforcement and all colurnn strip bottomn reinforce-

ment at midspan shall be continuous and shall develop its yield strength at the face of the support as defined in
13.6.2.5.

21.12.6.6

Ordinary - All bottom bars within the colurnn strip shall be continuous or spliced with Class A tension splices or with

mechanical or welded spiices satisfying 12.14.3.
13.3.8.5

Intermediate — At discontinuous edges of the slab, all top and bottom reinforcement at the support shall be developed
at the face of support as defined in 13.6.2.5.

21.126.7

Ordinary — Positive moment reinforcement perpendicular to a discontinuous edge shall extend to the edge of the slab
and have embedment of at least 6 in, in spandrel beams, columns, or walls. Negative moment reinforcement perpen-
dicular to a discontinuous edge must be anchored and developed at the face of the support according to provisions in

Chapter 12.

13.3.3,13.3.4

intermediate — At the critical sections for columns defined in 11.12.1.2, two-way shear caused by factored gravity
loads shall not exceed 0.49V.; where V, is calculated by 11.12.2.1 for nonprestressed slabs and 11.12.2.2 for pre-
stressed slabs. This requirement may be waived if the contribution of the earthquake-induced factored two-way shear
stress transferred by eccentricity of shear in accordance with 11.12.6.1 and 11.12.6.2 at the point of maximum stress

does not exceed (pvy, permitted by 11.12.6.2)/2.
2112638

Ordinary — No similar requirement.

*Nof permilied as part of the laterai-force-resisting system in regions of high seismic risk or for structures assigned to high
seismmic performance or design calegories.
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Figure 29-26 Location of Reinforcement in Two-way Slabs without Beams
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Example 29.1—Design of a 12-Story Cast-in-Place Frame-Shearwall Building
and its Components

This example, and the 5 examples that follow, illustrate the design and detailing requirerents for typical mem-
bers of a 12-story cast-in-place concrete building,

A typical plan and ¢levation of the structure are shown in Figs. 29-28(a} and (b) respectively. The columns and
structural walls have constant cross-sections thronghout the height of the building”®, and the bases of the lowest
story segments are assumed fixed. The beams and the slabs also have the same dimensions at all floor levels.
Although the member dimensions in this example are within the practical range, the structure itself is a hypo-
thetical one, and has been chosen mainly for illustrative purposes. Other pertinent design data are as follows:

Material properties:

Concrete: f; = 4000 psi, w, = 145 pcf
Reinforcement:  fy = 60,000 psi

Service loads:

Live load: Floors = 50 psf
Additional average value to allow for heavier load on corridors = 25 psf

Total average live load (floors) = 75 psf

Roof = 20 psf

Superimposed  Average for partitions = 20 psf

dead lcad: Ceiling and mechanical = 10 psf
Total average superimposed dead load (floors) = 30 psf
Roof = 10 psf

Seismic design data:

The building is located in a region of high seismic risk, and is assigned to a high seismic design or
performance category.

Dual system (special reinforced concrete stroctural walls with special moment frames) in the N-$ direction

Special moment frames in the E-W direction

* The uniformity in member dimensions used in this example has been adopted mainly for simplicity.
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Code
Example 29.1 (cont’d) Calculations and Discussion Reference

&
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(a) Typical floor plan
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Exterior columns: 22 x 22 in,

Interior columns: 26 x 26 in.

Beams: 20 x 24 in.

Slab: 8 in.

Walls: 18 in. web + 32 x 32 in. boundary elements

{b) Longitudinal section

Figure 29-28 Example Building
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Code

Example 29.1 (cont’d) Calculations and Discussion Reference

1.

Lateral analysis

The computation of the seismic and wind design forces is beyond the scope of this example.

A three-dimensional analysis of the building was performed in both the N-S and E-W directions for both
seismic and wind load cases. The effects of the seismic forces governed; thus, load combinations containing
the effects of wind loads are not considered in the following examples.

Gravity analysis
The Equivalent Frame Method of 13.7 was used to determine the gravity load moments in the members,

Cumulative service axial loads for the columns and walls were computed considering live load reduction
according to ASCE 7.

29-50



Example 29.2—Proportioning and Detailing of Flexural Members of Building in
Example 29.1 :

Design a beam on the first floor of a typical interior E-W frame of the example building (Fig. 29-28). The beam
has dimensions of b = 20 in. and h = 24 in. (d =21.5in.). The slabis 8 ir. thick. Use f7=4000 psi and fy =

60,000 psi.

Code
Calculations and Discussion Reference
1. Check satisfaction of limitations on section dimensions.
Factored axial compressive force on beams is negligible. O.K. 21.3.1.1
£y _(26x12)=30 1544 ok 21.3.1.2
d 21.5

width _ 20 _ 483 5 03 0K 21.3.1.3

depth 24
width = 20in. > 10in. O.K. 21.3.14

< width of supporting column + (1.5 x depth of beam)
< 24+(1.5%x24) = 60in. OK.
2. Determine required flexural reinforcement.

The required reinforcement for the bearns on the first floor level is shown in Table 29-6. The

provided areas of steel are within the limits specified in 21.3.2.1. Also given in Table 29-6 are

the design moment strengths ¢M, at each section. The positive moment strength at a joint face

must be at least equal to 50% of the negative moment strength provided at that joint. At the 21.3.22
exterior negative location, this provision 1s satisfied since the positive design moment strength

of 220.8 ft-kips is greater than 351.2/2 = 175.6 ft-kips. The provision is also satisfied at the

interior negative location since 220.8 ft-kips is greater than 414.0/2 = 207.0 ft-kips.

Neither the negative nor the positive moment strength at any section along the length of the 27.32.2
member shall be less than 25% of the maximum moment strength provided at the face of either

joint. In this case, 25% of the maximurm design moment strength is equal to 414.0/4 = 103.5 ft-

kips. Providing at least 2-No. 8 bars (M = 147.9 ft-kips) or 2-No. 7 bars (¢My = 113.2 ft-kips)

at any section will satisfy this requirement. However, to satisfy the minimum reinforcement
requirement of 21.3.2.1 (i.e., minimum A= 1.43 in.2), 2 minimum of 2-No. 8 bars (As=1.58 in. 2y

or 3-No. 7 bars (A, = 1.80 in.2) must be provided at any section. This also automatically satis- 21.3.2.7
fies the requirement that 2 bars be continuous at both the top and the bottom of any section.

29-51



Code
Example 29.2 (cont’d) Calculations and Discussion Reference

Table 29-6 Required Reinforcement for Beam of Typical E-W Frame on Floor Level 6

Location M, Required | Reinforcement® oM,
(ft-kips) A (ft-kips)
(in.2)

Ext. Neg. -291.9 3.23 5-No. 8 351.2

End 138.7 1.48 4-No. 7 220.8
Span Fositive 1453 1.55 4-No. 7 220.8
Int. Neg. -366.2 4.14 6-No. 8 414.0

120.1 1.43 4-No. 7 220.8

Interior Positive 1251 1.43 4-No. 7 220.8
Span Negative -354.3 3.99 5-No. 8 351.2
135.7 1.45 4-No. 7 220.8

*Max A, = 0.025x 20x 21.5 = 10.75 in.” (21.3.2.1)
Min. A = J4,000 x 20 x 21.5/60,000 = 1.36 in.*

=200 x 20 x 21.5/60,000 = 1.43 in.? (governs)
**Does not include siab reinforcement.

3. Calculate required length of anchorage of flexural reinforcement in exterior column,

Beam longitudinal reinforcement terminated in a column shall be extended to the far face 21.5.1.3
of the confined column core and shall be anchored in tension according to 21.5.4 and in
compression according to Chapter 12.

Minimum development length ¢4, for a bar with a standard 90-degree hook in normal-
weight concrete is

Lo = fydy 21.54.1
654/£;
2 8dy
2 6in.
A standard hook is defined as a 90-degree bend plus a 124y, extension at the free end of the bar. 7.12
For the No. 8 top bars (bend diameter = 6dy,): 7.2.1

(60,000 x1.00)/(65v4000)=14.6in.  (governs)
fdh = {8x1.00=8in.

61in.
For the No. 7 bottom bars (bend diamter = 6dy):
(60,000x0.875)/(65v4000)=12.8in.  (governs)

f4h =18 x0.875="7in.
61in.

Note that the development length {4, is measured from the near face of the column to the
far edge of the vertical 12-bar-diameter extension (sec Fig. 29-29).
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Code
Example 29.2 (cont’d) Calculations and Discussion Reference

When reinforcing bars extend through a joint, the column dimension must be at least 20 21.5.1.4
times the diameter of the largest longitudinal bar for normal weight concrete. In this case,

the minimum required column dimension is 20 X 1.0 =20 in., which is less than each of the

two column widths that is provided.

—
oo

12dy = 12"

4-No.7

Figure 29-29 Detail of Flexural Reinforcement Anchorage at Exterior Column
4. Determine shear reinforcement requirements.

Design for shear forces corresponding to end moments that are calculated by assuming the stress in
21.34.1

the tensile flexural reinforcement equal to 1.25fy and a strength reduction factor, ¢ = 1.0
(probable flexural strength), plus shear forces due to factored tributary gravity loads.

The following equation can be used to compute Mp™:

M, = A (1.256,) (d _%]

A 1256,

where a =
0.85(b

* The slab reinforcement within the effective slab width defined in 8.10 is not included in the calculation of My (note
that this reinforcement must be included when computing the flexural strength of the beam when checking the
requirements of 21.4.2). It is unlikely that afl or even most of the reinforcement within the slab effective width away
from the beamn will yield when subjected to the forces generated from the design-basis earthquake. Furthermore,
tncluding the slab reinforcement in the calculation of My, would result in a major deviation from how members have
been designed in the past. In particolar, the magnitude of the negative probable moment strength of the beam would
significantly increase if the slab reinforcement were included. This in tun would have a significant impact on the
shear strength requirements of the beam (21.3.4) and most likely the columns framing into the joint as well (21.4.5).
Such significant increases seem unwarranted when compared to the appropriate pravisions in previous editions of the
ACI Code and other codes.
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Code
Example 29.2 (cont’d) Calculations and Discussion Reference
For example, for sidesway to the right, the interior joint must be subjected to the negative
moment Mp which is determined as follows:
For 6-No. 8 top bars, Ay = 6 X 0.79 = 474 in.2
COA125) 474 x 125x60 3
0.85fb  0.85 x 4 x 20 B
a 5.23 L .
Mpr=A5(1.256))| d ~5 =474 X 125 X 60X | 21.5—- - 6713.6 in.-kips =559.5 ft-kips
Similarly, for the exterior joint, the positive moment My, based on the 4-No. 7 bottom bars is
equal to 302.6 fi-kips. The probable flexural strengths for sidesway to the left can be obtained in
a sirnilar fashion.
The factored gravity load at midspan is:
wp = [%(145) + 30} x 22 4+ 16220 (145) = 31091bs/ft
wp = 75 % 22 = 1650 Ibhs /1t
wy = 127 wp + 0.5w; = 4.56 kips /ft Eq. (9-5)

Figure 29-30 shows the exterior beam span and the shear forces due to the gravity loads. Also 91.34.2
shown are the probable flexural strengths M, at the joint faces for sidesway to the right and o
to the left and the corresponding shear forces due to these moments. Note that the maximum

combined design shear forces are larger than those obtained from the structural analysis.

The shear strength of concrete V. is to be taken as zero when the earthquake-induced shear
force calculated in accordance with 21.3.4.1 is greater than or equal to 50% of the total shear
force and the factored axial compressive force is less than Agfé /20 where Ag is the gross
cross-sectioned area of the beam. The beam carries negligible axial forces, and the maximnum
earthquake-induced shear force, which is equal to 36.3 kips (see Fig. 29-30), is greater than
one-half the total design shear force which is equal to 0.5 X 68.1 = 34.1 kips. Thus, V, must
be taken equal to zero. The maximum shear force Vy is:

PV =V, -V,

v - Yy,

¢ C
68.1

= 2220 = 90.8ki
0.75 P

* Note that in seismic design complying with the IBC, the factor would be (1.2 + 0.28 ), where S is
the design spectral response acceleration at short periods at the site of the structure,
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Example 29.2 (cont’d) Calculations and Discussion Reference
where the strength reduction factor ¢ is 0.75. 9.34
Shear strength contributed by shear reinforcement must not exceed (Vg)max: 11.5.6.9

(Vs) max = 84/f.b,d =84/4000 X 20 X 21.5/1000 = 217.6 kips > 90.8 kips OK.
Also, V is less than 4J¥bwd = 108.8 kips. 11.5.4.3
Required spacing of No. 3 closed stirrups (hoops} for a factored shear force of 90.8 kips is: 11.5.6.2

‘- Af,d (4 x 0.11) x 60 x 21.5

V, 90.8

= 631n.

5-No. 8 6:No. 8
{ _ T
4-No. 7 1_4,_[

| o 239 ] |
260" J

!

!

156" i

.i

|

it
! % 100 70 55 jj‘ | Gravity
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! I
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302.6 5555 ~|
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|
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Figure 29-30 Design Shear Forces for Exterior Bearn Span of Typical E-N Frame on Floor Level 1
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Example 29.2 (cont’d) Calculations and Discussion Reference
Note that 4 legs are required for lateral support of the longitudinal bars. 21.3.33
Maximum allowable hoop spacing (s, ) within a distance of 2h =2 X 24 =48 in. 21.3.3.2

from the face of the support is the smallest of the following:

§ = =.2..1;5_= 5.4 in. (governs)

max

sl

= § X (diameter of smallest longitudinal bar) =8 X 0.875 =7.01in.
=24 X (diameter of hoop bar) = 24 X 0.375=9.01in.
=12 in.

Therefore, hoops must be spaced at 5 in. on center with the first one located at 2 in.
from the face of the support. Eleven hoops are to be placed at this spacing.

Where hoops are no longer required, stirrups with seismic hooks at both ends may be used. 27.3.3.4
At a distance of 52 in. from the face of the interior support, V,, = 63.7 kips.

With v, = 24/4000 x 20 x 21.5/1000 = 54.4 kips., the spacing required for
No. 3 stirrups with two legs is 9.3 in. < d/2 = 10.8 in.

A 9 in. spacing, starting at 52 in. from the face of the support will be sufficient
for the remaining portion of the beam.

5. Negative reinforcement cutoff points.

For the purpose of determining cutoff points for the negative reinforcement at the interior

support, a moment diagram corresponding to the probabie flexural strengths at the beam

ends and 0.9 times the dead load on the span will be used. The cutoff point for four of Eq. (8-7)
the six No. 8 bars at the top will be determined.

With the design flexural strength of a section with 2-No. 8 top bars = 147.9 ft-kips
(calculated using f; = fy = 60 ksi and ¢ = 0.9, since a section with such light reinforce-
ment will be tension-controlled), the distance from the face of the support to where the
moment under the loading considered equals 147.9 ft-kips is readily obtained by
summing moments about section a-a in Fig. 29-31, and equating these to 147.9 ft-kips:

x{28x ) x
— —=— 1} = |- 55.8 559.5 = 147.
2(9.75)(3] 55.8x + 559.5 7.9

* Note that in seismic design complying with the IBC, the factor 