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Preface

The first edition of this reference manual was developed to aid users in applying the provisions of the 1971
edition of “Building Code Requirements for Reinforced Concrete (ACI 318-71).” The second through fifth
editions updated the material in conformity with provisions of the 1977 code edition, the 1980 code supplement,
and the 1983 and 1989 code editions, respectively. The sixth, seventh and eighth editions addressed the 1995,
1999, and 2002 editions of “Building Code Requirements for Structural Concrete (ACI 318-95), (ACI 318-99),
and (ACI 318-02).” Through eight editions, much of the initial material has been revised to better emphasize

the subject matter, and new chapters added to assist the designer in proper application of the ACI 318 design
provisions.

This ninth edition reflects the contents of “Building Code Requirements for Structural Concrete (ACI 318-05).”
The text and design examples have been revised to reflect, where possible, comments received from users of
the”“Notes™ who suggested improvements in wording, identified errors, and recommended items for inclusion

or deletion.

The primary purpose for publishing this manual is to assist the engineer and architect in the proper application
of the ACI 318-05 design standard. The emphasis is placed on “how-to-use” the code. For complete background
information on the development of the code provisions, the reader is referred to the”“Commentary on Building
Code Requirements for Structural Concrete (ACI 318R-05)” which, starting with the 1989 edition, has been
published together with the code itself under the same cover.

This manual is also a valuable aid to educators, contractors, materials and products manufacturers, building
code authorities, inspectors, and others involved in the design, construction, and regulation of concrete structures.

Although every attempt has been made to impart editorial consistency to the thirty-four chapters, some
inconsistencies probably still remain. A few typographical and other errors are probably also to be found. PCA
would be grateful to any reader who would bring such errors and inconsistencies to our attention. Other

suggestions for improvement are also most sincerely welcome.

Basile G. Rabbat
Engineered Structures Department
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General Requirements

A significant renaming of the ACT 318 standard took place with the 1995 edition; in the document title, “Rein-
forced Concrete,” was changed to “Structural Concrete™ in recognition of the then new Chapter 22 - Structural
Plain Concrete. Prior to the ‘95 code, design and construction requirements for structural members of plain
concrete were contained in a separate companion document to ACI 318, designated ACI 318.1. The require-
ments for structural plain concrete of the former ACI 314.1 code are now incorporated in Chapter 22,

1.1* SCOPE

As the name implies, Building Code Requiremenis for Structural Concrete (ACI 318-05) is meant to be adopted by
reference in a general building code, to regulate the design and construction of buildings and structures of concrete.
Section 1.1.1 emphasizes the intent and format of the ACI 318 document and its status as part of a legally adopted
general building code. The ACI 318 code has no legal status unless adopted by a state or local jurisdiction having
power toregulate building design and construction through a legally appointed building official. Itis also recognized
that when the ACI code is made part of a legally adopted general building code, that general building code may
modify some provisions of ACI 318 to reflect local conditions and requirements. For areas where there is no general
building code, there is no law to make ACI 318 the “code.” In such cases, the ACI code defines minimum acceptable
standards of design and construction practice, even though it has no legal status.

A provision in 1.1.1, new to ACI 318-02 and unchanged in ACI 318-05 requires that the minimum specified
compressive strength of concrete be not less than 2500 psi. This provision is also included in 5.1.1. While the
commentary does not explain why this provision was added, it was most likely included because an identical
requirement was in The BOCA National Building Code (NBC), and Standard Building Code (SBC) for several
editions, and it was also adapted into the 2000 International Building Code (IBC) and remains in the 2003 IBC.

Also new to 1.1.1 of ACI 318-02 and unchanged in ACI 318-05 is a statement that “No maximum specified
compressive strength (of concrete) shall apply unless restricted by a specific code provision.” The impetus for
adding this was the fact that some local jurisdictions, most notably in southern California, were in effect, if not
formally, imposing maximum limits on strength of concrete used in struetures in regions of high seismic risk
{UBC Seismic Zone 3 or 4). Committee 318 felt that it was advisable to add the statement to make it known to
regulators that possible need for limitations on concrete strength are considered when new code provisions are
introduced, and unless concrete strength is specifically limited by other provisions of ACI 318, no maximum
upper limit on strength is deemed necessary. The Committee has been making adjustments in the standard on an
ongoing basis to account for sometimes differing properties of high-strength concrete.

In the past, most jurisdictions in the United States adopted one of the three following model building codes, now
referred to as legacy codes, to regulate building design and constraction. The BOCA National Building Code
(NBC), published by the Building Officials and Code Administrators Internationall-!, was used primarily in the

*Section numbers comespond to those of ACI 318-05.



northeastern states; the Standard Building Code (SBC), published by the Southern Building Code Congress
International!-2, was used primarily in the southeastern states; and the Uniform Building Code (UBC), published
by the International Conference of Building Officials!-3, was used mainly in the centra} and western United
States. All three of these model codes used the ACI 318 standard to regulate design and construction of struc-
tural elements of concrete in buildings or other structures. The BOCA National Building Code and the Standard
Building Code adopted ACI 318 primarily by reference, incorporating only the construction requirernents (Chapter
4 through 7) of ACI 318 directly within Chapter 19 of their documents. The Uniform Building Code reprinted
ACI 318 in its entirety in Chapter 19. It is essential that designers of concrete buildings in jurisdictions still
regulated by the UBC refer to Chapter 19, as some ACL 31 8 provisions were modified and some provisions were
added to reflect, in most cases, more stringent seismic design requirements. To clearly distinguish where the
UBC differed from ACI 318, the differing portions of UBC Chapter 19 were printed in italics.

Many states and local jurisdictions that formerly adopted one of the three legacy codes, have adopted the Inter-
rational Building Code (IBC), developed by the International Code Councill-A. The 2000 edition (first edition)
of the IBC adopted ACI 318-99 by reference, and the 2003 edition of the IBCL-A adopts ACT 318-02 by refer-
ence.” Portions of Chapters 3 — 7 of ACI318 have been included in IBC Sections 1903 - 1907. A few modifica-
tions have been made to the reproduced ACI 318 provisions and these are indicated by the text printed in italics.
Additional modifications to provisions in other Chapters of ACI 318 are contained in IBC Section 1908. Many
of these were necessary to coordinate ACI 318 provisions for seismic design (Chapter 21) with the IBC’s seismic
design provisions.

As this book goes to press, it is anticipated that the 2006 edition of the IBC will adopt ACI 318-05 by reference.
In addition, most of the text from ACI 318 had been transcribed into IBC Sections 1903 — 1907 will be removed
and replaced with references to the ACI code. IBC Section 1908 will continue to contain modifications to the
provisions of ACI 318, most of which are related to seismic design issues.

In the fall of 2002, the National Fire Protection Association (NFPA) issued the first edition (2003) of its Building
Construction and Safety Code NFPA 500013 which adopted ACI 318-02 by reference. While there were no modifi-
cations to ACI 318 within the first edition of NFPA 5000, it adopted the modifications to ACI 318 contained in
Section A.9.9 of ASCE 7-021.C. As this book goes to press, the 2006 edition of NFPA 5000 is nearing completion and
it is anticipated that it will adopt ACI 318-05 by reference and the modifications to ACI 318-05 contained in Section
14.2 of ASCE 7-05, including its Supplement Number 1. Only a few jurisdictions scattered throughout the country
have adopted NFPA 5000 and it appears that it will not be able to supplant the IBC as the model of choice.

Whichever building code governs the design, be it a model code or locally developed code, the prudent designer
should always refer to the governing code to determine the edition of ACI 318 that is adopted and if there are any

modifications to it.

Seismic Design Practice — Earthquake design requirements in two of the three legacy codes were based on the
1991 edition of the NEHRP (National Earthquake Hazards Reduction Program) Recommended Provisions for
the Development of Seismic Regulations for New Buildings.\'3 The BOCA National Building Code (NBC) and
the Standard Building Code (SBC) incorporated the NEHRP recommended provisions into the codes, with
relatively few modifications. The Uniform Building Code (UBC), published by the International Conference of
Building Officials which traditionally followed the lead of the Structural Engineers Association of California
(SEAQC), had its seismic provisions based on the Recommended Lateral Force Requirements and Commen-
tary!-6 (the SEAOC “Blue Book™) published by the Seismology Committee of SEAOC. The SEAOC Blue Book
in its 1996 and 1999 editions, adopted many of the features of the 1994 NEHRP provisions.1-E

The designer should be aware that there were important differences in design methodologies between the UBC and
the NBC and SBC for earthquake design. Even with the different design methodologies, itis important to note that
a building designed under the NBC or SBC carthquake design criteria and the UBC criteria provided a similar level
of safety and that the two sets of provisions (NBC and SBC versus UBC) were substantially equivalent.!.7
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The seismic design provisions of the 2000 edition of the International Building Code, were based on the 1997
edition of the NEHRP Recommended Provisions for Seismic Regulations for New Buildings and Other Struc-
tures.1-8 Major differences between the 2000 IBC and the NBC and SBC seismic provisions, that were based on
the *91 NEHRP Provisions!-3, included:

1. Seismic ground motion maps of the 1991 edition were replaced with spectral response acceleration maps at
periods of 0.2 second and 1.0 second.

2. The 1991 maps gave ground motion parameters that had a 10% probability of exceedance in 50 years (i.e.,
approximately a 475-year return period). The 1997 maps were based on a maximum considered earthquake
(MCE), and for most regions the MCE ground motion was defined with a uniform likelihood of exceedance
of 2% in 50 years (return period of about 2500 years).

3. Seismic detailing requirements, were triggered by building use and estimated ground motion on rock in the
"91 edition; the trigger was revised to include the amplifying effects of soft soils overlying rock. This might
require buildings on soft soils in areas that were traditionally considered to be subject to low or moderate
seismic hazard to be detailed for moderate and high seismic risk, respectively.

4. In the 91 edition, the amplifying effects of soft soils were ignored in calculating the design base shear for
short period buildings. These effects were now taken into consideration, and resulted in significant increases
in base shear for short period buildings on soft soils in areas subject to low seismic hazard.

5. Areliability/redundancy factor was introduced for buildings subject to high seismic risk. This was done to
force designers to either add redundancies to the seismic force-resisting system or to pay a penalty in the
form of designing for a higher base shear.

6. Itbecame a requirement to design every building for a lateral force at each floor equal to 1% of the effective
seismic weight at that level. Seismic design of buildings subject to negligible or very low seismic risk (e.g.,
located in Seismic Zone 0, or assigned to SPC A) has traditionally not been required by building codes. This
new requirement meant that in areas where seismic design had traditionally been ignored (e.g., south Florida,
and much of Texas), designers now needed to make sure that these so-called index forces did not control the
design of the lateral force-resisting system. These index forces instead of wind are liable to control design
of the lateral force-resisting system of larger concrete buildings, such as parking structures, or long narrow
buildings, such as hotels/motels.

For a comprehensive comparison of the major differences between the seismic design requirements of the 2000
IBC, and the last editions of the NBC, SBC and UBC, see Impact of the Seismic Design Provisions of the
International Building Codel®.

“The seismic design requirements of the 2003 IBC are based on ASCE 7-02, which in turn is based on the 2000
edition of the NEHRP {National Farthquake Hazards Reduction Program) Recommended Provisions for Seis-
mic Regulations for New Buildings and Other Strcutures! D. A comprehensive discussion of changes in the
structural provisions from the 2000 to the 2003 IBC has been provided in Ref. 1.E The 2003 IBC saw the
beginning of a philosophical shift from the code containing almost all the seismic design provisions, as was the
case with the 2000 IBC, to one in which the code only has the simplified design provisions. For design of
buildings requiring other than simplified analysis procedured, the 2003 IBC references ASCE-7-02. It is antici-
pated that the 2006 IBC will carry this shift to its conclusion and remove virtually all the seismic design provions
from the code and reference the provisions of ASCE 7-05, including its Supplement Number 1. It should be
pointed out that ASCE 7-05 will be based on the 2003 edition of the NEHRP (Narional Earthquake Hazards
Reduction Program) Recommended Provisions for Seismic Regulations for New Buildings and Other Strcutures!.E.
Supplement Number 1 to ASCE 7-05 updates the seismic design provisions by referencing the latest editions of
material design standards, such as ACI 318-05.
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For seismic design, the 2003 edition of NFPA 5000 adopts by reference ASCE 7-02. It is anticipated that the
2006 edition of NFPA 5000 will reference ASCE 7-05, including Supplement Number 1.”

Differences in Design Methodology — The UBC earthquake design force level was based on the seismic zone,
the structural system, and the building use (occupancy). These design considerations were used o determine a
design base shear. As the anticipated level of ground shaking increased, the design base shear increased. Simi-
larly, as the need for post-disaster functionality increased, the design base shear was increased.

As with the UBC, the NBC and the SBC provisions increased the design base shear as the level of ground
shaking increased. In the NBC and SBC, this was done not through a seismic zone factor Z, but through a
coefficient A, representing effective peak velocity-related acceleration or a coefticient A, representing effective
peak acceleration (for definitions of these terms, see the Commentary to the NEHRP Provisions!-?). These two
quantities were given on separate contour maps that took the ptace of the seismic zoning map of the UBC. The
NBC and the SBC utilized a “seismic performance category” (SPC) that took into account the level of seismicity
and the building occupancy. Based on the SPC of the building, different design criteria such as drift limits and
detailing requirements were specified. The IBC provision also increase the design base shear as the level of
ground shaking increases. However, in the IBC, the A, and A, maps are replaced with spectral response accel-
eration maps at periods of 0.2 second and 1.0 second, respectively. the IBC replaces the “seismic performance
category” of the NBC and the SBC with a “seismic design category” (SDC). This is more than a change of
terminology, because in addition to considering the occupancy of the structure and the estimated ground motion
on rock, also considered is the modification of ground motion due to the amplifying effects of soft soils overly-
ing rock. Based on the SDC of the building, different design criteria such as drift limits and detailing require-
ments are specified. As in the UBC, the NBC and the SBC, the IBC earthquake provisions factor into design the
effects of site geology and soil characteristics and the type and configuration of the structural framing system.

Another major difference between the provisions of the 1994 and earlier editions of the UBC and those of the
IBC, NBC and SBC is in the magnitude of the design base shear. The designer should note that the earthquake
design forces of the IBC, NBC and SBC, and the 1994 and earlier editions of the UBC cannot be compared by
simply looking at the numbers, since one set of numbers is based on strength design and the other set is based on
working or allowable stress design. NBC and SBC design earthquake forces were strength level while pre-1997
UBC forces were service load level. IBC also provides strength level design earthquake forces. The difference
shows up in the magnitude of the response modification coefficient, commonly called the “R” factor. In the
NBC and SBC provisions, the term was R; in the IBC, the term is R; in the pre-1997 UBC it was Ry, with the
“w” subscript signifying “working” load level design forces. The difference also becomes apparent in the load
factors to be applied to the earthquake force effects (E). In the NBC and SBC, the load factor for earthquake
force effects was 1.0, as it is in the IBC. In the pre-1997 UBC, for reinforced concrete design, a load factorof 1.4
was applied to the earthquake force effects. Thus, for reinforced concrete, when comparing the base shear
calculated by the pre-1997 UBC with that calculated by the 2000 or 2003 IBC, or 1993, 1996 or 1999 NBC, or
the 1994, 1997 or 1999 SBC, the designer must multiply the UBC base shear by 1.4.

The seismic design force of the 1997 UBC was at strength level, rather than service level. The change was
accomplished by changing the former response modification factors, Ry, to strength-based R-factors, similar to
those found in the IBC, NBC and SBC. Since the load combinations of Section 9.2 of ACI 318-93, reproduced
in Section 1909.2 of the 1997 UBC, were intended to be used with service level loads, the UBC had to adopt
strength-based load combinations that were intended to be used with strength level seismic forces. Therefore,
the 1997 UBC required that when concrete elements were to be designed for seismic forces or the effects thereof,
the strength-based load combinations of UBC Section 1612.2.1 must be used. These load combinations were
based on the load combinations of ASCE 7-951-10. The 1997 UBC also required that when concrete elements
were being designed for seismic forces or the effects thereof using the UBC load combination, a multiplierof 1.1
must be applied to amplify the required strengths. This was felt to be necessary at the time becanse of a pre-
sumed incompatibility between the strength reduction factors of Section 9.3 of ACI318 and the strength design
load combination of ASCE 7-95 that were incorporated into the 1997 UBC. After actual seismic designs were
performed using the 1997 UBC provisions, it was apparent that use of the 1.1 multiplier resulted in overly
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conservative designs when compared to the 1994 UBC. Based on a study of the appropriateness of using the
muttiplier, the SEAOC Seismology Committee has gone on record recommending that it not be used. For
additional information on this subject, see Ref. 1.11. The multiplier has now been removed from the 2001
California Building Codel-G, which is based on the 1997 UBC.

The vertical distribution of base shear along the height of a building also differs between the UBC and the IBC,
NBC and SBC. For shorter buildings {with a fundamental period less than or equal to 0.7 second), the UBC
required that the design base shear be distributed to the different floor levels along the height in proportion to the
product of the weights assigned to floor levels and the heights of the floors above the building base {in accor-
dance with the first mode of vibration of the building). For taller buildings (with fundamental period greater
than 0.7 second), the design base shear was divided into two parts. The first part was applied as a concentrated
force at the top of the building (to account for higher modes of vibration), with the magnitude being in propor-
tion to the fundamental period of the building, this concentrated force was limited to 25% of the design base
shear. The remainder of the design base shear was required to be distributed as specified for shorter buildings.
In the NBC and SBC, a fraction of the base shear was applied at a floor level in proportion to the product of
weight applied to the floor and height (above the base) raised to the power k, where k is a coefficient based on
building period. The IBC and SBC specify a k of 1 (linear distribution of V) for T < 0.5 sec. These loads
specified a k of 2 (parabolic distribution of V) for T = 2.5 sec. For 0.5 sec. < T < 2.5 sec., two choices were
available. One might interpolate between a linear and a parabolic distribution by finding a k-value between
1 and 2, depending upon the period; or one might use a parabolic distribution (k = 2), which is always more
conservative. The IBC uses the same distribution as the NBC and the SBC.

Lastly, the detailing requirements, also termed ductility or toughness requirements, which are applicable to
structures in regions of moderate to high seismic risk, or assigned to intermediate or high seismic performance
or design categories, were similar in the three legacy codes. These requirements are essential to impart to
buildings the ability to deform beyond the elastic limit and to undergo many cycles of extreme stress reversals.
Fortunately, for reinforced concrete structures, all three legacy codes adopted and the IBC now adopts the
ACI 318 standard including Chapter 21 — Special Provisions for Seismic Design. However, the designer will
need to refer to the governing model code for any modifications to the ACI 318 seismic requirements. Portions
of UBC Chapter 19 that differ substantially from the ACI were printed in italics. The NBC and SBC also
included some modifications to the ACI document, most notably for prestressed concrete structures assigned to
SPC D or E. Likewise, the 2000 IBC included modifications to ACI 318 in Section 1908, most of which recog-
nize precast concrete systems not in Chapter 21 of ACI 318-99 for use in structures assigned to SDC D, EorFE.
Section 1908 of the 2003 IBC contains fewer modifications partly because design provisions for precast con-
crete structures in SDC, D, E or F included in ACI 318-02.

Metric in Concrete Construction — Metric is back. In 1988, federal law mandated the metric system as the
preferred system of measurement in the United States. In July 1990, by executive order, all federal agencies were
required to develop specific timetables for transition to metric. Some federal agencies involved in construction
generally agreed to institute the use of metric units in the design of federal construction by January 1994,

The last editions of the three legacy codes featured and the IBC features both inch-pound (U.S. Customary) and
Sl-metric (Systeme International) units, The “soft” metric equivalents were or are given in the three legacy
codes, generally in parentheses after the English units.

It is noteworthy that when metric conversion was first proposed in the 1970s, some of the standards-writing
organizations began preparing metric editions of some of their key documents. The American Concrete Institute
first published a “hard” metric companion edition to the ACI 318 standard, ACI 318M-83, in 1983. The current
ACI 318 standard is available as ACI 318-05 (U.S. Customary units) and ACI 318M-05 (SI-metric units).
ACI 318-HO0S5, for the first time, is a soft metric, rather than a hard metric, version of ACI 318-05. Within the
same time period, the American Society for Testing and Materials (ASTM) pubiished metric companions to
many of its ASTM standards. For example, Standard Specifications A 615M and A 706M for steel bars for
concrete reinforcement were developed as metric companions to A 615 and A 706. The older editions of these
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metric standards were in rounded metric (hard metric) numbers and included ASTM standard metric reinforeing
bars. Due to the expense of maintaining two inventories, one for bars in inch-pound units and another for bars in
hard metric units, reinforcing bar manufacturers convinced the standards writers to do away with the hard metric
standards and develop metric standards based upon soft conversion of ASTM standard inch-pound bars. The
latest editions of the ASTM metric reinforcing bar standards reflect this philosophy. Since all federally financed
projects have to be designed and constructed in metric, bar manufacturers decided in 1997 that rather than
produce the same bars with two different systems of designating size and strength (i.e., inch-pound and metric),
they would produce bars with only one system of marking and that would be the system prescribed for the soft
metric converted bars. Thus, it is now commonplace to see reinforcing bars with metric size and strength
designations on a job that was designed in inch-pound units. It is important to remember that if this occurs on
your job, the bars are identical to the inch-pound bars that were specified, except for the markings designating
size and strength.

This Ninth edition of the “Notes” is presented in the traditional U.S. Customary units. Largely because of the
large volume of this text, unlike in most other PCA publications, no soft metric conversion has been included.

116 Soil-Supported Slabs

Prior to the 1995 edition of the code, it did not explicitly state whether soil-supported slabs, commonly referred to
as slabs-on-grade or slabs-on-ground, were regulated by the code. They were explicitly excluded from the 1995
edition of ACI 318 “. . _unless the slab transmits vertical loads from other portions of the structure to the soil.” The
1999 edition expanded the scope by regulating slabs-on-grade that “... transmit vertical loads or lateral forces
from other portions of the structure to the soil.” Mat foundation slabs and other slabs on ground which help
support the structure vertically and/or transfer lateral forces from the supported structure to the soil should be
designed according to the applicable provisions of the code, especially Chapter 15 - Footings. The design method-
ology for typical slabs-on-grade differs from that for building elements, and is addressed in References 1.12 and
1.13. Reference 1.12 describes the design and construction of concrete floors on ground for residential, light
industrial, commercial, warehouse, and heavy industrial buildings. Reference 1.13 gives guidelines for slab thick-
ness design for concrete floors on grade subject to loadings suitable for factories and warehouses.

In addition to the modification to 1.1.6, a new Section 21.8, Foundations, was added in Chapter 21 — Special Provi-
sions for Seismic Design in the 1999 edition of ACI 318. Due to sections being added to Chapter 21 in the 2002
edition, these provisions are now in 21.10. Section 21.10.3.4 indicates that “slabs on grade that resist seismic forces
from walls or columns that are part of the lateral-force-resisting system shall be designed as structural diaphragms in
accordance with 21.9.” In this location of Chapter 21, the provisions only apply in regions of high seismic risk, or to
structures assigned to high seismic performance or design categories. In regions of low or moderate seismic risk, or for
structures assigned to low or intermediate seismic performance or design categories, the provisions of Chapters |
through 18, or Chapter 22 apply to such slabs, by virtue of the new provision in 1.1.6 (see Table 1-3).

1.1.8 Special Provisions for Earthquake Resistance

Since publication of the 1989 code, the special provisions for seismic design have been located in the main body
of the code to ensure adoption of the special seismtic design provisions when a jurisdiction adopts the ACI code
as part of its general building code. With the continuing high interest nationally in the proper design of buildings
for earthquake performance, the code’s emphasis on seismic design of concrete buildings continues with this
edition. Chapter 21 represents the latest in special seismic detailing of reinforced concrete buildings for earth-
quake performance,

The landmark volume, Design of Multistory Concrete Buildings for Earthquake Motions by Blume, Newmark,
and Corning!-H, published by the Portland Cement Association (PCA) in 1961, gave major impetus to the design
and construction of concrete buyildings in regions of high seismicity. In the decades since, significant strides
have been made in the earthquake resistant design and construction of reinforced concrete buildings. Significant
developments have occurred in the building codes arena as well. However, a comprehensive guide to aid the
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designer in the detailed seismic design of concrete buildings was not availabie until PCA published Design of
Concrete Buildings for Earthquake and Wind Forces by S.K. Ghosh and August W. Domel, Jr. in 199214,

That design manual illustrated the detailed design of reinforced concrete buildings utilizing the various struc-
tural systems recognized in U.S. seismic codes. All designs were according to the provisions of the 1991 edition
of the Uniform Building Code (UBC), which had adopted, with modifications, the seismic detailing require-
ments of the 1989 edition of Building Code Requirements for Reinforced Concrere (ACI 318-89, Revised 1992).
Design of the same building was carriedd out for regions of high, moderate, and low seismicity, and for wind, so
that it would be apparent how design and detailing changed with increased seismic risk at the site of the structure.

The above publication was updated to the 1994 edition of the UBC, in which ACI 318-89, Revised 1992,
remained the reference standard for concrete design and construction, although a new procedure for the design
of reinforced concrete shear walls in combined bending and axial compression was introduced in the UBC itself.
The updated publication by §.K. Ghosh, August W. Domel, Jr., and David A. Fanella was issued by PCA in 1995.

Since major changes occurred between the 1994 and 1997 editions of the UBC as discussed above, a new book
titled Design of Concrete Buildings for Earthquake and Wind Forces According to the 1997 Uniform Building
Codel-13 was developed. It discussed the major differences in the design requirements between the 1994 and the
1997 editions of the UBC. Three different types of concrete structural framing systems were designed and
detailed for earthquake forces representing regions of high seismicity (Seismic Zones 3 and 4). Although the
design examples focused on regions of high seismicity, one chapter discussed the detailing requirements for
structures located in regions of low, moderate, and high seismicity. Design of the basic structural systems for
wind was aiso illustrated. As in this “Notes™ publication, the emphasis has placed on “how-to-use” the various
seismic design and detailing provisions of the latest and possibly the last UBC.

PCA publication, Design of Low-Rise Concrete Buildings for Farthquake Forces!-19, was a companion docu-
ment to that described above; however, its focus was on designing concrete buildings under the 1996 and 1997
editions of The BOCA National Building Code (NBC) and the Standard Building Code (SBC), respectively. As
indicated previously, the seismic provisions of the last editions of the NBC and SBC were almost identical, and
were based on the 1991 edition of the NEHRP Recommended Provisions for the Development of Seismic Regu-
lations for New Buildings.1-5 With the two exceptions noted below, the book was also applicable to the 1993 and
1999 editions of the NBC, and the 1994 and 1999 editions of the SBC. The only difference between the loading
requirements of the 1993 and the 1996 and 1999 NBC was that the load combinations to be used for seismic
design under the 1993 edition of the NBC were identical to those that had to be used under all three editions of
the SBC. Whereas, the 1996 and 1999 NBC adopted by reference the strength design load combinations of
ASCE 7-9519, The second exception was that different editions of ACI 318 were adopted by the various edi-
tions of the codes as illustrated in the table below.

Model Code | Edition Edition of AC| 318 adopted by Medel Code
1993 1989, Revised 1992
NBC 1996 1995
1999 1995
1994 1989
SBC 1997 1595
1999 1995
IBC 2000 1999
IBC 2003 2002
NFPA 5000 2003 2002

Since'designing for seismic forces in areas that had traditionally adopted the NBC or SBC was relatively new, the
baok provided excellent background information for the structoral engineer Since the overwhelming majority of
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this country are low-rise, that was the focus of this book. For its purpose, low-rise

all buildings constructed in _ .
feet in height or having a fundamental period of vibration of less than 0.7 second.

was defined as less than 65

To assist the designer in anderstanding and using the special detailing requiremnents of Chapter 21 of the Code,
PCA developed a publication titled Seismic Derailing of Concrete Buildings!-17. Numerous tables and figures
illustrated the provisions for buildings located in regions of moderate and high seismic risk — IBC Seismic
Design Categories C, D, E and E While the book was based on the *99 edition of the Code, which was referenced
by the 2000 IBC, most of the provisions are applicable to ACI 318-02 and ACI318-05.

In recent years, the building code situation in this country has changed drastically. The seismic design provisions
of the IBC represent revolutionary changes from those of model codes it was developed to replace. This created
a need for a new publication similar to the volume first issued by PCA in 1992. To fill that need, PCA and the
International Code Council (ICC) published Seismic and Wind Design of Concrete Buildings: 2000 IBC, ASCE
7-98, ACI 318-99 by S.K. Ghosh and David A. Fanella in 20031-X,

An update of the above publication to the 2003 IBC, Seismic and Wind Design of Concrete Buildings: 2003 IBC,
ASCE 7-02, ACI 318-02 by S K. Ghosh, David A. Fanella, and Xuemei Lian gl.L has recently been published by
PCA and ICC. In Chapter 1, an introduction to earthquake-resistant design is provided, along with summaries of
the seismic and wind design provisions of the 2003 IBC. Chapter 2 is devoted to an office building utilizing a
dual shear wall-frame interactive systemm in one direction and a moment-resisting frame in the orthogonal direc-
tion. Designs for Seismic Design Categories (SDC) A, C, D, and E are illustrated in both directions. Chapter 3
features a residential building, which utilizes a shear-wall frame interactive system in SDC A and B and a
building frame system for lateral resistance in SDC C, D, and E. Chapter 4 presents the design of a school
building with a moment-resisting frame system in SDC B, C, and D. A residential building utilizing a bearing
wall system is treated in Chapter 5. De§ign is illustrated for SDC A, B, C, D, and E. The final (sixth) chapter is
devoted to design of a precast parking structure utilizing the building frame system in SDC B, C, and D. While
design is always for the combination of gravity, wind, and seismic forces, wind forces typically govern the
design in the low seismic design categories (particularly A), and earthquake forces typically govern in the high
seismic design categories (particularly D and above). Detailing requirements depend on the seismic design
category, regardless of whether wind or seismic forces govern the design. This publication is designed to provide
an appreciation on how design and detailing change with changes in the seismic design category.

1.1.8.1 Structures at L.ow Seismic Risk — For concrete structures located in regions of low seismic
hazard or assigned to low seismic performance or design categories (no or minor risk of damage—Sesimic
Design Category A or B), no special design or detailing is required; thus, the general requirements of the code,
excluding Chapter 21, apply. Concrete structures proportioned by the general requirements of the code are

considered to have a level of toughness adequate for low earthquake intensities.

The designer should be awarc that the general requirements of the code include several provisions specifically
ess, in order to increase resistance of concrete structures to earthquake and other
catastrophic or abnormal Joads. For example, when a beam is part of the lateral force-resisting system of a
structure, a portion of the positive moment reinforcement must be anchored at supports to develop its yield
strength (see 12.11.2). Similarly, hoop reinforcement must be provided in certain types of beam-column con-
nections (see 11.11.2). Other design provisions introduced since publication of the 1971 code, such as those
requiring minimum shear reinforcement (see 11.5.5) and improvements in bar anchorage and splicing details
(Chapter 12), also increase toughness and the ability of concrete structures to withstand reversing loads due to
earthquakes. With publication of the 1989 code, provisions addressing special reinforcement for structural
integrity (see 7.13) were added, to enhance the overall integrity of concrete structures in the event of damage to

intended to improve toughn

a major supporting element or abnormal loading.

1.1.8.2 Structures at Moderate/Intermediate or High Seismic Risk — For concrete structures located
in regions of moderate seismic hazard, or assigned to intermediate seismic performance or design categories
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(moderate risk of damage—Seismic Design Category C}, 21.12 includes certain reinforcing details, in addition
to those contained in Chapters 1 through 18, that are applicable to reinforced concrete moment frames (beam-
column or slab-column framing systems) required to resist earthquake effects. Reflecting terminology that has
been in use in the model codes over at least the past decade, frames detailed in accordance with 21,12 are now
referred to as Intermediate Moment Frames. These so-called “intermediate™ reinforcerment details will serve to
accommodate an appropriate level of inelastic behavior if the frame is subjected to an earthquake of such mag-
nitude as to require it to perform inelastically. There are no design or detailing requirements in addition to those
of Chapters 1 through 18 for other structural components of structures at moderate seismic risk (including
structural walis (shearwalls)) regardless of whether they are assumed in design to be part of the seismic-foree-
resisting system or not. Structural walls proportioned by the general requirements of the code are considered to
have sufficient toughness at drift levels anticipated in regions of moderate seismicity.

The type of framing system provided for earthquake resistance in a structure at moderate seismic risk will dictate
whether any special reinforcement details need to be incorporated in the structure.

If the lateral force-resisting system consists of moment frames, the details of 21.12 for Intermediate Moment
Frames must be provided, and 21.2.2.3 shall also apply. Note that even if a load combination including wind
load effects (see 9.2.1) governs design versus a load combination including earthquake force effects, the inter-
mediate reinforcement details must still be provided to ensure a limited level of toughness in the moment resist-
ing frames. Whether or not the specified earthquake forces govern design, the frames are the only defense
against the effects of an earthquake,

For a combination frame-shearwall structural system, inclusion of the intermediate details will depend on how
the earthquake loads are “‘assigned” to the shearwalls and the frames. If the total earthquake forces are assigned
to the shearwalls, the intermediate detailing of 21.12 is not required for the frames. If frame-shearwall interac-
tion is considered in the analysis, with some of the earthquake forces to be resisted by the frames, then the
intermediate details of 21.12 are required to toughen up the frame portion of the dual framing system. Model
codes have traditionally considered a dual system to be one in which at least 25% of the design lateral forces are
capable of being resisted by the moment frames. If structural walls resist total gravity and lateral load effects, no
intermediate details are required for the frames; the general requirements of the code apply.

For concrete structures located in regions of high seismic hazard, or assigned to high seismic performance or
design categories (major risk of damage—Seismic Design Category D, E, or F), all structural components must
satisfy the applicable special proportioning and detailing requirements of Chapter 21 (excluding 21.12 and 21.13).
If, for purposes of design, some of the frame members are not considered as part of the lateral force resisting
system, special consideration is still required in the proportioning and detailing of these frame members (see 21.11).
The special provisions for seismic design of Chapter 21 are intended to provide a monolithic reinforced concrete
structure with adequate toughness to respond inelastically under severe earthquake motions.

Unlike previous editions of the Code, the 2002 and 2005 edition specifically addresses precast concrete systems
for use in structures in regions of moderate or high seismic hazard, or in structures assigned to intermediate or
high seismic performance or design categories. A special moment frame can either be cast-in-place or erected
with precast elements. A precast concrete special moment frame must comply with all the requirements for cast-
in-place frames (21.2 through 21.5), plus 21.6. In addition, the requirements for an ordinary moment frame must
be satisfied (Chapters 1 through 18). Since there is no provision for an intermediate moment frame made of
precast elements, by implication such frames erected in structures in regions of moderate seismic hazard, or
assigned to intermediate seismic performance or design categories must either be special moment frames, or be
qualified under the performance criteria of 21.2.1.5. In the 2002 code, the definition of “ordinary moment frame”
was revised to clarify that such a frame can either be cast-in-place or constructed with precast elements, both of
which must comply with Chapters 1 through 18.

Two new precast structural walls were added to the 2002 code; an intermediate precast structural wall, and a
special precast structural wall. The intermediate precast structural wall must comply with Chapters 1 through 18,
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plus 21.13. Section 21.13 does not address the wall itself, but covers the connection between individual wall
panels, and the connection of wall panels to the foundation. Wherever precast wall panels are used to resist
seismic lateral forces in structures in regions of moderate seismic hazard or assigned to intermediate seismic
performance or design categories, they must comply with the requirements for an intermediate precast structural
wall, or special precast structural wall. By implication, a wall composed of precast elements designed in accor-
dance with Chapters 1 through 18, but not complying with either of these requirements can only be used in
structures in regions of low seismic hazard, or in structures assigned to low seismic performance or design
categories.

The special precast structural wall must comply with Chapters 1 through 18, plus 21.2,21.7,21.13.2 and 21.13.3.
Wherever precast wall panels are used to resist seismic lateral forces in structures in regions of high seismic
hazard, or assigned to high seismic performance or design categories, they must comply with the requirements
for a special precast structural wail.

The ACI 318 proportioning and detailing requirements for lateral force-resisting structural systems of reinforced
concrete are summarized in Table 1-1.

Table 1-1 Sections of Code to be Satisfied

Level of Seismic Hazard or Assigned Seismic
Component resisting Performance of Design Categories as
earthquake effect unless Defined in Code Section Indicated
otherwise noted
Low/A,B/A,B Intermediate/C/C High/D,E/D,E,F
21.2.1.2 21.21.3 21.2.1.4
Cast-in- Ch. 1-18 Ch. 118, Ch. 1-18,
Frame members Place . ’ 21.2.2.3, 21.12 21.2-21.5
Ch. 1-18,
Precast Ch. 1-18 Note 1 21.2-91.6
Cast-in- Ch. 1-18, Ch. 1-18 Ch. 1—18.
Structural walls and Place or Ch. 22 ) 21.2, 21.7
Ch. 1-18, _ Ch. 1-18,
Precast or Ch. 22 ch. 1-18, 21.13 21.2, 21.7, 21.8
Structural diaphragms _ _ Ch. 118,
and trusses Ch. 118 Ch. 118 21.2, 21.9
i Ch. 1-18, _ Ch. 1-18,
Foundations or Ch. 22 Ch.1-18 21.2, 21.10, 22.10
Frame members assumed not to Ch. 1-18 Ch. 1-18 Ch. 1-18, 21.11
resist earthquake forces ' :

Note 1: There are no provisions for consiructing an intermediate moment frame with precast elements. See 21.2.1.5.

1.1.8.3 Seismic Hazard Level Specified in General Building Code — This code has traditionally
addressed levels of seismic hazard as “low,” “moderate,” or “high.” Precise definitions of seismic hazard levels
are under the jurisdiction of the general building code, and have traditionally been designated by zones (related
to intensity of ground shaking). The model codes specify which sections of Chapter 21 must be satisfied, based
on the seismic hazard level. As a guide, in the absence of specific requirements in the general building code,
seismic hazard levels and seismic zones generally correlate as follows:

Seismic Hazard Level Seismic Zone
Low Oand 1
Moderate 2
High 3and 4

The above correlation of seismic hazard levels and seismic zones refers to the Uniform Building Code!-3.

However, with the adoption of the 1991 NEHRP Provisions into The BOCA National Building Code and the
Standard Building Code, the designer needed to refer to the goverring model code to determine appropriate
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seismic hazard level and corresponding special provisions for earthquake resistance. The NBC, SBC, and "91
NEHRP Provisions, on which the seismic design requirements of the two legacy model codes were based,
assigned a building (o a Seismic Performance Category (SPC). The SPC expressed hazard in terms of the nature
and use of the building and the expected ground shaking on rock at the building site. To determine the SPC of a
structure, one had to first determine its Seismic Hazard Exposure Group. Essential facilities were assigned to
Seismic Hazard Exposure Group III, assembly buildings and other structures with a large number of occupants
were assigned to Group II. Buildings and other structures not assigned to Group I or 111, were considered to
belong to Group I (see the governing code for more precise definitions of these Seismic Hazard Exposure
Groups). The next step was to determine the effective peak velocity-related acceleration coefficient, A, given
on a contour map that formed part of the NBC and the SBC. With these two items, the structure’s SPC could be
determined from a table in the governing code that was similar to Table 1-2, which is reproduced from the 1991
NEHRP Provisions.

Table 1-2 Seismic Performance Category'-5

Value of A, Seismic Hazard Exposure Group
I T 11
A, <005 A A A
0.05 < A, < 0.10 B B T C
010< A, <0.15 C C C
0.15< A, <020 C D D
| 0.20 < A, D D E

“In the 2000 and 2003 editions of the International Building Code, the seismic design requirements are based on
the 1997 and 2000 edition of the NEHRP Provisions!-8, respectively. In the IBC the seismic hazard is expressed
in a2 manner that is similar to that of the NBC and the SBC, but with one important difference.” The IBC also
considers the amplifying effects of softer soils on ground shaking in assigning seismic hazard. The terminology
used in the IBC for assigning hazard and prescribing detailing and other requirements is the Seismic Design
Category (SDC). The SDC of a building is determined in a manner similar to the SPC in the NBC and the SBC.
First the building is assigned to a Seismic Use Group (SUG), which is the same as the Seismic Hazard Exposure
Group of the NBC and the SBC. At this point the IBC process becomes more involved. Instead of determining
one mapped value of expected ground shaking, two spectral response acceleration values are determined from
two different maps; one for a short (0.2 second) period and the other for a period of 1 second. These values are
then adjusted for site soil effects and multiplied by two-thirds to arrive at design spectral acceleration values.
Knowing the SUG and the design spectral response acceleration values (Spg and Spy), Knowing the SUG and
the design spectral response acceleration values,one enters two different tables to determine the SDC based on
the two design values. The governing SDC is the higher of the two, if they differ.

“As a guide, for purposes of determining the applicability of special proportioning and detailing requirements of
Chapter 21 of the ACI code, Table 1-3 shows the correlation between UBC seismic zones; the Seismic Perfor-
mance Categories of the NBC, SBC, 1994 (and earlier) NEHRP and ASCE 7-95 (and earlier); and the Seismic
Design Categories of the IBC, NFPA 5000, 1997 (and later) NEHRP, and ASCE 7-98 {and later).”

1.2 DRAWINGS AND SPECIFICATIONS

If the design envisioned by the engineer is to be properly implemented in the field, adequate information needs
to be included on the drawings or in the specifications, collectively known as the construction documents. The
code has for many editions included a list of items that need to be shown on the construction documenis.



1.2.1 items Required to be Shown

The information required to be included as a part of the construction documents remains essentially
unchanged from the 1999 code; however, in the 2002 code item “e” was expanded to require that
anchors be shown on the drawings. Enough information needs be shown so anchors can be installed
with the embedment depth and edge distances the engineer assumed in the design. In addition, where
“supplemental reinforcement” (see definition in D.1) was assumed in the design, the location of the
reinforcement with respect to the anchors needs to be indicated.

Table 1-3 — Correlation Between Seismic Hazard Levels of ACI 318 and Other Codes and Standards

Assigned Seismic Performance or De sign Categories and Level of
Seismic Risk as Defined in Code Section

Code, Standard or
Resource Document

And Edition
Low Moderate/Intermediate High
(21.2.1.2) (21.2.1.3) (21.2.1.4)
BOC A National Building Code SPC'A, B SPCC SPCD,E
1993, 1996, 1999
Standard Building Code SPCA,B SPCC SPCD, E

1994, 1997, 1999
Uniform Building Code
1991, 1994, 1997

Seismic Zone 0, 1 Seismic Zone 2 Seismic Zone 3, 4

Internaticnal Building Code snc®A, B sDCC SDC D, E,F
2000, 2003
NFPA 5000-2003 SDC*A. B sDCC SDCD, E F
ASCE® 7-93,7-95 SPC'A, B SPCC SPCD, E
NEHRP* 1991,1994 " __8PC'A,B SPCC SPCD, E
ASCE® 7-98, 7-02 SDC*A, B SbC C SDC D, E,F
NEHRP® 1997 ShCZA,B spbc e SDCD, E, F
1. SPC = Seismic Performance Category as defined in building code, standard or resource document
2. 8DC = Seismic Design Category as defined in building code, standard or resource document
3. Minimum Design Loads for Buildings and Other Structures
4. NEHRP (National Earthquake Hazards Reduction Program) Fecommended Provisions for Seismic Regulations for
New Buildings
5. NEHRP (National Earthquake Hazards Reduction Program) Recommended Provisions for Seismic Regulations for
New Buildings and Other Structures
1.3 INSPECTION

The ACI code requires that concrete construction be inspected as required by the legally adopted general build-
ing code. In the absence of inspection requirements in the general building code or in an area where & building
code has not been adopied, the provisions of 1.3 may serve as a guide to providing an acceptable level of
inspection for concrete construction. In cases where the building code is silent on this issue or a code has not
been adopted, concrete construction, at a minimum; should be inspected by a registered design professicnal,
someone under the supervision of a registered design professional, or a qualified inspector. Individuals profess-
ing to be qualified to perform these inspections should be required to demonstrate their competence by becom-
ing certified. Voluntary certification programs for inspectors of concrete construction have been established by
the American Concrete Institute (ACI), and International Code Council (ICC). Other similar certification pro-

grams may also exist.

The IBC, adopted extensively in the U.S. to regulate building design and construction, and NFPA 5000 require
varying degrees of inspection of concrete construction. However, administrative provisions such as these are

*Commesntary section numbers are preceded by an “R” (e.g., R1.3.5 refers to Comentary Section R1.3.5).
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frequently amended when the model code is adopted locally, The engineer should refer to the specific inspection
requirements contained in the general building code having jurisdiction over the construction,

In addition to periodic inspections performed by the building official or his representative, inspections of con-
crete structures by special inspectors may be required; see discussion below on 1.3.5. The engineer should
check the local building code or with the local building official to ascertain if special inspection requirements
exist within the jurisdiction where the construction will be occurring. Degree of inspection and inspection
responsibility should be set forth in the contract documents. However, it should be pointed out that most codes
with provisions for special inspections do not permit the contractor to retain the special inspector. Normally
they require that the owner enter into a contract with the special inspector. Therefore, if the frequency and type
of inspections are shown in the project’s construction documents, it should be made clear that the costs for
providing these services are not to be included in the bid of the general contractor.

1.3.4 Records of Inspection

Inspectors and inspection agencies will need to be aware of the wording of 1.3.4. Records of inspection must be
preserved for two years after completion of a project, or longer if required by the legally adopted general build-
ing code. Preservation of inspection records for a minimum two-year period after completion of a project is to
ensure that records are available, should disputes or discrepancies arise subsequent to owner acceptance or
issuance of a certificate of occupancy, concerning workmanship or any violations of the approved construction
documents, or the general building code requirements.

1.3.5 Special Inspections

Continuous inspection is required for placement of all reinforcement and concrete for special moment frames
{beam and column framing systems) resisting earthquake-induced forces in structures located in regions of high
seismic hazard, or in structures assigned to high seismic performance or design categories. Special moment
frames of cast-in-place concrete must comply with the 21.2 - 21.5. Special moment frames constructed with
precast concrete elements must comply with the additional requirements of 21.6. For information on how the
model building codes in use in the U.S. assign seismic hazard, see Table 1-3. The code stipulates that the inspec-
tions must be made by a qualified inspector under the supervision of the engineer responsible for the structural
design or under the supervision of an engineer with demonstrated capability for supervising inspection of spe-
cial moment frames resisting seismic forces in regions of high seismic hazard, or in structures assigned to high
seismic performance or design categories. R1.3.5* indicates that qualification of inspectors should be accept-
able to the jurisdiction enforcing the general building code.

This inspection requirement is patterned after similar provisions contained in the The BOCA National Building
Code (NBC), International Building Code (IBC), Standard Building Code (SBC), and the Uniform Building
Code (UBC), referred to in those codes as “special inspections.” The specially qualified inspector must “dem-
onstrate competence for inspection of the particular type of construction requiring special inspection,” See
Section 1.3 above for information on voluntary certification programs for concrete special inspectors, Duties
and respensibilities of the special inspector are further outlined as follows:

1. Observe the work for conformance with the approved construction documents.
Furnish inspection reports to the building official, the engineer or architect of record, and other designated

persons.
3. Submit a final inspection report indicating whether the work was in conformance with the approved con-

struction documents and acceptable workmanship.

The requirement for special inspections by a specially qualified special inspector was long a part of the Uniform
Building Code; however, it was adopted much later in the NBC and the SBC. With the adoption of the NEHRP
recommended earthquake provisions by the IBC, NFPA 5000, NBC and the SBC, the need for special inspec-
tions came to the forefront, An integral part of the NEHRP provisions is the requirement for special inspections
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of the seismic-force resisting systems of buildings in intermediate and high seismic performance or design
categories.

By definition, special inspection by a spectal inspector implies continuous inspection of construction. For
concrete construction, special inspection is required during placement of all reinforcing steel, during the taking
of samples of concrete used for fabricating strength test cylinders, and during concrete placing operations. The
special inspector need not be present during the entire time reinforcing steel is being placed, provided final
inspection of the in-place reinforcement is performed prior to concrete placement. Generally, special inspec-
tions are not required for certain concrete work when the building official determines that the construction is of
a minor nature or that no special hazard to public safety exists. Special inspections are also not required for
precast concrete elements manufactured under plant control where the plant has been prequalified by the build-
ing official to perform such work without special inspections.

Another “inspection” requirement in the IBC, NFPA 5000, and UBC that was not part of the NBC or the SBC is
the concept of “structural observation”. Under the UBC, structural observation was required for buildings
located in high seismic risk areas (Seismic Zone 3 or 4). Under the IBC, it was required for more important
structures assigned to seismic design category D, Eor F, or sited in an area where the basic wind speed exceeds
110 miles per hour (3-second gust speed). NFPA 5000 has requircments that are similar to those of the IBC.
Under the UBC, the owner is required to retain the engineer or architect in responsible charge of the structural
design work or another engineer or architect designated by the engineer or architect responsible for the structural
design to perform visual observation of the structural framing system at significant stages of construction and
upon completion, for general conformance to the approved plans and specifications. Under the IBC and NFPA
5000, any registered design professional qualified to perform the work can be retained for the purpose of making
structural observations. At the completion of the project, and prior to issuance of the certificate of occupancy, the
engineer or architect is required to submit a statement in writing to the building official indicating that the site
visits have been made and noting any déficiencies that have not been corrected.

With ever-increasing interest in inspection of new building construction in the U.S., especially in high seismic
risk areasand high wind areas, the designer will need to review the inspection requirements of the governing
general building code, and ascertain the role of the engineer in the inspection of the construction phase.
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2

Materials, Concrete Quality

CHAPTER 3—MATERIALS
UPDATE FOR THE 05 CODE

New to the "05 Edition of the Code is a change of the term “welded wire fabric” to “welded wire reinforcement”
to correct a common misinterpretation that welded wire fabric is not an appropriate alternate to conventional

reinforcing bars.

3.1 TESTS OF MATERIALS

Provisions in 3.1.3 (and in 1.3.4) require the inspecting engineer and architect responsible for maintaining avail-
ability of complete test records during construction, The provisions of 3.1.3 also require that records of tests of
materials and of concrete must be retained by the inspector for two years after completion of a project, or longer
if required by the locally adopted building code. Retention of test records for a minimurn two-year period after
completion of a project is to ensure that records are available should questions arise {subsequent to owner
acceptance or issuance of the certificate of occupancy) concerning guality of materials and of concrete, or
concerning any violations of the approved plans and specifications or of the building code.

This is required because engineers and architect do not normally inspect concrete, whereas inspectors are typi-
cally hired for this purpose. The term “inspector” is defined in 1.3.1. For many portions of the United States, the
term “ingpector” may be assumed to be the “special inspector”, as defined in the legally adopted building codes.
When a special inspector is not employed, other arrangements with the code official will be necessary to insure
the availability and retention of the test records.

3.2 CEMENTS

Cement used in the work must correspond to that on which the selection of concrete proportions for strength and
other properties was based. This may simply mean the same type of cement or it may mean cement from the
same source. In the case of a plant that has determined the standard deviation from tests involving cements from
several sources, the former would apply. The latter would be the case if the standard deviation of strength tests
used in establishing the required target strength was based on one particular type of cement from one particular
source,

In ACT 318-02, ASTM C 1157 (Performance Specification for Blended hydraulic Cement) was recognized for the
first time. The ASTM C 1157 standard differs from ASTM C 150 and ASTM C 593 in that it does not establish the
chemical composition of the different types of cements. However, individual constituents used to manufacture ASTM
C 1157 cements must comply with the requirements specified in the standard. The standard alse provides for several
optional requireinents, including one for cement with low reactivity to alkali-reactive aggregates.



Shrinkage-compensating concrete, made using expansive cement conforming to ASTM C 845 (specification for
expansive hydraulic cement}, minimizes the potential for drying shrinkage cracks. Expansive cement expands
slightly during the early hardening period after initial setting. When expansion is restrained by reinforcement,
expansive cement concrete can also be used to (1) compensate for volume decrease due to drying shrinkage, (2)
induce tensile stress in the reinforcement (post-tensioning), and (3) stabilize the long term dimensions of post-
tensioned structures with respect to original design. The major advantage of using expansive cement in concrete
is in the control and reduction of drying shrinkage cracks.

The proportions of the concrete mix assume additional importance when expansive cement is used in conjunc-
tion with some admixtures. The beneficial effects of using expansive cement may be less or may have the
opposite effect when some admixtures are used in concrete containing expansive cement. Section 3.6.8 flags
this concern. Trial mixtures should be made with the selected admixtures and other ingredients of expansive
cement concrete to observe the effects of the admixtures on the properties of the fresh and the hardened concrete.

Also, when expansive cement concrete is specified, the design professional must consider certain aspects of the
design that may be affected. Code sections related to such design considerations include:

o Section 8.2.4 - Effects of forces due to expansion of shrinkage-compensating concrete must be given con-
sideration in addition to all the other effects listed.

«  Section 9.2.7 - Structural effects due to expansion of shrinkage-compensating concrete must be included in
T which is included in the load combinations of Eq. (9-2).

3.3 AGGREGATES

The nominal maximum aggregate size is limited to (i) one-fifth the narrowest dimension between sides of forms,
(ii) one-third the depth of the slab, and (iii) three-quarters the minimum clear spacing between reinforcing bars or
prestressing tendons or ducts. The limitations on nominal maximum aggregate size may be waived if the work-
ability and methods of consolidation of the concrete are such that the concrete can be placed without honeycomb
or voids. The engineer must decide whether the limitations on maximum size of aggregate may be waived.

3.4 WATER

Over the past numbers of years environmental regulations associated with the disposal of water from concrete
production operations have caused larger amounts of non-potable water (i.e., sources not fit for human con-
sumption) to be used as mixing water in hydraulic cement concrete. Use of this water source needs to be limited
by the solids content in the water. A new ASTM standard 22, which has not as yet been incorporated into ACI
318, provides a test method for this measurement by means of measuring water density.

In addition to limiting the amount of solids in mixing water, maximum concentrations of other materials that
impact the quality of concrete must be limited. These include levels of chloride ion, sulfates, and alkalies.
Another ASTM standard *%, which has also not as yet been incorporated into ACI 318, provides upper limits for
these materials, as well as the total solids content in mixing water.

The chief concern over high chloride content is the possible effect of chloride ions on the corrosion of embedded
reinforcing steel or prestressing tendons, as well as concrete containing aluminum embedments or which are cast
against stay-in-place galvanized metal forms. Limitations placed on the maximum concentration of chloride ion
that are contributed by the ingredients including water, aggregates, cement, and admixtures are given in Chapter 4,
Table 4.4.1. These limitations that specifically apply to corrosion protection of reinforcement are measured in
water soluble chloride ion in concrete, percent by weight of cement. The previously cited ASTM standard limits
the chloride ions in ppm (parts per million) and only applies to that contributed by the mixing water
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3.5 STEEL REINFORCEMENT

3.5.2 Welding of Reinforcement

ACI 318-05 references the latest edition of the Structural Welding Code for Reinforcing Steel - ANSI/AWS
D1.4-98. All welding of reinforcing bars must be performed in strict compliance with the D1.4 requirements.
Recent revisions to D1.4 deserve notice. Most notably, the preheat requirements for A 615 steel bars require
consideration if the chemical composition of the bars is not known. See discussion on 12.14.3 in Part 4.

The engineer should especially note the welding restrictions of 21.2.7 for reinforcement in earthquake force
resisting structural members in buildings in regions of high seismic risk or in structures assigned to high seismic
performance or design categories. Because these structural elements may perform beyond the elastic range of
response, under potentially extreme effects of major earthquakes, welding of reinforcing steel, especially welded
splices, must be performed in strict adherence with the welding procedures outlined in ANSI/AWS D1.4. These
procedures include adequate inspection.

Section R3.5.2 provides guidance on welding to existing reinforcing bars (which lack mill test reports) and on
field welding of cold drawn wire and welded wire. Cold drawn wire is used as spiral reinforcement, and wires
or welded wire reinforcement may occasionally be field welded. Special attention is necessary when welding
cold drawn wire to address possible loss of its yield strength and ductility. Electric resistance welding, as
covered by ASTM A 185 and A 497, is an acceptable welding procedure used in the manufacture of welded wire
reinforcement. When welded splices are used in liew of required laps, pull tests of representative samples or
other methods should be specified to determine that an acceptable level of specified strength of steel is provided.
“Tack” welding (welding of cross bars) of deformed bars or wire reinforcement is not permitted unless authorized
by the engineer (see 7.5.4).

The last paragraph of R3.5.2 states that welding of wire is not covered in ANSI/AWS D1.4. Actvally, ANSI/
AWS D1.4 addresses the welding of all forms of steel reinforcement, but lacks certain critical information for
wire or welded wire reinforcemnt (e.g., preheats and electrode selection are not discussed). However, it is
recommended that field welding of wire and welded wire reinforcement follow the applicable provisions of
ANSI/AWS D1.4, such as certification of welders, inspection procedures, and other applicable welding procedures.

35.3 Deformed Reinforcement

‘Only deformed reinforcement as defined in Chapter 2 may be used for nonprestressed reinforcement, except that

plain bars and plain wire may be used for spiral reinforcement. Welded plain wire reinforcement is included
under the code definition of deformed reinforcement. Reinforcing bars rolled to ASTM A 615 specifications are
the most commonly specified for construction. Rail and axle steels (ASTM A 616 and ASTM A 617, respec-
tively) were deleted from ACI 318-02 and replaced by ASTM A 996 (Specification for Rail-Steel and Axle-Steel
Deformed Bars for Concrete Reinforcement). Deformed reinforcement meeting ASTM A 996 is marked with
the letter R and must meet more restrictive provisions for bend tests than was required by the previous two
specification standards that ASTM A996 replaced. Rail steel (ASTM A 996) is not generally available, except in

a few areas of the country.

ASTM A 706 covers low-alloy steel deformed bars (Grade 60 only) intended for special applications where weld-
ing or bending or both are of importance. Reinforcing bars conforming to A 706 should be specified wherever
critical or extensive welding of reinforcement is required, and for use in reinforced concrete structures located in
regions of high seismic risk or in structures assigned to high seismic performance or design categories where
more bendability and controlled ductility are required. The special provisions of Chapter 21 for seismic design
require that reinforcement resisting earthquake-induced flexural and axial forces in frame members and in wall
boundary elements forming parts of structures located in regions of high seismic risk or in structures assigned to
high seismic performance or design categories comply with ASTM A 706 (see 21.2.5). Grades 40 and 60 ASTM
A 615 bars are also permitted in these members if (a) the ratio of actual ultimate tensile strength to the actual tensile
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yield strength is not less than 1.25, and {b) the actual yield strength based on mill tests does not exceed the specified
yield strength by more than 18,000 psi {retests are not permitted to exceed the specitied yield strength by more than
an additional 300{ psi).

Before specifying A 706 reinforcement, local availability should be investigated. Most rebar producers can
make A 706 bars, but generally not in quantities less than one heat of steel for each bar size ordered. A heat of
steel varies from 50 to 200 tons, depending on the mill. A 706 in lesser quantities of single bar sizes may not be
immediately available from any single producer. Notably, A 706 is being specified more and more for reinforced
concrete structures in high seismic risk areas (see Table 1-1 in Part 1). Not only are structural engineers speci-
fying it for use in earthquake-resisting elements of buildings, but also for reinforced concrete bridge structures.
Also, A 706 has long been the choice of precast concrete producers because it is easier and more cost effective
for welding, especially in the various intricate bearing details for precast elements. This increased usage should
impact favorably on the availability of this low-alloy bar.

Section 9.4 permits designs based on a yield strength of reinforcement up to a maximum of 80,000 psi.
Currently there is no ASTM specification for a Grade 80 reinforcement. However, deformed reinforcing bars
No. 6 through No. 18 with a yield strength of 75,000 psi (Grade 75) are included in the ASTM A 615 specifica-
tion. “Section 3.5.3.2 requires that the yield strength of deformed bars with a specified yield strength greater
than 60,000 psi be taken as the stress corresponding to a strain of 0.35 percent. The (.35 percent strain limit is to
ensure that the elasto-plastic stress-strain curve assumed in 10.2.4 will not result in unconservative values of
member strength. Therefore, the designer should be aware that if ASTM A 615, Grade 75 bars are specified, the
project specifications need to include a requirement that the yield strength of the bars shall be determined in
accordance with Section 9.2.2 of the ASTM A 615 specification.” Certified mill test reports should be obtained
from the supplier when Grade 75 bars are used. Before specifying Grade 75, local availability should be inves-
tigated, The higher yield strength No. 6 through No. 18 bars are intended primarily as column reinforcement.
They are used in conjunction with higher strength concrete to reduce the size of columns in high-rise buildings
and other applications where high capacity columns are required. Wire used to manufacture both plain and
deformed welded wire reinforcement can have a specified yield strength in excess of 60,000 psi. It is permis-
sible to take advantage of the higher yield strength provided the specified yield strength, f,, used in the design
corresponds to the stress at a strain of (.35 percent.

In recent years manufacturers of reinforcing bars have switched their production entirely to soft metric bars. The
physical dimensions (i.e., diameter, and height and spacing of deformations) of the soft-metric bars are no
different than the inch-pound bars that were manufactured for many years. The only difference is that the bar
size mark that is rolled onto the bar is based on SI metric units. Metric bar sizes and bar marks are based on
converting the bar’s inch-pound diameter to millimeters and rounding to the nearest millimeter. For example, a
No. 4, or 1/2-in. diameter bar, becomes a No. 13 bar since its diameter is 12.7 mm. See Table 2-1 for a complete
listing of all 11 ASTM standard reinforcing bar sizes.

ASTM standard specifications A 615, A 706 and A 996 have requirements for bars in both inch-pound and SI
metric units; therefore, they have dual designations (e.g., ASTM A 706/A 706M). Each specification provides
criteria for one or more grades of steel, which are summarized in Table 2-2.

The minimum required yield strength of the steel used to produce the bars has been changed slightly within
ASTM A 615M. The latest edition of the ASTM A 615M bar specifications have a Grade 280, or 280 megapascals
(MPa) minimum yield strength, which was previously designated as Grade 300. Soft converting Grade 40 or
40,000 psi yield strength steel will result in a metric yield strength of 275.8 MPa (1,000 psi = 6.895 MPa), which
is more closely designated as Grade 280, than the previous Grade 300 designation.
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Table 2-1 Inch-Pound and Soft Metric Bar Sizes

inch-Pound Metric
Size No. Dia. (in.) Size No. Dia. (mm)
3 0.375 10 9.5
4 0.500 13 12.7
5 0.625 16 15.9
8 0.750 19 19.1
7 0.875 22 222
8 1.000 25 25.4
9 1.128 29 28.7
10 1.270 32 32.3
11 1.410 36 35.8
14 1.693 43 43.0
18 2.257 57 57.3

Table 2-2 ASTM Specifications - Grade and Min. Yield Strength

Grade/Minimum
Yield Strength

ASTM Inch-Pound Metric

Specification {psi) (MPa)
40/40,000 280/280
AB15and A 615M 60/60,000 420/420
75/75,000 520/620
40/40,000 280/280
A 996 and A 996M 50/50,000 350/350
60/60,000 420/420
A 706/A T06M 60/60,000 420/420

When design and construction proceed in accordance with the ACI 318 Code, using customary inch-pound units, the
use of soft metric bars will have only a very small effect on the design strength or allowable load-carrying capability
of members. For example, where the design strength of a member is a function of the steel’s specified yield strength,
i the use of soft metric bars increases the strength approximately 1.5% for grade 420 [(420 - 413.7)/413.7].

3.5.3.5-3.5.3.6 Welded Plain and Deformed Wire Reinforcement—On occasion, building department plan
reviewers have questioned the use of welded wire reinforcement as an alternative te conventional reinforcing
bars for structurally reinforced concrete applications. This usually occurs during the construction phase when
reinforcing bars shown on the structural drawings are replaced with welded wire reinforcement through a change
order. The code officials’ concern probably stems from the commonly accepted industry terminology for welded
wire reinforcement used as “nonstructural” reinforcement for the control of crack widths for slabs-on-ground.

Wire sizes for welded wire reinforcement range from W1.4 (10 gauge) to Wd (4 gauge). Plain wire is denoted by
the letter “W” followed by a number indicating cross-sectional area in hundredths of a square inch. Styles of
welded wire reinforcement used to control crack widths in residential and light industrial slabs-on-grade are
EXOWI4xWIA 6x6W2xW2, 6x6W29x W29 and 6 x 6 W4 x W4, These styles of welded wire
reiforcement weigh 0.21 Ib, .30, 0.42 Ib and 0.55 1b per square foot respectively, and are manufactured in rolls,
although they are also available in sheets. Smaller wire sizes are not typically used as an alternative to conven-
tional reinforcing bars. Welded wire reinforcement used for structural reinforcement is typically made with a
wire size larger than W4. The term “welded wire reinforcement” has replaced the term “welded wire fabric” in
this edition of the code to help correct this misinterpretation.
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Substitution of welded wire reinforcement for reinforcing bars may be requested for construction or econormic
considerations. Whatever the reason, both types of reinforcement, either made with welded wire or reinforcing
bars are equally recognized and permitted by the code for structural reinforcement. Both welded deformed wire
reinforcement and welded plain wire reinforcement are included under the code definition for deformed rein-
forcement. Welded deformed wire reinforcement utilizes wire deformations plus welded intersections for bond
and anchorage. {Deformed wire is denoted by the letter “D” followed by a number indicating cross-sectional
area in hundredths of a square inch.) Welded plain wire reiforcement bonds to concrete by positive mechanical
anchorage at each wire intersection. This difference in bond and anchorage for plain versus deformed reinforce-
ment is reflected in the development of lap splices provisions of Chapter 12.

3.5.3.7 Coated Reinforcement—Appropriate references to the ASTM specifications for coated reinforce-
ment, A 767 (galvanized) and A 775 (epoxy-coated), are included in the code to reflect increased usage of coated
bars. Coated welded wire reinforcement is available with an epoxy coating (ASTM A 884), with wire galva-
nized before welding (ASTM A 641), and with welded wire galvanized after welding (ASTM A 123). The most
common coated bars and welded wire are epoxy-coated reinforcement for corrosion protection. Epoxy-coated
reinforcement provides a viable corrosion protection system for reinforced concrete structures. Usage of epoxy-
coated reinforcement has become commonplace for many types of reinforced concrete construction such as
parking garages (exposed to deicing salts), wastewater treatment plants, marine structures, and other facilities
located near coastal areas where the risk of corrosion of reinforcement is higher because of exposure to seawa-
ter—particularly if the climate is warm and humid.

Designers specifying epoxy-coated reinforcing bars should clearly outline in the project specifications special
hardware and handling methods to minimize damage to the epoxy coating during handling, transporting, and
placing coated bars, and placing of concrete.2.5. 26 Special hardware and handling methods include:

1. Using nylon lifting slings, or padded wire rope slings.

2. Using spreader bars for lifting bar bundles, or lifting bundles at the third points with nylon or padded slings.
Bundling bands should be made of nylon, or be padded.

3. Storing coated bars on padded or wooden cribbing.
4. Not dragging coated bars over the ground, or over other bars.

5. Minimizing walking on coated bars and dropping tools or other construction materials during or after plac-
ing the bars.

6. Using bar supports of an organic material or wire bar supports coated with an organic material such as epoxy
or vinyl compatible with concrete.

7. Using epoxy- or plastic-coated tie wire, or nylon-coated tie wire to minimize damage or cutting into the bar
coating.

8. Setting up, supporting and moving concrete conveying and placing equipment carefully to minimize dam-
age to the bar coating.

Project specifications should also address field touch-up of the epoxy coating after bar placement. Permissible
coating damage and repair are included in the ASTM A 775 and in Ref. 2.5. Reference 2.6 contains suggested
project specification provisions for epoxy-coated reinforcing bars.

The designer should be aware that epoxy-coated reinforcement requires increased development and splice lengths
for bars in tension {see 12.2.4.3).
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3.6 ADMIXTURES
3.6.9 Silica Fume

Silica fume (ASTM C 1240} gets its name because it extracted from the fumes of electric furnaces that produce
ferrosilicon or silicon metal. By the time it is collected and prepared as an admixture for concrete it has become
a very finely divided solid-microsilica. Silica fume is generaily used in concrete for one or more of the follow-
ing reasons. When used in conjunction with high-range water reducing admixtures, it makes it possible to
produce concrete with compressive strengths of 20,000 psi (138 MPa) or higher. Itis also used to achieve a very
dense cement paste matrix to reduce the permeability of concrete. This provides better corrosion protection to
reinforcing steel, particularly when the concrete will be subject to direct or indirect applications of deicing
chemicals, such as in bridge decks or in parking garages, respectively.

Mix proportioning, production methods (mixing and handling), and the placing and curing procedures for silica
fume concrete require a more concentrated quality control effort than for conventional concretes. It is impera-
tive that the engineer, concrete supplier, and the contractor work as a team to ensure consistently high quality
when silica furne concrete is specified.

Note, concrete containing silica fume can be almost black, dark gray, or practically unchanged from the color of
cement, depending on the dosage of silica fume. The greatest differences in color will occur in coneretes made
with cements that are light in color. Mix proportions may also affect variations in color. If color difference is a
problem (architectural concrete), the darkest brand of cement available should be used, and different trial mix-
tures should be tried during the mix design process.

CHAPTER 4—DURABILITY REQUIREMENTS

GENERAL CONSIDERATIONS

The special exposure conditions addressed by the code are located exclusively in Chapter 4 - Durability Re-
quirements, to emphasize the importance of special exposures on concrete durability, The code provisions for
concrete proportioning and strength evaluation are located in Chapter 5 - Concrete Quality, Mixing, and Placing.
As stated in 5.1.1, selection of concrete proportions must be established to provide for both (a) resistance to
special exposures as required by Chapter 4, and (b) conformance with the strength requirements of Chapter 5.

Resistance to special exposures is addressed in 4.2 - Freeze-thaw exposure, 4.3 - Sulfate exposure, and 4.4 -
Corrosion protection of reinforcement. Conformance with strength test requirements is addressed in 5.6 - Evalu-
ation and acceptance of concrete. Depending on design and exposure requirements, the lower of the water-
cemmentitious materials ratios required for the structural design requirements and for the concrete exposure con-
ditions must be specified (see Example 2.1)

Unacceptable deterioration of concrete structures in many areas due to severe exposure to freezing and thawing,
to deicing salts used for snow and ice removal, to sulfate in soil and water, and to chloride exposure have
warranted a stronger code emphasis on the special exposure requirements. Chapter 4 directs special attention to
the need for considering concrete durability, in addition to concrete strength.

In the context of the code, durability refers to the ability of concrete to resist deterioration from the environment
or the service in which it is placed. Properly designed and constructed concrete should serve its intended func-
tion without significant distress throughout its service life. The code, however, does not include provisions for
especially severe exposures such as to acids or high temperatures, nor is it concerned with aesthetic consider-
ations such as surface finishes. Items like these, which are beyond the scope of the code, must be covered
specifically in the project specifications. Concrete ingredients and proportions must be selected to meet the
minimum reguirements stated in the code and the additional requirements of the construction documents.
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In addition to the proper selection of cement, adequate sir entrainment, maximum water-cementitions materials
ratio, and limiting chloride ion content of the materials, other requirements essential for durable concrete ex-
posed to adverse environments include: low slump, adequate consolidation, uniformity, adequate cover of rein-

forcement, and sufficient moist curing to develop the potential propesties of the concrete.

4.1 WATER-CEMENTITIOUS MATERIALS RATIO

The traditional “water-cement” ratio was renamed “water-cementitious materials ratio” starting with the 1989
edition of code in recognition of the other cementitious materials permitted by the code to satisfy the code
limitations on w/c for concrete durability. The notation, “w/c”, is commonly used for “water-cementitious
materials” in the term w/c ratio. The definition for “cementitious materials” (see Chapter 2) permits the use of
cementitious materials other than portland cement and blended hydraulic cements to satisfy the code’s wfc
limitation. For the calculation of w/c ratios, as limited by the code, the “cementitious materials” may include:

» portland cement (ASTM C 150)
«  blended hydraulic cement (ASTM C 595 and ASTM C 1157)
+ expansive hydraulic cement (ASTM C 845)

either by themselves, or in combination with:

fly ash (ASTM C 618)

raw or calcinated natural pozzolans (ASTM C 618)
 ground granulated blast-furnace slag (ASTM C 989)
« silica fume (ASTM C 1240)

4.2 FREEZING AND THAWING EXPOSURES

Eor concrete that will be exposed to freezing and thawing while moist or to deicer salts, air-entrained concrete
must be specified with minimum air contents for severe and moderate exposure, as set forth in Table 42.1.
Project specifications should allow the air content of the delivered concrete to be within (-1.5) and (+1.5) per-
centage points of Table 4.2.1 target values. Severe exposure is a cold climate where the concrete may be ex-
posed almost continuously to wet freeze-thaw conditions or where deicing salts are used. Examples include
pavements, bridge decks, sidewalks, and parking garages. For severe exposure conditions, the code also im-
poses a maximum limit on the w/c ratio and minimum fz (See 4.4.2). A moderate exposure is a cold climate
where concrete may be exposed to freezing, but will only occasionally be exposed to moisture prior to freezing,
and where no deicing salts are used. Examples are certain exterior walls, beams, girders and slabs not in direct
contact with soil.

Intentionally entraining air in concrete significantly improves the resistance of hardened concrete to freezing
when exposed to water and deicing salts. Concrete that is dry or contains only a small amount of moisture is
essentially not affected by even a large number of cycles of freezing and thawing. Sulfate resistance is also
improved by air entrainment.

The entrainment of air in concrete can be accomplished by adding an air-entraining admixture at the mixer, by
using an air-entraining cement, or by a combination of both. Air-entraining admixtures, added at the mixer, must
conform to ASTM C 260 (3.6.4); air-entraining cements must comply with the specifications in ASTM C 150
and C 595 (3.2.1). Air-entraining cements are sometimes difficult to obtain; and their use has been decreasing as
the popularity of air-entraining admixtures has increased. ASTM C 94, Standard Specifications for Ready
Mixed Concrete, which is adopted by reference in the ACI code (5.8.2), requires that air content tests be con-
ducted. The frequency of these tests is the same as required for strength evaluation. Samples of concrete must
be obtained in accordance with ASTM C 172 and tested in accordance with ASTM C 173 or C 231
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Normal weight concrete that will be exposed to freeze-thaw conditions while wet and exposed to deicing salts
must be proportioned so that both a maximum w/c ratio and a minimum compressive strength are provided
(Table 4.2.2). Requiring both criteria helps to ensure that the desired durability will actually be obtained in the
field. Generally, the required average concrete strength, fZ,, used to develop the mix design will be 500 to 700
psi higher than the specified compressive strength, f{. It is also more difficult to accurately determine the w/c
ratio of concrete during production then controlling compressive strength. Thus, when selecting an f7, it should
be reasonable consistent with the w/c ratio required for durability. Using this approach, minimum strengths
required for durability provide an effective backup quality control check to the w/c ratio limitation which is
more essential to durability.

A minimum strength only is specified for lightweight aggregate concrete, due to the variable absorption charac-
teristics of lightweight aggregates, which makes the calculated w/c ratios meaningless.

Concrete used in water-retaining structures or exposed to severe exposure conditions as described above must be
virtually impermeable or watertight. Low permeability not only improves freezing and thawing resistance,
especially in the presence of deicing salts, but also improves the resistance of concrete to chloride ion penetra-
tion. Concrete that is intended to have low permeability to water must be proportioned so that the specified wic
ratio does not exceed 0.50. If concrete is to be exposed to freezing and thawing in a moist condition, the
specified w/c ratio must be no more than 0.45. Also, for corrosion protection of reinforcement in concrete
exposed (o deicing salts (wet freeze-thaw conditions), and in concrete exposed to seawater {including seawater
spray), the concrete must be proportioned so that the specified w/c ratio does not exceed 0.40.

For the above exposure conditions, the corresponding minimum concrete strengths indicated in Table 4.2.2 must
also be satisfied for normal- and lightweight, aggregate concretes. Design Example 2.1 illustrates mix propor-
tioning to satisfy both a w/c ratio and a strength requirement for concrete durability.

4.2.3 Concrete Exposéd to Deicing Chemicals

Table 4.2.3 limits the type and amount of portland cement replacement permitted in concrete exposed to deicing
salts. The amount of fly ash or other pozzolan, or both, is limited to 25 percent of the total weight of cementitious
materials. Slag and silica fume are similarly limited to SO percent and 10 percent, respectively, of the total
weight.” If fly ash (or other pozzolan) plus slag and silica fume are used as partial cement replacement, the total
weight of the combined replacement materials cannot exceed 50 percent of the total weight of cementitious
materials, with the maximum percentage of each type of replacement not to exceed the individual percentage
limitations. If slag is excluded from the cement replacement combination, the total weight of the combined
replacement cannot exceed 35 percent, with the individual percentages of each aiso not to be exceeded.

As an example: If a reinforced concrete element is to be exposed to deicing salts, Table 4.2.2 limits the w/c ratio
to 0.40. If the mix design requires 280 Ib of water to produce an air-entrained concrete mix of a given slomp, the
total weight of cementitious materials cannot be less than 280/0.40 = 700 lbs. The 700 Ibs of “cementitious
materials” may be all portland cement or a combination of portland cement and fly ash, pozzolan, slag, or silica
fume.

If fly ash is used as portland cement replacement, the maximum amount of fly ash is limited to 0.25 (700) = 175
lbs, maintaining the same wic = 2806/(525+175) = 0.40.

If slag is the total replacement, the maximum is limited to 0.50 (700) = 350 lbs, with w/c = 280/(350+350) =
0.40.

If the cement replacement is a combination of fly ash and slag, the maximum amount of the combination is
limited to 0.50 (700) = 350 Ibs, with the fly ash portion limited to 0.25 (700) = 175 Ibs of the total combination,
with w/c = 2B0/(350+175+175) = 0.40.
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If the cement replacement is a combination of fly ash and silica fume (a common practice in high performance
concrete), the maximum amount of the cormbination is limited to 0.35 (700) = 245 lbs, and the silica fume
portion limited to 0.10 (700) = 70 Ibs, with w/c = 280/(385+245+70) = 0.40.

Obviously, other percentages of cement replacement can be used so long as the combined and individual per-
centages of Table 4.2.3 are not exceeded.

It should be noted that the portland cement replacement limitations apply only to concrete exposed to the potential
damaging effects of deicing chemicals. Research has indicated that fly ash, slag, and silica fume can reduce
concrete permeability and chloride ingress by providing a more dense and impermeable cement paste. As to the use
of fly ash and other pozzolans, and especially silica fume, it is noteworthy that these cement replacement admix-
tures are commonly used in high performance concrete {(HPC) to decrease permeability and increase strength.

4.3 SULFATE EXPOSURES

Sulfate attack of concrete can occur when it is exposed to soil, seawater, or groundwater having a high sulfate
content. Measures to reduce sulfate attack include the use of sulfate-resistant cement. The susceptibility to
sulfate attack is greater for concrete exposed to moisture, such as in foundations and slabs on ground, and in
structures directly exposed to seawater. For concrete that will be exposed to sulfate attack from soil or water,
sulfate-resisting cement must be specified. Table 4.3.1 lists the appropriate types of sulfate-resisting cements
and maximum water-cementitious materials ratios and corresponding minimum concrete strengths for various
exposure conditions. Degree of exposure is based on the amount of water-soluble sulfate concentration in soil or
on the amount of sulfate concentration in water. Note that Table 4.3.1 lists seawater under “moderate exposure,”
even though it generally contains more than 1500 ppm of sulfate concentration. The reason is that the presence
of chlorides in seawater inhibits the expansive reaction that is characteristic of sulfate attack.2-1

In selecting a cement type for sulfate resistance, the principal consideration ig the tricalcium aluminate (C3A)
content. Cements with low percentages of C3A are especially resistant to soils and waters containing sulfates.
Where precaution against moderate sulfate attack is important, as in drainage structures where sulfate concen-
trations in groundwater are higher than normal, but not necessarily severc (0.10 - 0.20 percent), Type II portland
cement (maximum C3A content of eight percent per ASTM C 150) must be specified.

Type V portland cement must be specified for concrete exposed to severe sulfate attack—oprincipally where s0ils
or groundwaters have a high sulfate content. The high sulfate resistance of Type V cement is attributed to its low
tricalcium aluminate content (maximum C3A content of five percent).

Certain blended cements (C 595) also provide sulfate resistance. Other types of cement produced with low C3A
contents are usable in cases of moderate to severe sulfate exposure. Sulfate resistance also increases with air-
entrainment and increasing cement contents (decreasing water-cementitious materials ratios).

Before specifying a sulfate resisting cement, its availability should be checked. Type 11 cement is usually avail-
able, especially in areas where resistance to moderate sulfate attack is needed. Type V cement is available only
in particular areas where it is needed to resist severe and very severe sulfate environments. Blended cements
may not be available in many areas.

4.4 CORROSION PROTECTION OF REINFORCEMENT

Chlorides can be introduced into concrete through its ingredients: mixing water, aggregates, cement, and admixtures,
or through exposure to deicing salts, seawater, or salt-laden air in coastal environments. The chloride ion content
limitations of Table 4.4.] are to be applied to the chlorides contributed by the concrete ingredients, not to chlorides
from the environment surrounding the concrete (chloride ion ingress). Chloride ion limits are the responsibility of the
concrete production facility which must ensure that the ingredients used in the production of concrete {cement, waler,
aggregate, and admixtures) result in concrete with chloride ion contents within the limits given for different exposure
conditions. When testing is performed to determine chloride ion content of the individual ingredients, or samples of
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the hardened concrete, test procedures must conform to ASTM C 1218, as indicated in 4.4.1. In addition to a high
chloride content, oxygen and meisture must be present to induce the corrosion process. The availability of
oxygen and moisture adjacent to embedded steel will vary with the in-service exposure condition, which varies
among structures, and between different parts of the same structure.

If significant amounts of chlorides may be introduced into the hardened concrete from the concrete materials to
be used, the individual conerete ingredients, including water, aggregates, cement, and any admixtures, must be
tested to ensure that the total chloride ion concentration contributed from the ingredients does not exceed the
limits of Table 4.4.1. These limits have been established to provide a threshold level to avoid corrosion of the
embedded reinforcement prior to service exposure. Chloride limits for corrosion protection also depend upon
the type of construction and the environment to which the concrete is exposed during its service life, as indicated
in Table 4.4.1.

Chlorides are present in variable amounts in all of the ingredients of concrete. Both water soluble and insoluble
chlorides exist; however, only water soluble chlorides induce corrosion. Tests are available for determining either
the water soluble chloride content or the total (soluble plus insoluble) chloride content. The test for soluble chloride
is more time-consuming and difficult to control, and is therefore more expensive than the test for total chioride. An
initial evaluation of chloride content may be obtained by testing the individual concrete ingredients for total (soluble
plus insoluble) chloride content. If the total chloride ion content is less than that permitted by Table 4.4.1, water-
soluble chloride need not be determined. If the total chloride content exceeds the permitted value, testing of
samples of the hardened concrete for water-soluble chioride content will need to be performed for direct compari-
son with Table 4.4.1 values. Some of the soluble chlerides in the ingredients will react with the cement during
hydration and become insoluble, further reducing the soluble chloride ion content, the corrosion-inducing culprit.
Of the total chloride ion content in hardened concrete, only about 50 to 85 percent is water soluble; the rest is
insoluble. Note that hardened concrete should be at least 28 days of age before sampling.

Chlorides are among the more abundant materials on earth, and are present in variable amounts in all of the
ingredients of concrete. Potentially high chloride-inducing materials and conditions include: use of seawater as
mixing water or as washwater for aggregates, since seawater contains significant amounts of sulfates and chlo-
rides; use of marine-dredged aggregates, since such aggregates often contain salt from the seawater; use of
aggregates that have been contaminated by salt-laden air in coastal areas; use of admixtures containing chloride,
such as calcium chloride; and use of deicing salts where salts may be tracked onto parking structures by vehicles.
The engineer needs to be cognizant of the potential hazard of chlorides to concrete in marine environments or
other exposures to soluble salts. Research has shown that the threshold value for a water soluble chloride
content of concrete necessary for corrosion of embedded steel can be as low as 0.15 percent by weight of
cement. When chloride content is above this threshold value, corrosion is likely if moisture and oxygen are
readily available. If chloride content is below the threshold value, the risk of corrosion is low.

Depending on the type of construction and the environment to which it is exposed during its service life, and the
amount and extent of protection provided to limit chloride ion ingress, the chloride level in concrete may in-
crease with age and exposure. Protection against chloride ion ingress from the environment is addressed in
4.4.2, with reference to Table 4.2.2. A maximum water-cementitious materials ratio of 0.40 and a minimum
strength of 5000 psi must be provided for corrosion protection of “reinforcement in concrete exposed to chlo-
rides from deicing chemicals, brackish water, seawater or spray from these sources.” Resistance to corrosion of
embedded steel is also improved with an increase in the thickness of concrete cover. Section R7.7.5 recom-
mends a minimum concrete cover of 2 in. for cast-in-place walls and slabs, and 2-1/2 in. for other members,
where concrete will be exposed to external sources of chlorides in service. For plant-produced precast members,
the corresponding recommended minimum concrete covers are 1-1/2 in. and 2 in., respectively.

Other methods of reducing environmentally caused corrosion include the use of epoxy-coated reinforcing
steel24 2.5, 2.6, corrosion-inhibiting admixtures, surface treatments, and cathodic protection. Epoxy coating of
reinforcement prevents chloride ions from reaching the steel. Corrosion-inhibiting admixtures attempt to chemi-
cally arrest the corrosive reaction. Surface treatments attempt to stop or reduce chloride ion penetration at the
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exposed concrete surface. Cathodic protection methods reverse the coirosion cwrrent flow through the concrete
and reinforcing steel. It should be noted that, depending on the potential severity of the chloride exposure, and
the type and importance of the construction, more than one of the above methods may be combined to provide
“added” protection. For example, in prestressed parking deck slabs in cold climates where deicing salts are used
for snow and ice removal, all conventional reinforcement and the post-tensioning tendons may be epoxy-coated,
with the entire tendon system including the anchorages encapsulated in a watertight protective system especially
manufactured for aggressive environments. In addition, special high performance (impermeable) concrete may
be used, with the entire deck surface covered with a multi-layer membrane surface treatment. Such extreme
protective measures may be cost-effective, considering the alternative. Performance tests for chloride perme-
ability of concrete mixtures may also be used to assure corrosion resistance. ASTM C 1202, which was intro-
duced starting with the 2002 edition of the code, provides a test method for an electrical indication of concrete’s
ability to resist chloride ion penetration. It is based on AASHTO T 277-83, which was previously referenced in

the code.

CHAPTER 5—CONCRETE QUALITY, MIXING, AND PLACING
UPDATE FOR THE ’05 CODE

New to the 05 Edition of the Code is the change of the term’*standard deviation™ to “sample standard deviation”
because from a scientific point of view, the Code provides a check of a sample standard deviation, and not a true

68, 97

(absolute) standard deviation for each concrete mixture. The new notation of sample standard deviation is “s.”.

5.1.1 Concrete Proportions for Strength

Concrete mix designs are proportioned for strength based on probabilistic concepts that are intended to ensure
that adequate strength will be developed in the concrete. It is emphasized in 5.1.1 that the required average
compressive strength, fZ;, of concrete produced must exceed the larger of the value of f; specified for the struc-
tural design requiremnents and the minimum strength required for the special exposure conditions set forth in
Chapter 4. Concrete proportioned by the code’s probabilistic approach may produce strength tests which fall
below the specified compressive strength, f2. Section 5.1.1 introduces this concept by noting that it is the code’s
intent to “minimize frequency of strength below f..” If a concrete strength test falls below fZ, the acceptability
of this lower strength concrete is provided for in Section 5.6.3.3.

A minimum 2500 psi specified compressive strength, 3>, is required by Section 5.1.1 of the code. This makes
the code consistent with minimum provisions that are contained in several legacy model building codes, and the
International Building Code (IBC).

5.1.3 Test Age for Strength of Concrete

Section 5.1.3 permits f; to be based on tests at ages other than the customary 28 days. If other than 28 days, the test
age for f; must be indicated on the design drawings or in the specifications. Higher strength concretes, exceeding
6000 psi compression strength, are often used in tall buildings can justifiably have test ages longer than the customary
28 days. For example, in high-rise structures requiring high-strength concrete, the process of construction is such
that the columns of the lower floors are not fully loaded until a year or more after commencement of construction. For
this reason, specified compressive strengths, f¢, based on 56- or 90-day test results are commonly specified.

5.2 SELECTION OF CONCRETE PROPORTIONS

Recommendations for proportioning concrete mixtures are given in detail in Design and Control of Concrete
Mixtures.2! Recommendations for selecting proportions for concrete are also given in detail in “Standard
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Practice for Selecting Proportions for Normal, Heavyweight, and Mass Concrete” (ACI 211.1)2-7 and “Standard
Practice for Selecting Proportions for Structural Lightweight Concrete” (ACI 211.2).2-8

The use of field experience or laboratory trial batches (see 5.3) 1s the preferred method for selecting concrete
mixture proportions. When no prior experience or trial batch data are available, permission may be granted by
the registered design professional to base concrete proportions on “other experience or information™ as pre-

scribed in 5.4,

53 PROPORTIONING ON THE BASIS OF FIELD EXPERIENCE AND/OR TRIAL
MIXTURES
5.3.1 Sample Standard Deviation

For establishing concrete mixture proportions, emphasis is placed on the use of laboratory trial batches or field
experience as the basis for selecting the required water-cementitious materials ratio. The code emphasizes a
statistical approach to establishing the required average compressive strength of concrete, f;, or “target strength”
required to ensure attainment of the specified compressive strength, fe. If an applicable sample standard devia-
tion, s,, from strength tests of the concrete is known, the target strengih level for which the concrete must be
proportioned is established. Otherwise, the proportions must be selected to produce a conservative target strength
sufficient to allow for a high degree of variability in strength test results. For background information on
statistics as it relates to concrete, see “Recommended Practice for Evaluation of Compression Test Results of
Concrete”2-9 and “Statistical Product Control.”2-10

Concrete used in background tests to determine sample standard deviation is considered to be “similar” to that
specified, if it was made with the same general types of ingredients, under no more restrictive conditions of
control over material quality and production methods than are specified to exist on the proposed work, and if its
specified strength does not deviate by more than 1000 psi from that £ specified. A change in the type of concrete
or a significant increase in the strength level may increase the sample standard deviation. Such a situation might
occur with a change in the type of aggregate; i.e., from natural aggregate to lightweight aggregate or vice versa,
or with a change from non-air-entrained concrete to air-entrained concrete. Also, there may be an increase in
sample standard deviation when the average strength level is raised by a significant amount, althoogh the incre-
ment in samnple standard deviation should be somewhat less than directly proportional to the strength increase.
When there is reasonable doubt as to its reliability, any estimated sample standard deviation used to calculate the
required average strength should always be on the conservative (high) side.

Sample standard deviations are normally established by at least 30 consecutive tests on representative materials,
If less than 30, but at least 15 tests are available, Section 5.3.1.2 provides for a proportional increase in the
calculated sampie standard deviation as the number of consecutive tests decrease from 29 to 15.

Statistical methods provide valuable tools for assessing the results of strength tests. It is important that concrete
technicians understand the basic language of statistics and be capable of effectively utilizing the tool to evaluate
strength test results,

Figure 2-1 illustrates several fundamental statistical concepts. Data points represent six (6) strength test results™
from consecutive tests on a given class of concrete. The horizontal line represents the average of tests that is
designated X. The average is computed by adding all test values and dividing by the nuraber of values summed;

i.e.,in Fig, 2-1:
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X = (4000 + 2500 + 3000 + 4000 + 5000 + 25006 = 3500 psi

The average X gives an indication of the overall strength level of the concrete tested.

It would also be informative to have a single number which would represent the variability of the data about the
average. The up and down deviations from the average (3500 psi) are given as vertical lines in Fig. 2-1. If one
were to accumulate the total length of the vertical lines without regard to whether they are up or down, and
divide that total length by the number of tests, the result would be the average length, or the average distance

from the average strength:

(500 + 1000 + 500 + 500 + 1500 + 1000)/6 = 833 psi

This is one measure of variability. If concrete test results were quite variable, the vertical lines would be long.
On the other hand, if the test results were close, the lines would be short.

In order to emphasize the impact of a few very high or very low test values, statisticians recommend the use of
the square of the vertical line lengths. The square root of the sum of the squared lengths divided by one less than
the number of tests (some texts use the number of tests) is known as the standard deviation. This measure of
variability is commonly designated by the letter s;. Mathematically, s, is expressed as:

(X - X)?
R

where
sy = standard deviation, psi
Z indicates summation
X = an individual strength test result, psi

X = average strength, psi
n = number of tests

For example, for the data in Fig. 2-1, the sample standard deviation would be:

s, = \/E)ﬁ - i)2+(X2 - §)2+(X3 - §)2+(X4 . §)2+(X5 i i)2+(X6 ] i)z

* A strength test result is the average of the strengths of two cylinders made from the same batch of concrete and tested at the same Gme.
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which is calculated below.

Deviation (X - X) (x - X)°
(length of vertical lines) (length squared)

4000 - 3500 = +500 + 250,600
2500 - 3500 = -1000 + 1,000,000
3000 - 3500 = -500 + 250,000
4000 - 3500 = +500 + 250,000
5000 - 3500 = +1500 + 2,250,000
2500 - 3500 = -1000 + 1,000,000

Total + 5,000,000

g = fiog’p_w_ = 1,000 psi (a very large value)

For concrete strengths in the range of 3000 to 4000 psi, the expected sample standard deviation, representing
different levels of quality control, will range as follows:

Sample Standard Deviation Representing
300 to 400 psi Excellent Quality Control
400 to 500 psi Good
500 to 600 psi Fair
> 600 psi Poor Quality Control

For the very-high-strength, so called high-performance concrete (HPC), with strengths in excess of 10,000 psi,
the expected sample standard deviation will range as follows:

300 to 500 psi Excellent Quality Control
500 to 700 psi Good
> 700 psi Poor Quality Control

Obviously, it would be time consuming to actually calculate s in the manner described above. Most hand-held
scientific calculators are programmed to calculate sample standard deviation directly. The appropriate math-
ematical equations are programmed inio the calculator with the user simply entering the statistical data (test
values), then pressing the appropriate function key to obtain sample standard deviation directly. Example 2.2
illustrates a typical statistical evaluation of strength test results.

The coefficient of variation,V, is simply the standard deviation expressed as a percentage of the average value.
The mathematical formula is:

For the test results of Fig. 2-1:

:—lﬂo—xl()0=29%

3500

Standard deviation may be computed either from a single group of successive tests of a given class of concrete
or from two groups of such tests. In the latter case, a statistical average value of standard deviation is to be used,
calculated by usual statistical methods as follows:
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S = J (01 - Ylss)” + (03 - Dfss)”

Dioual - 2
where
n; = number of samples in group 1
n2 = number of samples in group 2
Nipta] = 01 + 02
5¢| OF 87 is calculated as follows:

= \ﬂxl X4 (KT et (% X)

n-1

For ease of computation,

o \/xﬁ $32 + X2 + .+ X2 - X0
s

n-1

X, + Xy + X3 + .+ %)

n

(X% + X2 + X3 + .+ Xp2) - (

or §s = ]
n_

where X1, X3, X3,...Xp are the individual strength test results and n is the total number of strength tests.

5.3.2 Required Average Strength

Where the concrete production facility has a record based on at least 30 consecutive strength tests representing
materials and conditions similar to those expected (or a record based on 15 to 29 consecutive tests with the
calculated sample standard deviation modified by the applicable factor from Table 5.3.1.2), the strength used as
the basis for selecting concrete proportions for specified compressive strengths, fc, equal to or greater than 5000

psi
must be the larger of:

for = fa + 1.34s; Table 5.3.2.1, (5-1)
and £, = £ + 2.33s, - 500 Table 5.3.2.1, (5-2)

For specified compressive strengths, £ over 5000, the strength used as the basis for selecting concrete propor-
tions must be the larger of:

for = fo + 1.34s; Table 5.3.2.1, (5-1)

and for = 0.90fc + 2.33s; Table 5.3.2.1, (5-3)
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If the sample standard deviation is unknown, the required average strength fi; used as the basis for selecting
concrete proportions must be determined from Table 5.3.2.2:

For £ less than 3000 psi foo = f£ + 1000 psi
between 3000 and 5000 psi for = 2 + 1200 psi
greater than 5000 psi for = f¢ + L1102 + 700 psi

Formulas for calculating the required target strengths are based on the following criteria:
1. A probability of I in 100 that the average of 3 consecutive strength tests will be below the specified strength,
fc fcr = fc + 1. 3433, and

2. A probability of 1 in 100 that an individual strength test will be more than 500 psi below the specified
swengthfc, : for = fo + 2.33s, - 500 (for concrete strengths not over 5000 psi), and

3. A probability of 1 in 100 that an individual strength test will be more than 0.90f% below the specified strength
f¢ (for concrete strengths in excess of 5000 psi): fir = 0.90f; + 2.33s,.

Criterion (1) will produce a higher required target strength than Criterion (2) for low to moderate standard
deviations, up to 500 psi. For higher standard deviations, Criterion (2) will govern.

The average strength provisions of Section 5.3.2 are intended to provide an acceptable level of assurance that
concrete strengths are satisfactory when viewed on the following basis: (1) the average of strength tests over an
apprec1able time period (three consecutive tests) is equal to or greater than the specified compressive strength,

; or (2) an individual strength test is not more than 500 psi below (for concrete strengths not over 5000 psi); or
(3) an individual strength test is not more than 0.90f; below (for concrete strengths in excess of 5000 psi).

5.3.3 Documentation of Average Compressive Strength

Mix approval procedures are necessary to ensure that the concrete furnished will actually meet the strength
requirements. The steps in a mix approval procedure can be outlined as follows:

1. Determine the expected sample standard deviation from past experience.
a.  This is done by examining a record of 30 consecutive tests made on a similar mix.

b. If it is difficult to find a similar mix on which 30 consecutive tests have been conducted, the sample
standard deviation can be computed from two mixes, if the total number of tests equals or exceeds 30.
The sample standard deviations are computed separately and then averaged by the statistical averaging
method already described.

2. Use the sample standard deviation to select the appropriate target strength from the larger of Table 5.3.2.1
(5-1), (5-2) and (5-3).

2. For example, if the sample standard deviation is 450 psi, then overdesign must be by the larger of:

1.34 (450) = 603 psi
233 (450) - 500 = 549 psi

Thus, for a 3000 psi specified strength, the average strength used as a basis for selecting concrete
mixture proportions must be 3600 psi.



b. Note that if no acceptable test record is available, the average strength must be 1200 psi greatef than f{
(i.e., 4200 psi average for a specified 3000 psi concrete}, see Table 5.3.2.2.

3 Furnish data to document that the mix proposed for use will give the average strength needed. This may
consist of:

a A record of 30 tests of field concrete. This would generally be the same test record that was used to
document the sample standard deviation, but it could be a difterent set of 30 results; or

b. Laboratory strength data obtained from a series of trial batches.

Where the average strength documentation for strengths over 5000 psi are based on laboratory trail mixtures,
it is permitted to increase f¢; calculated in Table 5.3.2.2 to allow for a reduction in strength from laboratory
trials to actual concrete production.

Section 5.3.3.2(c) permits tolerances on slump and air content when proportioning by laboratory trial batches.
The tolerance limits are stated at maximum permitted values, because most specifications, regardless of form,
will permit establishing a maximum value for slump or air content. The wording also makes it clear that these
tolerances on slump and air content are to be applied only to laboratory trial batches. Selection of concrete
proportions by trial mixtures is illustrated in Example 2.3.

5.4 PROPORTIONING WITHOUT FIELD EXPERIENCE OR TRIAL MIXTURES

When no field or trail mixture data are available, “other experience or information” may be used to select a
water-cementitious materials ratio. This mixture proportioning option, however, is permitted only when ap-
proved by the project engineer/architect. Note that this option must, of necessity, be conservative, requiring a
rather high target overstrength (overdesign) of 1200 psi. If, for example, the specified strength is 3000 psi, the
strength used as the basis for selecting concrete mixture proportions (water-cementitious materials ratio) must
be based on 4200 psi. In the interest of economy of materials, the use of this option for mix proportioning should
be limited to relatively small projects where the added cost of obtaining trial mixture data is not warranted. Note
also that this alternative applies only for specified compressive strengths of concrete up to 5000 psi; for higher
concrete strengths, proportioning by field experience or trial mixture data is required. The ‘99 Edition of the
code limited the maximum strength proportioned without field experience or trial mixtures to 4000 psi.

5.6 EVALUATION AND ACCEPTANCE OF CONCRETE
5.6.1 Laboratory and Field Technicians

The concrete test procedures prescribed in the code require personnel with specific knowledge and skills. Experi-
ence has shown that only properly trained field technicians and laboratory personnel who have been certified under
nationally recognized programs can consistently meet the standard of control that is necessary to provide meaningful
test results. Section 5.6.1 of the code requires that tests performed on fresh concrete at the job site and procedures
required to prepare concrete specimens for strength tests must be performed by a “qualified field testing technician”.
Commonly performed field tests which will require qualified field testing technicians include; unit weight, slump, air
content and temperature; and making and curing test specimens. Field technicians in charge of these duties may be
qualified through certification in the ACI Concrete Field Testing Technician — Grade | Certification Program.

Section 5.6.1 also requires that “qualified laboratory technicians” must perform all required laboratory tests.
Laboratory technicians performing concrete testing may be qualified by receiving certification in accordance
with requirements of ACI Concrete Laboratory Testing Technician, Concrete Strength Testing Technician, or the
requirements of ASTM C 1007.
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The following discussion on Chapter 5 of code addresses the selection of concrete mhxture proporticns for
strength, based on probabilistic concepts.

5.6.2 Frequency of Testing

Proportioning concrete by the probabilistic basis of the code requires that a statistically acceptable number of
concrete strength tests be provided. Requiring that strength tests be performed according toa prescribed minimum
frequency provides a statistical basis.

The code minimum frequency criterion for taking samples for strength tests** | based on a per day and a per
project criterion (the more stringent governs™"* ) for each class of concrete, is summarized below.

5.6.2.1 Minimum Number of Strength Tests Per Day—This number shall be no less than:

*  Once per day, nor less than,
«  Once for each 150 cu yds of concrete placed, nor less than,
*  Once for each 5000 sq ft of surface area of slabs or walls placed.

5.6.2.2 Minimum Number of Strength Tests Per Project -—This number shall not be less than:
« Five strength tests from five (5) randomly selected batches or from each batch if fewer than five batches,

If the total quantity of concrete placed on a project is less than 50 cu yds, 5.6.2.3 permits strength tests to be
waived by the building official.

According to the ASTM Standard for making concrete test specimens in the field (ASTM C 3 1), test cylinders
should be 6 x 12 in., unless required otherwise by the project specifications,

With the increased use of very-high-strength concretes (in excess of 10,000 psi), the standard 6 x 12 in. cylinder
requires very high capacity testing equipment which is not readily available in many testing laboratories. Con-
sequently, most projects that specify very-high-strength concrete specifically permit the use of the smaller 4 x 8
in. cylinders for strength specimens. The 4 X 8 in, cylinder requires about one-half the testing capacity of the 6
x 12 in. specimen. Also, most precast concrete producers use the 4 X 8 in. cylinders for in-house concrete
quality control.

It should be noted that the total number of cylinders cast for a project will normally exceed the code minimum
number needed to determine acceptance of concrete strength (two cylinders per strength test). A prudent total
number for a project may include additional cylinders for information {(7-day tests) or to be field cured to check
carly strength development for form stripping, plus one or two in reserve, should a low cylinder break occur at
the 28-day acceptance test age.

Example 2.4 illustrates the above frequency criteria for a large project (5.6.2.1 controls). Example 2.5 illustrates
a smaller project (5.6.2.2 controls).

5.6.3.3 Acceptance of Concrete—The strength level of an individual class of concrete is considered satisfac-
tory if both of the following criteria are met:

1. No single test strength (the average of the strengths of at least two cylinders from a batch) shall be more than
500 psi below the specified compressive strength when £/ is 5000 psi or less (i.e., less than 2500 psifor a

Swrength test = average of two cylinder strengths (see 5.6.1.4).
* Ona given project, if wial volume of concrete is such that frequency of testing required by 5.6.1.1 would provide less than five ests for a given
class of concrete, the per project criterion will govern.
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specified 3000 psi concrete strength); or is more than 10 percent below f{ if over 5000 pst.

2. The average of any three consecutive test strengths must equal or exceed the specified compressive strength 7.

Examples 2.6 and 2.7 illustrate “acceptable” and “low strength” strength test results, respectively, based on the
above code acceptance criteria.

5.6.5 Investigation of Low-Strength Test Results

If the average of three strength test results in a row is below the specified strength, steps must be taken to
increase the strength level of the concrete (see 5.6.3.4). If a single strength test result falls more than 500 psi
below the specified strength when f¢ is 5000 or less, or is more than 10 percent below [Z if over 5000 psi, there
may be more serious problems, and an investigation is required according to the procedures outlined in 5.65to
ensure structural adequacy.

Note that for acceptance of concrete, a single strength test result (one “test™) is always the average strength of 2
cylinders broken at the designated test age, usually 28 days. Due to the many potential variables in the produc-
tion and handling of concrete, concrete acceptance is never based on a single cylinder break. Two major reasons
for low strength test results3-! are: (1) improper handling and testing of the cylinders — found to contribute to the
majority of low strength investigations; and (2) reduced concrete strength due to an error in production, or the
addition of too much water to the concrete at the job site. The latter usually occurs because of delays in place-
ment or requests for a higher slump concrete. High air content due to an over-dosage of air entraining admixture
at the batch plant has also contributed to low strength.

If low strength is reported, it is imperative that the investigation follows a logical sequence of possible cause and
effect. All test reports should be reviewed and results analyzed before any action is taken. The pattern of
strength test results should be studied for any clue to the cause. Is there any indication of actual violation of the
specifications? Look at the slump, air content, concrete and ambient temperatures, number of days cylinders
were left in the field and under what curing conditions, and any reported cylinder defects.

If the deficiency justifies investigation, testing accuracy should be verified first, and then the structural require-
ments compared with the measured strength. Of special interest in the early investigation should be the handling
and testing of the test cylinders. Minor discrepancies in curing cylinders in mild weather will probably not affect
strength much, but if major violations occur, large reductions in strength may result. Almost all deficiencies
involving handling and testing of cylinders will lower strength test results. A number of simultaneous violations
may contribute to significant reductions. Examples include: extra days in the field; curing over 80°F; frozen
cylinders; impact during transportation; delay in moist curing at the lab; improper caps; and insufficient care in
breaking cylinders.

For in-place concrete investigation, it is essential to know where in the structure the “tested concrete” is located
and which batch (truck) the concrete is from. This information should be part of the data recorded at the time the
test cylinders were molded. If test results are found deficient, in-place strength testing may be necessary 1o
ascertain compliance with the code and construction documents. If strength is greater than that actually needed,
there is little point in investigating the in-place strength. However, if testing procedures conform to the stan-
dards and the test results indicate that concrete strength is lower than required for the member in question,
further investigation of the in-place concrete may be required (see 5.6.5).

The laboratory should be held responsible for deficiencies in its procedures. Use of qualified lab personnel is
essential, Personnel sampling concrete, making test cylinders and operating lab equipment must be qualified by
the ACI certification program or equivalent (see 5.6.1).

I core testing should be required, core drilling from the area in question should be performed according to the
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procedures outlined in ASTM C 42. The testing of cores requires great care in the operation itself and in the
interpretaticn of the results. Detailed procedures are given in ASTM C 42. The following highlights proper core
drilling and testing procedures:

1. Wait 14 days (minimum) before core drilling.
2. Drill 3 cores from the questionable area.
3. Drill cores with a diamond bit.
4. Drill core with a diameter of 2-1/2 in. {minimum) or 2 X maximum aggregate size.
5. Avoid any reinforcing steel in the drilled cores.
6. Drill a minimum core length of 1 x core diameter, but preferably 2 x core diameter.
7. If possible, drill completely through member.
8. Allow 2 in. extra length at the core end to be broken out.
9. Use wooden wedges to remove end portions to be broken out.
10. Saw broken ends to piane surfaces.
11.  If concrete is dry under service conditions, air dry the cores for 7 days (60 to 70°F, 60% relative humidity).
Test the cores dry.
12. If concrete is wet under service conditions, soak the cores in water (73.4 £ 3°F) for 40 hours. Test the
cores wet.
13. Cap the core ends with 1/8 in. thick (or less) capping material.
14.  Accurately center the core in the testin g machine.
15.  Correct the strength for length-to-diameter ratio less than 2, as shown below (interpolate between listed
values):
Length-to-Diameter Ratio Strength Correction Factor
1.94-2.10 1.00
1.75 0.98
1.50 0.96
1.25 0.93
1.00 0.87

In addition to the procedures contained in ASTM C 42, the Commentary to 5.6.5 cautions that where a water-
cooled bit is used to obtain cores, the coring process causes a moisture gradient between the exterior and interior
of the core, which will adversely affect the core’s compressive strength. Thus, a restriction on the commence-
ment of core testing is imposed to provide a minimum time for the moisture gradient to dissipate.

There were several significant changes to the 02 Edition of the code that affect the storage and testing of drilled
cores. The provisions in 5.6.5.3 have been completely revised to require that immediately after drilling, cores
must have any surface water removed by wiping and be placed in watertight bags or containers prior to transpor-
tation and storage. The cores must be tested no earlier than 43 hours, nor more than 7 days after coring unless
approved by the registered design professional. In prior editions, storage conditions and restrictions on when
testing could be performed were different for concrete in structures that would be “dry” or “superficially wet”
under service conditions.

In evaluating core test results, the fact that core strengths may not equal the strength specified for molded
cylinders should not be a cause for concern. Specified compressive strengths, {7, allow a large margin for the
unknowns of placement and curing conditions in the field as well as for normal variability. For cores actually
taken from the structure, the unknowns have already exerted their effect, and the margin of measured strength
above required strength can logically be reduced.

Section 5.6.5.4 states that the concrete will be considered structurally adequate if the average strength of three
cores is at least 85 percent of f{, with no single core strength less than 75 percent of the specified compressive
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strength. The concrete can be considered acceptable from the standpoint of strength if the core test resuits fora
given location meet these requirements. The structural engineer should examine cases where core strength val-
ues fail to meet the above criteria. to determine if there is cause for concern over structural adequacy. If the
results of properly made core tests are so low as to leave structural integrity in doubt, further action may be

required.

As a last resort, load tests may be required to check the adequacy of structural members which are seriously in
doubt. Generally such tests are suited only for flexural members—floors, beams, and the like—but they may
sometimes be applied to other members. In any event, load testing is a highly specialized endeavor that should
be performed and interpreted only by an engineer fully qualified in the proper techniques. Load testing proce-
dures and criteria for their interpretation are given in code Chapter 20.

In those rare cases where a structural element fails the load test or where structural analysis of unstable members
indicates an inadequacy, appropriate corrective measures must be taken. The alternatives, depending on indi-
vidual circurnstarnces, are:

»  Reducing the load rating to a level consistent with the concrete strength actually obtained.

«  Augmenting the construction to bring its load-carrying capacity up to original expectations. This might
involve adding new structural members or increasing the size of existing members.

« Replacing the unacceptable concrete.
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Example 2.1—Selection of Water-Cementitious Materials Ratio for Strength and
Durability :

Concrete is required for a loading dock slab that will be exposed to moisture in a severe freeze-thaw climate, but
not subject to deicers. A specified compressive strength £ of 3000 psi is used for structural design. Type I
cement with 3/4-in. maximum size normal weight aggregate is specified.

Code
Calculations and Discussion Reference

1. Determine the required minimum strength and maximum w/c ratio for the proposed concrete 5.21
work to satisfy both design strength and exposure requirements.

For concrete exposed to freezing and thawing in a moist condition, Table 4.2.2 requires a 4.22
maximom water-cementitions materials ratio of 0.45, and a minimum strength £l of
4500 psi.

Since the required strength for the exposure conditions is greater than the required
strength for structural design (£ = 3000 psi), the strength for the exposure reguirements
(f; = 4500 psi) governs.

2. Select a w/c ratio to satisfy the governing required strength, f{ = 4500 psi.

Concrete exposed to freezing and thawing must be air-entrained, with air content indicated 4.2.1
in Table 4.2.1. For concrete in a cold climate and exposed to wet freeze-thaw conditions,
a target air content of 6% is required for a 3/4-in. maximum size aggregate.

Selection of water-cementitious materials ratio for required strength should be based on trial 5.3
mixtures or field data made with actual job materials, to determine the relationship
between w/c ratio and strength.

Assume that the strength test data of Example 2.2, with an established sample standard 53.1.1
deviation of 353 psi, represent materials and conditions similar to those expected for the
proposed concrete work:

a. normal weight, air-entrained concrete
b. specified strength (4000 psi) within 1000 psi of that required for the proposed work

{4500 psi)
¢. 30 strength test results.

For a sample standard deviation of 353 psi, the required average compressive strength £ 532
to be used as the basis for selection of concrete proportions must be the larger of

’
fCI‘

£+ 1.34ss = 4500 + 1.34(353) = 5000 psi, or Eq. 5-1

£ = £/ + 2.33s - 500 = 4500 + 2.33 (353) - 500 = 4800 psi Eq. 52

Therefore, £, = 5000 psi.
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Code
Exampie 2.1 {(cont’d) Calculations and Discussion Reference

Note: The average strength required for the mix design should equal the specified
strength plus an allowance to account for variations in materials; variations in methods of
mixing, transporting, and placing the concrete; and variations in making, curing, and
testing concrete cylinder specimens. For this example, with a sample standard deviation
of 353 psi, an allowance of 500 psi for all those variations is made.

Typical trial mixture or field data strength curves are given in Ref. 2,1. Using the field data
strength curve, Fig. 9-2 of Ref. 2.1, reproduced in Fig. 2-2, the required water-cementitious
materials ratio (w/c) approximately equals 0.38 for an f/; of 5000 psi. (Use of the typical
data curve of Fig. 2-2 is for illustration purposes only; a w/c versus required strength curve
that is reflective of local materials and conditions should be used in an actual design situa-
tion.)

Since the required w/c ratio of 0.38 for the 4500 psi specified strength is less than the 0.45 56.33
required by Table 4.2.2, the 0.38 value must be used 1o establish the mixture proportions.

Note that the specified strength, f; = 4500 psi, is the strength that is expected to be

equaled or exceeded by the average of any set of three consecutive strength tests, with no

individual test more than 500 psi below the specified 4500 psi strength.

As a follow up to this example, the test records of Example 2.2 could probably be used (by 5.3.3
the concrete producer) to demonstrate that the concrete mix for which the records were

generated will produce the required average strength {7, of the concrete work for this

project. For the purpose of documenting the average strength potential of the concrete

mix, the concrete producer need only select 10 consecutive tests from the total of 30 tests

that represent a higher average than the required average of 5000 psi. Realistically, the

average of the total 30 test results (4835 psi) is close enough to qualify the same concrete

mix for the proposed work.

6000

N

= 5000
a MNonh-air-entrained concrete’
5 N K
g 4000
£ N
NS
2 3000
é. Air-entrained concrete \\
© 2000
1000

0.3 04 0.5 0.6 0.7 0.8
Water-cementitious materials ratio

Figure 2-2 Typical Trial Mixture or Field Data Strength Curves
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Example 2.2—Strength Test Data Report

Calculate the mean and sample standard deviation for the 30 strength tests results given below, using the formula
for sample standard deviation given in R5.3.1. The project specifications call for column concrete to be normal
weight, air-entrained, with a specified strength of 4000 psi.

Test 28-Day Average
No. Date of Test 28-Day #1 28-Day #2 28-Day Averaqge (3-Consecutive)
1 05-March-04 4640 4770 4705
2 06-March-04 4910 5100 5005
3 10-March-04 4570 47860 4665 4792
4 12-March-04 4800 5000 4900 4857
5 13-March-04 5000 4900 4950 4838
6 17-March-04 4380 4570 4475 4775
7 19-March-04 4630 4820 4725 4717
8 21-March-04 4800 4670 4735 4645
9 25-March-04 5020 4940 4980 4813
10 28-March-04 4740 4900 4820 4845
11 30-March-04 4300 4110 4205 41668
12 02-April-04 4280 3620 3950 4325
13 05-April-04 4740 4880 4810 4322
14 08-Aprii-04 4870 5040 4955 4592
15 09-April-04 4590 4670 4630 4798
16 15-April-04 4420 4690 4555 4713
17 16-April-04 4980 5070 5025 4737
18 19-April-04 4900 4860 4880 4820
19 20-April-04 5690 5570 5630 5178
20 22-April-04 5310 5310 5310 5273
21 24-April-04 5080 4970 5025 5322
22 28-Aprit-04 4640 4440 4540 4958
23 01-May-04 5090 5080 5085 4883
24 03-May-04 5430 5510 5470 5032
25 07-May-04 5290 5360 5325 5293
26 10-May-04 4700 4770 4735 5177
27 11-May-04 4880 5040 4960 5007
28 15-May-04 5000 4890 4945 4880
29 16-May-04 4810 4670 4740 4882
30 18-May-04 4250 4400 4325 4670
Code
Calculations and Discussion Reference

Computation of the mean strength and sample standard deviation is shown in the following
table. The sample standard deviation of 353 psi represents excellent quality control for the
specified 4600 psi concrete.

Note that the concrete supplied for this concrete work satisfies the acceptance criteria of
5.6.3.3; no single strength test (28-day average of two cylinders) falls below the specified
strength (4000 psi) by more than 500 psi (3500 psi), and the average of each set of 3 consecu-
tive strength tests exceeds the specified strength (4000 psi).
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Code
Example 2.2 (cont’d} Calculations and Discussion Reference
28-day Strength, _ —
Test No. X, psi X -X, psi {x-X)2
1 4705 -130 16,500
2 5005 170 28,900
3 4665 -170 28,500
4 4800 65 4,225
5 4950 115 13,225
6 4475 -360 129,600
7 4725 -110 12,100
8 4735 -100 10,000
9 4980 145 21,025
10 4820 -15 225
11 4205 630 396,900
12 3950 -885 783,225
13 4810 -25 625
14 4955 100 10,000
15 4630 205 42 025
16 4555 -280 78,400
17 5025 190 36,100
18 4880 45 2,025
19 5630 795 632,025
20 5310 475 225,625
21 5025 190 36,100
22 4540 295 87,025
23 5085 250 62,500
24 5470 635 403,225
25 5325 490 240,100
26 4735 -100 10,000
27 4960 125 15,625
28 4945 110 12,100
29 4740 -95 9,025
30 4325 -510 260,100
z 145,060 3,607,850
Number of Tests = 30
Maximum Strength = 5830 psi
Minimum Strength = 3950 psi
Mean Strength = 14‘2’360 = 4835 psi

Sample Standard Deviation =4 ’ 2_62275.3;_50 = 353psi

The single low strength test (3950 psi) results from the very low break for cylinder #2

(3620 psi) of test No. 12. The large disparity between cylinder #2 and cylinder #1 (4280 psi),
both from the same batch, would seem to indicate a possible problem with the handling and

testing procedures for cylinder #2.
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Code
Example 2.2 (cont’d) Calculations and Discussion Reference

Interestingly, the statistical data from the 30 strength test results can be filed for use on
subsequent projects to establish a mix design, where the concrete work calls for normal
weight, air-entrained concrete with a specified strength within 1000 psi of the specified 4000
psi value (3000 to 5000 psi). The target strength for mix proportioning would be calculated
using the 353 psi sample standard deviation in code Eqs. (5-1) and (5-2). The low sample
standard deviation should enable the “ready-mix company” to produce an economical mix for
similar concrete work. The strength test data of this example are used to demonstrate that the
concrete mix used for this project qualifies for the proposed concrete work of Example 2.1.
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Example 2.3—Selection of Concrete Proportions by Trial Mixtures

Establish a water-cementiticus materials ratio for a concrete mixture on the basis of the specified compressive
strength of the concrete to satisfy the structural design requirements.

Project Specifications:

t; = 3000 psi (normal weight) at 28 days
3/4-in. max. size aggregate

5% total air content

4 in. max slump

Kona sand and gravel

Type I Portland Cement

Assume no strength test records are available to establish a target strength for selection of concrete mixture
proportions. The water-cermnentitious materials ratio is to be determined by trial mixtures. See 5.3.3.2.

Code
Calculations and Discussion Reference
1. Without strength test results, use Table 5.3.2.2 to establish a target strength, fZ. 5322
For f = 3000 psi,
f& = f{ + 1200 = 3000 + 1200 = 4200 psi
2. Trial Mixture Procedure 5332

Trial mixtures should be based on the same materials as proposed for the concrete work,
Three (3) concrete mixtures with three (3) different water-cementitious materials ratios
(w/c) should be made to produce a range of strengths that encompass the target strength
fir. The trial mixtures should have a slump within £ 0.75 in. of the maximum specified
(3.25 t0 4.75 in.), and a total air content within + 0.5% of the volume required by the
project specifications (4.5 to 5.5%). Three (3) test cylinders per trial mixture should be
made and tested at 28 days. The test results are then plotted to produce a strength versus
wic ratio curve to be used to establish an appropriate w/c ratio for the target strength f7.

To illustrate the trial mixture procedure, assume trial mixtures and test data as shown in
Table 2-3. Based on the test results plotted in Fig. 2-3 for the three trial mixtures, the
maximum w/c ratio to be used as the basis for proportioning the concrete mixture with a
target strength, £, of 4200 psi by interpolation, is 0.49,

Using a watercementitious materials ratio of 0.49 to produce a concrete with a specified
strength of 3000 psi results in a significant overdesign. Referring to Fig. 2-2, Example
2.1, for a w/c ratio of 0.49, a strength level approximating 3800 psi can be expected for
air-entrained concrete. The required extent of mix overdesign, when sufficient strength
data are not available to establish a sample standard deviation, should be apparent.
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Code

Example 2.3 (cont’d) Calculations and Discussion Reference
Table 2-3 Trial Mixture Data
Trial Mixtures Batch No. 1 Batch No. 2 Batch No. 3
Selected w/c ratio 0.45 0.55 0.65
Measured slump, in. 3.75 425 450
Measured air content, % 4.4 53 4.8
Test results, psi:
Cylinder #1 4650 3800 2750
Cylinder #2 4350 3750 2900
Cylinder #3 4520 3650 2850
Average 4510 3770 2830
55

As strength test data become available during construction, the amount by which the value
of f;; must exceed the specified value of fJ (1200 psi) may be reduced using a sample
standard deviation calculated from the actual job test data, producing a more economical
concrete mix.
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Water-cementiticus materials ratio

Figure 2-3 Trial Mixture Strength Curve
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Example 2.4—Frequency of Testing

Determine the minimum number of test cylinders that must be cast to satisfy the code minimum sampling
frequency for strength tests. Concrete placement = 200 cu yd per day for 7 days, transported by 10 cu yd truck
mixers. This is a larger project where the minimum number of test cylinders per day of concrete placement (see
5.6.2.1) is greater than the minimum number per project (see 5.6.2.2).

Code
Calculations and Discussion Reference
1. Total concrete placed on project = 200 (7) = 1400 cu yd
2. 'Total truck loads (batches) required = 1400/10 = 140
3. Truck loads required to be sampled per day = 200/150 = 1.3 56.2.1
4. 2 truck loads must be sampled per day
5. Total truck loads required to be sampled for project = 2 (7) = 14
6. Total number of cylinders required to be cast for project = 14 (2 cylinders per test)
= 28 (minimum) 5624

It should be noted that the total number of cylinders required to be cast for this project
represents a code required minimum number only that is needed for determination of
acceptable concrete strength. Addition cylinders shouid be cast to provide for 7-day breaks,
to provide field cured specimens to check early strength development for form removal or for
determining when to post-tension prestressing tendons, and to keep one or two in reserve,
should a low cylinder break occur at 28-day.
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Example 2.5—Frequency of Testing

Determine the minimum number of test cylinders that must be cast to satisfy the code minimum sampling
frequency for strength tests. Concrete is to be placed in a 100 ft x 75 ft x 7-1/2 in. slab, and transported by 10
cu yd truck mixers. This is a smaller project where the minimum required number of test cylinders is based on

the frequency criteria of 5.6.2.2.

Code
Calculations and Discussion Reference
1. Total surface area placed = 100 x 75 = 7500sq ft
2. 'Total concrete placed on project = 7500 X 7.5 X 1;# 127 = 174 cuyd
in.
3. Total truck loads (batches) required = 174/10 = 1R
4. Required truck loads sampled per day = 174/150 = 1.2 56.2.1
= 7500/5000=1.5
5. But not less than 5 truck loads (batches) per project 5622
6. Total number of cylinders cast for project = 5 (2 cylinders per test)
= 10 (minimum) 5624

It should again be noted that the total number of cylinders cast represents a code required mini-
mum number only for acceptance of concrete strength. A more prudent total number for a
project may include additional cylinders.
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Example 2.6—Acceptance of Concrete

The following table lists strength test data from 5 truck Joads (batches) of concrete delivered to the job site. For
each batch, two cylinders were cast and tested at 28 days. The specified strength of the concrete £ is 4000 psi.
Determine the acceptability of the concrete based on the strength criteria of 5.6.3.3.

Test Average of
Test No. Cylinder #1 Cylinder #2 Average 3 Consecutive Tests
1 4110 4260 4185 _
2 3840 4080 3960 —
3 4420 4450 4435 4193
4 3670 3820 3745 4047
5 4620 4570 4595 4258
Code
Calculations and Discussion Reference

The average of the two cylinder breaks for each batch represents a single strength test result.
Even though the lowest of the five strength test results (3745 psi) is below the specified
strength of 4000 psi, the concrete is considered acceptable because it is not below the speci-
fied value by more than 500 psi for concrete with an f{ not over 5000 psi; i.e., not below
3500 psi. The second acceptance criterion, based on the average of three (3) consecutive
tests, is also satisfied by the three consecutive strength test averages shown. The procedure to
evaluate acceptance based on 3 strength test results in a row is shown in the right column.
The 4193 psi value is the average of the first 3 consecutive test results: (4185 + 3960 +
4435)/3 = 4193 psi. The average of the next 3 consecutive tests is calculated as (3960 + 4435
+ 3745)f3 = 4047 psi, after the 4185 psi value is dropped from consideration. The average of
the next 3 consecutive values is calculated by dropping the 3960 psi value. For any number
of strength test results, the consecutive averaging is simply a continnation of the above
procedure. Thus, based on the code acceptance criteria for concrete strength, the five sirength
tests results are acceptable, both on the basis of individual test results and the average of three
consecutive test results.
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Example 2.7—Acceptance of Concrete

The following table lists strength test data from 5 truck loads (batches) of concrete delivered to the job site. For
each batch, two cylinders were cast and tested at 28 days. The specified strength of the concrete f is 4000 psi.
Determine the acceptability of the concrete based on the strength criteria of 5.6.3.3.

Test Average of
Test No. Cylinder #1 Cylinder #2 Average 3 Consecutive Tests
1 3620 3550 3585 —
2 3970 4060 4015 —
3 4080 4000 4040 3880~
4 4860 4700 4780 4278
5 3390 3110 3250* 4023
*Average of 3 consecutive tests below fc (4000 psi).
**One test more than 500 psi below specified value.
Code
Calculations and Discussion Reference
Investigation of low-strength test results is addressed in 5.6.5. If average of three “tests” 585

in a row dips below the specified strength, steps must be taken to increase the strength of the
concrete. If a “test” falls more than 500 psi below the specified strength for concrete with an
f2 not over 5000 psi, there may be more serious problems, requiring an investigation to
ensure structural adequacy; and again, steps taken to increase the strength level. For investi-
gations of low strength, it is imperative that the location of the questionable concrete in the
structure be known, so that the engineer can make an evaluation of the low strength on the
structural adequacy of the member or element.

Based on experience,2-1! the major reasons for low strength test results are (1) improper
sampling and testing, and (2) reduced concrete quality due to an error in production, or the
addition of too much water to the concrete at the job site, caused by delays in placement or
requests for wet or high slump concrete. High air content can also be a cause of low strength.

The test results for the concrete from Truck 5 are below the specified value, especially the
value for cylinder #2, with the average strength being only 3250 psi. (Note that no accep-
tance decisions are based on the single low cylinder break of 3110 psi. Due to the many
variables in the production, sampling and testing of concrete, acceptance or rejection is
always based on the average of at least 2 cylinder breaks.)
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Details of Reinforcement

GENERAL CONSIDERATIONS

Good reinforcement details are vital to satisfactory performance of reinforced concrete stroctures. Standard
practice for reinforcing steel details has evolved gradually. The Building Code Committee (ACI 318) continu-
ally collects reports of research and practice related to structural concrete, suggests new research needed, and
translates the resuits into specific code provisions for details of reinforcement.

The ACI Detailing Manual3! provides recommended methods and standards for preparing design drawings,
typical details, and drawings for fabrication and placing of reinforcing steel in reinforced concrete structures.
Separate sections of the manual define responsibilities of both the engineer and the reinforcing bar detailer. The
CRSI Manual of Standard Practice3-2 provides recommended industry practices for reinforcing steel. As an aid
to designers, Recommended Industry Practices for Estimating, Detailing, Fabrication, and Field Erection of
Reinforcing Materials are included in Ref. 3.2, for direct reference in project drawings and specifications. The
WRI Structural Welded Wire Fabric Detailing Manual®-3 provides information on detailing welded wire
reinforcement systems.

7.1 STANDARD HOOKS

Requirements for standard hooks and minimum finished inside bend diameters for reinforcing bars are
illustrated in Tables 3-1 and 3-2. The standard hook details for stirrups and ties apply to No. 8 and smaller
bar sizes only.

Table 3-1 Standard Hooks for Primary Reinforcement

Min. finished
Bar size, No. bend dia. (@ dp
e Bend dia.
3 through 8 6dy, o
k=)
N
9, 10, 11 8d,
14 and 18 10d} C|<—>!
4db > 21;"2 in.

(@) Measured on inside of bar.



Table 3-2 Standard Hooks for Stirrups and Tie Reinforcement

Min. finished 97 138°
Bar size, No. bend dia.®
K e Bend -
3 through 5 4dy, I dia.
6 through 8 6dy 6dy, for No. 3 thruNo. 5
12dy, for No. 6 thru No. 8

(b}Measured on inside of bar.

Moment resisting frames used to resist seismic lateral forces in regions of high seismic risk or in structures
assigned to high seismic performance or design categories (see Table 1-1), must be designed as special moment
frames as defined in 21.1. In special moment frames, detailing of transverse reinforcement in beams and columns
must comply with 21.3.3 and 21.4.4, respectively. Except for circular hoops which are required to have seismic
hooks with a 90-degree bend on the free ends, the ends of hoops and crossed ties must terminate in seismic hooks
with 135-degree bends. These hooks are necessary to effectively anchor the free ends within the confined core so
satisfactory performance is achieved in areas of members where inelastic behavior may occur. See Part 29 of

this publication for discussion and illustrations of this special detailing requirement.

7.2 MINIMUM BEND DIAMETERS

Minimum bend diameter for a reinforcing bar is defined as “the diameter of bend measured on the inside of the
bar.” Minimum bend diameters, expressed as multiples of bar diameters, are dependent on bar size; for No. 3 to
No. 8 bars, the minimum bend diameter is 6 bar diameters; for No. 9 to No. 11 bars, the minimum bend diameter
is 8 bar diameters; and for No. 14 and No. 18 bars, the minimum bend diameter is 10 bar diameters. Exceptions
to these provisions are:

1. For stirrups and ties in sizes No. 5 and smaller, the minimum bend diameter is 4 bar diameters. For No. 6
through No. 8 stirrups and ties, the minimum bend diameter is 6 bar diameters.

2. For welded wire reinforcement used for stirrups and ties, the inside diameter of the bend must not be less
than four wire diameters for deformed wire larger than D6 and two wire diameters for all other wire. Welded
intersections must be at least four wire diameters away from bends with inside diameters of less than eight
wire diameters.

7.3 BENDING

All reinforcement must be bent cold unless otherwise permitted by the engineer. For unusual bends, special
fabrication including heating may be required and the engineer must give approval to the techniques used.

7.3.2 Field Bending of Reinforcing Bars

Reinforcing bars partially embedded in concrete are frequently subjected to bending and straightening in the
field. Protruding bars often must be bent to provide clearance for construction operations. Field bending and
straightening may also be required because of incorrect fabrication or accidental bending. According to 7.3.2,
bars partially embedded in concrete must not be field bent without authorization of the engineer unless shown on
the plans. Test results3-4 provide guidelines for field bending and straightening, and heating if necessary, of bars
partially embedded in concrete. As an aid to the engineer on proper procedure, the recommendations of Ref. 3.4
are stated below. ASTM A 615 Grade 60 deformed bars were used in the experimental work on which the
recommendations are based.



axt

BN T

ST T e Y ST, ¢

TR ]

TR A I, TR AL s

s L 2

1. Field bending/straightening should be limited to bar sizes No. 11 and smaller. Heat should be applied for
bending/straightening bar sizes No. 6 through No. 11, or for bending/straightening bar sizes No. 5 and
smaller when those bars have been previously bent. Previously unbent bars of sizes No. 5 and smaller may
be bent/straightened without heating.

2. Abending tool with bending diameter as shown in Table 3-3(a) should be used. Any bend should be limited
to 90 degrees.

3. In applying heat for field bending/straightening, the steel temperature should be at or above the minimum
temperature shown in Table 3-3(b} at the end of the heating operation, and should not exceed the maximum
temperature shown during the heating operation.

4. In applying heat for field bending/siraightening, the entire length of the portion of the bar to be bent (or the
entire length of the bend to be straightened) should be heated plus an additional 2 in. at each end. For bars
larger than No. 9, two heat tips should be used simultaneously at opposite sides of the bar to assure a uniform
temperature thronghout the thickness of the bar.

5. Before field bending/straightening, the significance of possible reductions in the mechanical properties of
bent/straightened bars, as indicated in Table 3-3(c), should be evaluated.

7.5 PLACING REINFORCEMENT
7.5.1 Support for Reinforcement

Support for reinforcement, including tendons and post-tensioning ducts, is required to adequately secure the
reinforcement against displacement during concrete placement. The CRSI Manual of Standard Practice3-2 gives
an in-depth treatise on types and typical sizes of supports for reinforcement. Types and typical sizes of wire bar
supports are iHustrated in Table 3-4. In addition to wire bar supports, bar supports are also available in precast
concrete, cementitious fiber-reinforced and plastic materials. If the concrete surface will be exposed during
service, consideration must be given to the importance of the appearance of the concrete surface and the envi-
ronment to which it will be exposed. For example, if the concrete surface will be exposed directly to the weather
or to a humid environment, it is likely that rust spots or stains will eventually show if unprotected bright steel
barsupports are used. As outlined in the CRSI manual, bar supports are available in four classes of protection,
depending on their expected exposure and the amount of corrosion protection required. Based on current indus-
try practice, the available classes of protection are:

Class 1 Maximuimn Protection
Plastic protected bar supports intended for use in situations of moderate to severe exposure and/or
situations requiring light grinding (1/16 in. maximum) or sandblasting of the concrete surface.

Class 1A Maximum Protection {For Use With Epoxy-Coated Reinforcement Bars) Epoxy-, vinyl-, or plastic
coated bright basic wire bar supports intended for use in situations of moderate to maximum exposure
where no grinding or sandblasting of the concrete surface is required. Generally, they are used when
epoxy-coated reinforcing bars are required.

Class2  Moderate Protection
Stainless steel protected steel wire bar supports intended for use in situations of moderate exposure
and/or situations requiring light grinding (1/16 in. maximumy} or sandblasting of the concrete sur-
face. The bottom of each leg is protected with a stainless steel tip.

Class 3 No Protection
Bright basic wire bar supports with no protection against rusting. Unprotected wire bar supports are
intended for use in situations where surface blemishes can be tolerated, or where supports do not
come into contact with a concrete surface which is exposed.
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Table 3-3 Field Bending and Straightening of Reinforcing Bars4

(a} Ratio of Benc Diameter to Bar Diameter

Bend inside diameter/bar diameter

Bar Size, No. Not Heated Heated
3,45 8 8
6,7,8,9 Not permitted 8
10, 11 Not permitted 10

(b) Temperature Limits for Heating Bars

Bar Size, No. Minimum Temperature {°F) Maximum Temperature (°F})
3.4 1200 1250
586 1350 1400
7,89 1400 1450
10, 11 1450 1500

(c) Percent Reduction in Mechanical Properties of Bent and Straightened Bars

Bending % Yield Strength % Uliimate Tensile % Elongation
Condition Bar Size, No. Reduction Strength Reduction Reduction
Cold 3,4 — — 20
Cold 5 5 — 30
Hot All sizes 10 10 20

The engineer will need to specify the proper class of protection in the project specifications. It should be noted
that the support system for reinforcement is usually detailed on the reinforcement placing drawings prepared by
the “rebar” fabricator. The support system, including the proper class of protection, should be reviewed by the
engineer, noting that the bar support size also dictates the cover provided for the reinforcement.

Use of epoxy-coated reinforcing bars will require bar supports made of a dielectrical material, or wire supports
coated with a dielectrical material such as epoxy or vinyl, which is compatible with concrete. See discussion on
3.5.3.7, in Part 2 of this document, concerning special hardware and handling to minimize damage to the epoxy
coating during handling, transporting, and placing epoxy-coated bars.

Commentary R7.5.1 emphasizes the importance of rigidly supporting the beam stirrups, in addition to the main
flexural reinforcement, directly on the formwork. If not supported directly, foot traffic during concrete place-
ment can push the web reinforcement down onto the forms, resulting in loss of cover and potential corrosion
problems. It should be noted that the CRSI Manual of Standard Practice32, often referenced in the design
documents for placing reinforcing bars, does not specifically address this need for direct web reinforcement
support. The placing drawings, usually prepared by the bar fabricator, should show a typical section or detail, so
that this support requirement is clear and not overlooked by the ironworkers.

A word of caution on reinforcement displacement during concrete placing operations. If concrete placement is
by pumping, it is imperative that the pipelines and the pipeline support system be supported above and indepen-
dently of the chaired reinforcement by “chain-chairs” or other means. There must be no contact, direct or
indirect, with the chaired reinforcement; otherwise, the surging action of the pipeline during pumping operations
can, and most assuredly will, completely dislodge the reinforcement. This potential problem is especially acute
in relatively thin slab members, especially those containing tendons, where the vertical placement of the rein-
forcement is most critical. The project specifications should specifically address this potential concrete place-
ment preblem.
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7.5.2 Tolerances in Placing Reinforcement

The code provides tolerances applied simuitanecusly to concrete cover and member effective depth, d. With
dimension “d” being the most structurally important dimension, any deviation in this dimension, especially for
members of lesser depth, can have an adverse effect on the strength provided in the completed construction. The
permitted variation from the effective depth d takes this strength reduction into account, with a smaller permitted
variation for shallower members. The permitted tolerances are also established to reflect common construction
techniques and practices. The critical dimensional tolerances for locating the longitudinal reinforcement are
illustrated in Table 3-5, with two exceptions:

1. Tolerance for clear distance to formed soffits must not exceed minus 1/4 in.

2. Tolerance for cover must not exceed minus one-third the minimum concrete cover required in the design

drawings and specifications. See Example 3.1

Table 3-4 Types and Sizes of Wire Bar Supports3-2

BAR SUPPORT ILLUSTRATION TYPE OF
SYMBOL BAR SUPPORT ILLUSTRATION PLASTIC CAPPED OR DIPPED SUPPORT TYPICAL SIZES
B = Sliab Bolster 3,1, 1%, and 2
= ) 4 - -8 in. helghis in 5 it
e e
N cappED ——E and 10 ft #ngths
sBu Siab Bolster Same as 8B
i Upper
L
BB = Basm Bolster 1, 1%, 2to51n,
_m m haights In increments
D T of % in. In lengths
e D T CAPPED B otif o
- -1hd Beam Bolster | Swmmo zs BB
& Upper
P
ac v vl it %, 1, 1%, and 1% in.
DIPPED Bar Chalr heights
JC Solat Chalr 4, 5, and & in, wicths
and 3, 1 end 14 I
hefgius
DNPPED DIPFED
He nalyvidual 2 w15 In, haights
High Chair in incremants of % .
CAPPED
HCM* High Chalr 2 ta 15 In. heighta
for n incramenta of 1 in.
Metal Dack
CHC Continuous Same sa HC in
Hig Chalr 5 ft and 10 t lsngths
-~ i -, -
N o . ~
8" CAPPED e
CHCU" = Continuous Same na CHE
High Chalr
™ = Upper
T
CHCM* Continucus Up to 5 in. helghts
High Chair i Incrementa of ¥ in
for
Metal Dack
Jeu- e Tt - 133 Y e M 10 o R Jolst Chaie 14 in_ span; heights
éT_' E Upper -1 in. thru +<3% In.
- | " vary n % in.
El \:,_'_‘E!'l“__r_\k\ DIPPED e @ increments
s Continucus 14416 12 I in
Support Incroments of 4 in.
I Isngths of 6°4"
sac Single Bar & in. o 24 In.
Centralizer diameter
(Frictiom)

*Usuatly available in Class 3 only, axcept on special order.
“"Usually available in Class 3 only, with upturned or end-bearing legs.
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Table 3-5 Critical Dimensional Tolerances for Placing Reinforcement

Effective
depth,
d, (&}
Effective Tolerance Tolerance on
Depth d ond Min. Cover Clear cover (-}
d<8in. +3/8in. - 3/8in. > o o
d>8in. +1/2in. -1/2in. ¥

For ends of bars and longitudinal location of bends, the tolerance is £ 2 in., except at discontinuous ends of corbels
and brackets where the tolerance is £ 1/2 in. At the discontinuous ends of other members the tolerance is permitted to
be * 1 in, The tolerance for minimum cover in 7.5.2.1 shall also apply. These tolerances are illustrated in Fig. 3-1.

Note that a plus (+) tolerance increases the dimension and a minus (-) tolerance decreases the dimension. Where
only a minus tolerance is indicated on minimum cover, there is no limit in the other direction. Quality control
during construction should be based on the more restrictive of related tolerances.

In addition to the code prescribed rebar placing tolerances, the engineer should be familiar with ACI Standard 117,
Standard Tolerances for Concrete Construction and Materials.35 ACI 117 includes tolerances for all measured
dimensions, quantitics and concrete properties used in concrete construction. The ACI 117 document is intended
to be used by direct reference in the project specifications; therefore it is written in a specification format.

The designer must specify and clearly identify cover tolerances as the needs of the project dictate, For example,
if concrete is to be exposed to a very aggressive environment, such as deicing chemicals, where the amount of
concrete cover to the reinforcement may be a critical durability consideration, the engineer may want to indicate
closer tolerances on concrete cover than those permitted by the code, or alternatively, specify a larger cover in
recognition of expected variation in the placing of the reinforcement.

754 “Tack” Welding

Note that welding of crossing bars (tack welding) for assembly of reinforcement is prohibited except as specifi-
cally authorized by the engineer. By definition, a tack weld is a small spotweld to facilitate fabrication or field
installation of reinforcement, and is not intended as a structural weld. Tack welding can lead to local embrittlement
of the steel, and should never be done on reinforcement required by design. As noted in 3.5.2, all welding of
reinforcement must conform to controlled welding procedures specified in AWS D1.4, including proper preheat
(if required), and welding with electrodes meeting requirements of final welds.

Cut-off

I/ location = 2in.
End of bar at
discontinuous E)igﬁon =
end, + 1in. ~— i
+2in, |<—Endof bar + 21in,
L Cut-oft
location = 2 in.

jl\

|~

Figure 3-1 Tolerarices for Bar Bend and Cutoff Locations

3-6



e e A e e

S g T

7.6 SPACING LIMITS FOR REINFORCEMENT

Spacing {(clear distance) between bars must be as follows:

Minimum Spacing

For members with parallel bars in a layer, the clear spacing between bars must be at least one bar diameter but
not less than 1 in.; and for reinforcement in two or more layers, bars in the upper layers must be directly above
bars in the bottom layer, with at least 1 in. clear vertically between layers. For spirally reinforced and tied
reinforced compression members, the clear distance between longitudinal bars must be at least 1-1/2 bar diam-
eters, but not less than 1-1/2 in. These spacing requirements also apply to clear distance between contact-lap-
spliced single or bundled bars and adjacent splices or bars. Section 3.3.2, which contains spacing requirements
based on maximum nominal aggregate size, may also be applicable. Clear distances between bars are illustrated
in Table 3-6.

Maximum Spacing

In walls and slabs other than concrete joists, primary flexural reinforcement must not be spaced greater than 3
times the wall or slab thickness nor 18 in.

Table 3-6 Minimum Clear Distances Between Bars, Bundles, or Tendons

Second layer ————__
L@f y > S
S NN Y N &T

1" clear vertical —’I ( —’I I‘— ‘j‘ |<_ 1" clear vertical
Clear horizontal distance

Reinforcement Type Type Member Clear Distance
Deformed bars Flexural members dp21in.
' Compression members, 15d,=15in,
tied or spirally reinforced
Pretensioning tendons Wires 4dp,
Strands* 3dy

*When f'; = 4000 psi, center to center = 1-3/4 in. for 1/2 in. strands
=2 in. for 0.6 in. strands

7.6.6 Bundied Bars

For isolated situations requiring heavy concentration of reinforcement, bundles of standard bar sizes can save
space and reduce congestion for placement and consolidation of concrete. In those situations, bundling of bars
in columns is a means to better locating and orienting the reinforcement for increased column capacity; also,
fewer ties are required if column bars are bundled.

Bundling of bars (parallel reinforcing bars in contact, assumed to act as a unit) is permitted, but only if such
bundles are enclosed by ties or stirrups. Some limitations are placed on the use of bundled bars as follows:
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1. No. 14 and No. 18 bars cannot be bundled in beams.

2. If individual bars in a bundle are cut off within the span of beams, such cutoff points must be staggered at
least 40 bar diameters.

3. A maximum of two bundled bars in any one plane is implied (three or four adjacent bars in one plane are not
considered as bundled bars).

4. For spacing and concrete cover based on bar diameter, dy, a unit of bundled bars must be treated as a single
bar with diameter derived from the total area of all bars in the bundle. Equivalent diameters of bundled bars
are given in Table 3-7.

5. A maximum of four bars may be bundled (See Fig. 3-2).
6. Bundled bars must be enclosed within stirrups or ties.

Table 3-7 Equivalent Diameters of Bundled Bars, in.

Bar Size, No. Bar Diameter 2-Bar Bundle 3-Bar Bunde 4-Bar Bundle
6 0750 1086 1.30 150
7 0875 124 1.51 175
8 1.000 142 174 201
9 1.128 160 185 226
10 1270 1.80 220 254
11 1410 199 244 282
14 1.693 239 293 339

oo S B

Figure 3-2 Possible Reinforcing Bar Bundling Schemes

7.6.7 Prestressing Steel and Ducts

Prior to the "99 code, distances between prestressed steel were specified in terms of minimum clear distances.
The *99 and subsequent codes specifies distances between prestressed steel in terms of minimum center-to-
center spacing and requires 4d, for strands and 5d,, for wire. When the compressive strength of the concrete at
the time of prestress transfer, £ is 4000 psi or greater, the minimum center-to-center spacing can be reduced to
1-3/4 in. for strands 1/2-in. nominal diameter or smaller and 2 in, for strands 0.6-in. nominal diameter. These
changes were made as a result of research sponsored by the Federal Highway Administration. Center-to-center
spacing is now specified because that is the way it was measured in the research. In addition, converting to clear
spacing is awkward and unnecessary, and templates used by precast manufacturers have always been fabricated
based on center-to-center dimensions. Closer vertical spacing and bundling of prestressed steel is permitted in
the middle portion of the span if special care in design and fabrication is employed. Post-tensioning ducts may
be bundled if concrete can be satisfactorily placed and provision is made to prevent the tendons from breaking
through the duct when tensioned.
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7.7 CONCRETE PROTECTION FOR REINFORCEMENT

Concrete cover or protection requirements are specified for members cast against earth, in contact with earth or
weather, and for interior members not exposed to weather. Starting with the *02 code, the location of the cover
requirements for cast-in-place concrete (prestressed) was reorganized. Cast-in-place concrete (prestressed) im-
mediately follows cast-in-place (nonprestressed). They are then followed by the cover requirements for precast
concrete manufactured under plant control conditions. In some cases slightly reduced cover or protection is
permitted under the conditions for cast-in-place (prestressed) and precast concrete manufactured under plant
control contro] conditions than permitted for cast-in-place concrete (non-prestressed). The term “manufactured
under plant controlled conditions” does not necessarily mean that precast members must be manufactured in a
plant. Structural elements precast at the job site (e.g., tilt-up concrete walls) will also qualify for the lesser cover
if the control of form dimensions, placing of reinforcement, quality of concrete, and curing procedure are equivalent
to those normally expected in a plant operation. Larger diameter bars, bundled bars, and prestressed tendons
require greater cover. Corrosive environments or fire protection may also warrant increased cover, Section
18.3.3, which was introduced in the *02 code, requires that prestressed flexural members be classified as Class U
uncracked), Class C (cracked), or Class T (transition between uncracked and cracked). Section 7.7.5.1, also
new to the *02 code, requires the cover of 7.7.2 be increased 50% for prestressed members classified as Class C
or T where the members are exposed to corrosive environments or other severe exposure conditions. The
requirement to increase the cover by 50% may be waived if the precompressed zone is not in tensicn under
sustained load. The designer should take special note of the commentary recommendaticns (R7.7.5) for in-
creased cover where concrete will be exposed to external sources of chlorides in service, such as deicing salts
and seawater. As noted in R7.7, alternative methods of protecting the reinforcement from weather may be used
if they provide protection equivalent to the additional concrete cover required in 7.7.1(b), 7.7.2(b), and 7.7.3(a),
as compared to 7.7.1(c), 7.7.2(c), and 7.7.3(b), respectively.

7.8 SPECIAL REINFORCEMENT DETAILS FOR COLUMNS

Section 7.8 covers the special detailing requirements for offset bent longitudinal bars and steel cores of compos-
ite columns.

Where column offsets of less than 3 in. are necessary, longitudinal bars may be bent, subject to the following
limitations:

1. Slope of the inclined portion of an offset bar with respect to the axis of column must not exceed 1 in 6 (see
Fig. 3-3).

2. Portions of bar above and below an offset must be parallel to axis of column.

3. Horizontal support at offset bends must be provided by lateral ties, spirals, or parts of the floor construction.
Ties or spirals, if used, shall be placed not more than 6 in. from points of bend (see Fig. 3-3). Horizontal
support provided must be designed to resist 1-1/2 times the horizontal component of the computed force in
the inclined portion of an offset bar.

4. Offset bars must be bent before placement in the forms.

When a column face is offset 3 in. or more, longitudinal column bars parallel to and near that face must not be
offset bent. Separate dowels, lap spliced with the longitudinal bars adjacent to the offset column faces, must be
provided (see Fig. 3-3). In some cases, a column might be offset 3 in. or more on some faces, and less than 3 in.
on the remaining faces, which could possibly result in some offset bent longitudinal column bars and some
separate dowels being used in the same colummn.

Steel cores in composite columns may be detailed to allow transfer of up to 50 percent of the compressive load
in the core by direct bearing. The remainder of the load must be transferred by welds, dowels, splice plates, etc.
This should ensure a minimum tensile capacity similar to that of a more common reinforced concrete column.
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7.9 CONNECTIONS

Enclosures must be provided for splices of continuing reinforcement, and for end anchorage of reinforcement
terminating at beam and column connections. This confinement may be provided by the surrounding concrete
or internal closed ties, spirals, or stirrups.

7.10 LATERAL REINFORCEMENT FOR COMPRESSION MEMBERS
7.104 Spirals

Minimum diameter of spiral reinforcement in cast-in-place construction is 3/8 in. and the clear spacing must be
between the limits of 1 in. and 3 in. This requirement does not preclude the use of a smaller minimum diameter

Cifset
less than 3"

Offset Bars Separate Dowels
Figure 3-3 Special Column Delails

for precast units. Beginning with the 99 code, full mechanical splices complying with 12.14.3 are allowed.
Previously, only lap splices and full welded splices were permitted. Editions of the code prior to the *99 required
lap splices to be 48 bar or wire diameters, regardless of whether the bar or wire was plain or deformed, or
uncoated or epoxy-coated. The *99 code was revised to require that lap splices of plain uncoated and epoxy-
coated deformed bar or wire be 72 bar or wire diameters. The required lap splice length for plain uncoated and
epoxy-coated deformed bar or wire is permitted to be reduced to 48 bar or wire diameters provided the ends of
the lapped bars or wires terminate in a standard 90 degree hook as required for stirrups and ties (7.1.3). The lap
splice length for deformed uncoated bar or wire remains unchanged at 48 bar or wire diameters, as does the
requirement that the minimum lap splice length be not less than 12 in. Anchorage of spiral reinforcement must

be provided by 1-1/2 extra turns at each end of a spiral unit.

Spiral reinforcement must extend from the top of footing or slab in any story to the level of the lowest horizontal
reinforcement in slabs, drop panels, or beams above. If beamns or brackets do not frame into all sides of the column,
ties must extend above the top of the spiral to the bottom of the slab or drop panel (see Fig. 3-4). In columns with
capitals, spirals must extend to a level where the diameter or width of capital is twice that of the column.

Spirals must be held firmly in place, at proper pitch and alignment, to prevent displacement during concrete
placement. Prior to ACI 318-89, the code specifically required spacers for installation of column spirals, Sec-
tion 7.10.4.9 now simply states that “spirals shall be held firmly in place and true to line.” This performance
provision permits alternative methods, such as tying, to hold the fabricated cage in place during construction,
which is current practice in most areas where spirals are used. The original spacer requirements were moved to
the commentary to provide guidance where spacers are used for spiral installation. Note that the project speci-
fications should cover the spacer requirements (if used) or the tying of the spiral reinforcement.
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7.10.5 Ties

In tied reinforced concrete columms, ties must be located at no more than half a tie spacing above the floor slab or
footing and at no more than half a tie spacing below the lowest horizontal reinforcement in the slab or drop panel
above. If beams or brackets frame from four directions into a column, ties may be terminated not more than 3 in.
below the lowest horizontal reinforcement in the shallowest of such bearns or brackets (see Fig. 3-5). Minimum size
of lateral ties in tied reinforced columns is related to the size of the longitudinal bars. Minimum tie sizes are No. 3 for
non-prestressed longitudinal bars No. 10 and smaller, and No. 4 for No. 11 longitudinal bars and larger and for
bundled bars. The following restrictions also apply: spacing must not exceed 16 longitudinal bar diameters, 48 tie bar
diamneters, or the least dimension of the column; every comer bar and alternate bar must have lateral support provided
by the comer of a tie or crosstie with an included angle of not more than 135 degree. No unsupported bar shall be
farther than 6 in. from a supported bar (see Fig, 3-6). Note that the 6-~in. clear distance is measured along the te.

Bottom of spiral
for column above

Beam reint,

Top of spiral

for column belcw Hotizontal

ties

Beams on all column taces Beams on some column faces

Figure 3-4 Termination of Spirals

T _ A
Slab bottom
8 reinforcement
! 42
st g
Beam rein,
a
A, _j__/\,_J__
Beams on all column faces Beams on some column faces

Figure 3-5 Termination of Column Ties

Welded wire reinforcement and continuously wound bars or deformed wire reinforcement of equivalent area
may be used for ties. Where main reinforcement is arranged in a circular pattern, it is permissible to use com-
plete circular ties at the specified spacing. This provision allows the use of circular ties at a spacing greater than
that specified for spirals in spirally reinforced columns. Anchorage at the end of a continuously wound bar or
wire reinforcement should be by a standard hook or by one additional turn of the tie pattern.

Where anchor bolts are provided in the tops of columns or pedestals to attach other structural members, the code
requires that these bolts be confined by lateral reinforcement that is also surrounding at least four of the vertical bars
in the column or pedestal for continuity of the load transfer at the connection, The lateral ties are required to be a
minimum of two No. 4 or three No. 3 bars and must be distributed within the top 5 in. of the column or pedestal.
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6 in. max
/\ 135° .

Lateral support tc column bar
provided by enclosure tie having
a maximum bend of 135°.

[ ) Equal to or less than 6 in.

6 in. max

Figure 3-6 Lateral Support of Cofumn Bars by Ties

7.1 LATERAL REINFORCEMENT FOR FLEXURAL MEMBERS

Where compression reinforcement is used to increase the flexural strength of a member (10.3.5.1), or to control
long-term deflection [Eq. (9-11)], 7.11.1 requires that such reinforcement be enclosed by ties or stirrups. The
purpose of the ties or stirrups is to prevent buckling of the compression reinforcement. Requirements for size
and spacing of the ties or stirrups are the same as for ties in tied columns. Welded wire reinforcement of equiva-
lent area may be used. The ties or stirrups must extend throughout the distance where the compression rein-
forcement is required for flexural strength or deflection control. Section 7.11.1 is interpreted not to apply to
reinforcement located in a compression zone to help assemble the reinforcing cage or hold the web reinforce-
ment in place during concrete placement.

Enclosing reinforcement required by 7.11.1 is illustrated by the U-shaped stirrup in Fig. 3-7, for a continuous
beamn, in the negative moment region; the continuous bottom portion of the stirrup satisfies the enclosure intent
of 7.11.1 for the two bottom bars shown. A completely closed stirrup is ordinarily not necessary, except in cases
of high moment reversal, where reversal conditions require that both top and bottom longitudinal reinforcement
be designed as compression reinforcement.

[ |

S

Compression
| Nae———n reinforcement

Figure 3-7 Enclosed Compression Reinforcement in Negatve Moment Region
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Torsion reinforcement, where required, must consist of completely closed stirrups, closed ties, spirals, or closed
cages of welded wire reinforcement as required by 11.6.4.

7.11.3 Closed Ties or Stirrups

According to 7.11.3, a closed tie or stirrup is formed either in one piece with overlapping 90-degree or
135-degree end hooks around a longitudinal bar, or in one or two pieces with a Class B lap splice, as illustrated
in Fig. 3-8. The one-piece closed stirrup with overlapping end hooks is not practical for placement. Neither of
the closed stirmaps shown in Fig. 3-8 is considered effective for members subject to high torsion. Tests have
shown that, with high torsion, loss of concrete cover and subsequent loss of anchorage result if the 90-degree
hook and lap splice details are used where confinement by external concrete is limited. See Fig. 3-9. The ACI
Detailing Manual®! recommends the details illustrated in Fig. 3-10 for closed stirrups used as torsional
reinforcement.

Alternate
135° hook

Overlapping
standard
hook

Class B
splice

Figure 3-8 Code Definition of Closed Tie or Stirrup

No confinement

Figure 3-9 Closed Stirrup Details Not Recommended for Members Subject to High Torsion
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Confinement

Confinement one side
No confirement

(spandre! bearn with Confinement both sides h
slab) (interior beams) {isclated beam)

Longitudinal bars required each ccmer

Cla_ss B
Confinement splice

.______ &

Alternate for deep
interior beams

Figure 3-10 Two-Piece Closed Stirrup Details 3.1
Recommended for Members Subject to High Torsion

712 SHRINKAGE AND TEMPERATURE REINFORCEMENT

Minimum shrinkage and temperature reinforcement normal to primary flexural reinforcement is required for
structural floor and roof slabs (not slabs on ground) where the flexural reinforcement extends in one
direction only. Minimum steel ratios, based on the gross concrete area, are:

1. 0.0020 for Grades 40 and 50 deformed bars;
2. 0.0018 for Grade 60 deformed bars or welded wire reinforcement;

3. 0.0018 X 60,000/, for reinforcement with a yield strength greater than 60,000 psi;
but not less than 0.0014.

Spacing of shrinkage and temperature reinforcement must not exceed 5 times the slab thickness nor 18 in.
Splices and end anchorages of such reinforcement must be designed for the full specified yield strength. The
minimum steel ratios cited above do not apply where prestressed steel is used.

Bonded or unbonded prestressing tendons may be used for shrinkage and temperature reinforcement in struc-
tural slabs (7.12.3). The tendons must provide a minimum average compressive stress of 100 psi on the gross
concrete area, based on effective prestress after losses. Spacing of tendons must not exceed 6 ft. Where the
spacing is greater than 54 in., additional bonded reinforcement must be provided at slab edges.

7.13 REQUIREMENTS FOR STRUCTURAL INTEGRITY

Structures capable of safely supporting all conventional design loads may suffer local damage from severe local
abnormal loads, such as explosions due to gas or industrial liquids; vehicle impact; impact of falling objects; and
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local effects of very high winds such as tornadoes. Generally, such abnormal loads or events are not design
considerations. The overall integrity of a reinforced concrete structure to withstand such abnormal loads can be
substantiaily enhanced by providing relatively minor chan ges in the detailing of the reinforcement. The intent of
7.13 is to improve the redundancy and ductility of structures. This is achieved by providing, as a minimum,
some continuity reinforcement or tie between horizontal framing members. In the event of damage to a major
supporting element or an abnormal loading event, the integrity reinforcement is intended to confine any result-
ing damage to a relatively small area, thus improving overall stability.

It is not the intent of 7.13 that a structure be designed to resist general collapse caused by gross misuse or to resist
severe abnormal loads acting directly on a large portion of the structure. General collapse of a structure as the result
of abnormal events such as wartime or terrorist bombing, and landslides, are beyond the scope of any practical design.

7.13.1 General Structural Integrity

Since accidents and misuse are normally unforseeable events, they cannot be defined precisely; likewise, pro-
viding general structural integrity to a structure is a requirement that cannot be stated in simple terms. The
performance provision...“members of a structure shall be effectively tied together to improve integrity of the
overall structure,” will require a level of judgment on the part of the design engineer, and will generate differing
opinions among engineers as to how to effectively provide a general structural integrity solution for a particular
framing system. It is obvious that all conditions that might be encountered in design cannot be specified in the
code. The code, however, does set forth specific examples of certain reinforcing details for cast-in-place joists,
beams, and two-way slab construction.

With damage to a support, top reinforcement which is continuous over the support, but not confined by stirrups,
will tend to tear out of the concrete and will not provide the catenary action needed to bridge the damaged
support. By making a portion of the bottom reinforcement in beams continuous over supports, some catenary
action can be provided. By providing some continuous top and bottom reinforcement in edge or perimeter
beams, an entire structure can be tied together; also, the continuous tie provided to perimeter beams of a struc-
ture will toughen the exterior portion of a structure, should an exterior column be severely damaged. Other
examples of ways to detail for required integrity of a framing system to carry loads around a severely damaged
member can be cited. The design engineer will need to evaluvate his particular design for specific ways of
handling the problem. The concept of providing general structural integrity is discussed in the Commentary of
ASCE 7, Minimum Design Loads for Buildings and Other Structures.3 The reader is referred to that document
for further discussion of design concepts and details for providing general structural integrity.

7.13.2 Cast-in-Place Joists and Beams

Since 1989, the code requires continuous reinforcement in beams around the perimeter of the structure for structural
integrity. The required amount is a minimum of one-sixth the tension reinforcement for negative moment at the
support and one-fourth of the tension reinforcement for positive moment at the midspan. In either case the code
requires a minimum of two bars and, mechanical and welded splices are explicitly permitted for splicing of continu-
ous reinforcement in cast-in-place joists and beams. Figures 3-11 through 3-13 illustrate the required reinforcing
details for the general case of cast-in-place Jjoists and beamns.

. 4 Transverse Beams
PEREIIY 4 support Joists
7

Ty —
Wl AY

)

- DR
e

Single Bar with +hs Single Bar Continuous, *As
Standard Hook or Class A Splice, or Mechanical
anchored to develop f, or Welded Splice

Figure 3-11 Continuity Reinforcement for Joist Construction
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Notes: (1) Larger of (1/4) (+Aes) or (1/4} (+Asz) but not less than two bars continuous
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Figure 3-12 Continuity Reinforcement for Perimeter Beams

- —_A
]
r 2
| 7 N 7
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Stand;rd hock
or anchored to
develop f,
End Span Interior Span

Note: (1) Larger of (1/4){+As1) or (1/4){+As2) but not less than two bars continuous or spliced with Class A
splices or mechanical or welded splices

Figure 3-13 Continuity Reinforcement for Other Beams without Closed Stirnips

7.13.3 Precast Concrete Construction

While the requirements for structural integrity introduced in ACI 318-89 were prescriptive for cast-in-place
construction, the 89 code provided only performance requirements for precast construction. This approach was
made necessary because precast structures can be built in a lot of different ways. The code requires tension ties
for precast concrete buildings of all heights. Connections that rely solely on friction due to gravity forces are not

permitted.

The general requirement for structural integrity (7.13.1) states that ... members of a structure shall be effectively
tied together...”. The *89 commentary cautioned that for precast concrete construction, connection details should
be arranged so as to minimize the potential for cracking due to restrained creep, shrinkage, and temperature
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movements. Ref. 3.7 contains information on industry practice for connections and detailing requirements.
Prescriptive requirements recommended by the PCI for precast concrete bearing wall buildings are given in
Ref. 3.8. Prescriptive structural integrity requirements for precast concrete structures were introduced for the
first time in Chapter 16 of ACI 318-95 (see discussion in Part 23 of this publication).

7.13.4 Lift-Slab Construction

Section 7.13.4 refers the code user to 13.3.8.6 and 18.12.6 for lift-slab construction.
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Example 3.1—Placing Tolerance for Rebars

For the wall section shown below, with specified clear concrete cover indicated, determine the minimum
cover permitted in construction, including the code tolerances on concrete cover.

/l/

Exterior . . Interior
Face 11/ 3 Face
of Wall of Wall

/l/

Code
Calculations and Discussion Reference
Tolerance on concrete cover is minus 1/2 in., but in no case may the tolerance be more than 1/3 7521

the specified concrete cover,

1. For the exterior face, a measured 1 in, cover (1-1/2 - 1/2) is permitted. Actual bar placement
may be within 1 in. of the side forms,

2. For the interior face, a measured 1/2 in, cover (3/4 - 1/4) is permitted. For the 3/4 in. specified
cover, the tolerance limit is (1/3) (3/4) = 1/4 in. < 1/2 in.

As noted in the ACI 117 Standard>-3, tolerances are a means to establish permissible variation in
dimension and location, giving both the designer and the contractor parameters within which the
work is to be performed. They are the means by which the designer conveys to the contractor the

performance expectations.
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Development and Splices
of Reinforcement

GENERAL CONSIDERATIONS

The development length concept for anchorage of deformed bars and deformed wire in tension, is based on the
attainable average bond stress over the length of embedment of the reinforcement. This concept requires the
specified minimum lengths or extensions of reinforcement beyond all locations of peak stress in the reinforce-
ment. Such peak stresses generally occur in flexural members at the locations of maximum stress and where
adjacent reinforcement terminates or is bent.

The strength reduction factor ¢ is not used in Chapter 12 of the code since the specified development lengths
already include an allowance for understrength.

121 DEVELOPMENT OF REINFORCEMENT—GENERAL

Development length or anchorage of reinforcement is required on both sides of a location of peak stress at each
section of a reinforced concrete member. In continuous members, for example, reinforcement typically contin-
ues for a considerable distance on one side of a critical stress location so that detailed calculations are usually
required only for the side where the reinforcement is terminated.

Until further research is completed and to ensure ductility and safety of structures built with high strength
concrete, starting with the 1989 code, the term JE has been limited to 100 psi. Existing design equations for
development of straight bars in tension and compression, and standard hooks in tension, are all a function of
JE . These equations were developed from results of tests on reinforcing steel embedded in concrete with
compressive strengths of 3000 to 6000 psi. ACI Committee 318 was prudent in limiting \/ﬂ at 100 psi pending
completion of tests to verify applicability of current design equations to bars in high strength concrete.

12.2 DEVELOPMENT OF DEFORMED BARS AND DEFORMED WIRE IN
TENSION
The provisions of 12.2 are based on the work of Orangun, Jirsa, and Breen?-!, and Sozen and Moehle. 42 Devel-

opment length of straight deformed bars and wires in tension, expressed in terms of bar or wire diameter, is given
in 12.2.3 by the general equation:

3 _fY_ VW eWh d

by = [—
7140 i (o + K )| 0 Eq. (12-1)
dy
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development length, in.
nominal diameter of bar or wire, in.
specified yield strength of nonprestressed bar or wire, psi

specified compressive strength of concrete, psi

= reinforcement location factor

1.3 for horizontal reinforcement placed such that more than 12 in. of fresh concrete is cast below the
development length or splice
1.0 for other reinforcement

coating factor
1.5 for epoxy-coated bars or wires with cover less than 3dy, or clear spacing less than 6dy,

1.2 for all other epoxy-coated bars or wires
1.0 for uncoated reinforcement

The product of Y and Y need not be taken greater than 1.7.

Yy =

Cb

Ky

It

reinforcement size factor
0.8 for No. 6 and smaller bars and deformed wires
1.0 for No. 7 and larger bars

lightweight aggregate concrete factor
1.3 when lightweight aggregate concrete is used, or

6.74/f% /o, but not less than 1.0, when fer is specified

1.0 for normal weight concrete

spacing or cover dimension, in.

the smaller of (1) distance from center of bar or wire being developed to the nearest concrete surface,
and (2) one-half the center-to-center spacing of bars or wires being developed

transverse reinforcement index

1500sn

total cross-sectional area of all transverse reinforcement which is within the spacing s and which crosses
the potential plane of splitting through the reinforcement being developed, in.2

specified yield strength of transverse reinforcement, psi
maximum spacing of transverse reinforcement within £4, cener-to-center, in.

number of bars or wires being developed along the plane of splitting
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Note that the term (%&J cannot be taken greater than 2.5 (12.2.3) to safeguard against pullout type
b . -

failures. In the 1989 and earlier editions of the code, the expression 0.03dbfy/\/§ was specified to prevent
pullout type failures.

As a design simplification, it is conservative to assume K. = 0, even if transverse reinforcement is present. Ifa
clear cover of 2dp and a clear spacing between bars being developed of 4dy, is provided, variable “c” would equal

2.5dy. For the preceding conditions, even if K = 0, the term [C—b——di"l} would equal 2.5.
b

The term [CL}&J in the denominator of Eq. (12-1) accounts for the effects of small cover, close bar spac-
b
ing, and confinement provided by transverse reinforcement. To further simplify computation of £4., preselected

K
values for term [-‘%‘LJ were chosen starting with the 1995 code. As a result, Equation (12-1) can take the
b

simplified forms specified in 12.2.2, and shown below in Table 4-1. For discussion purposes only, the four equa-
tions are identified in this table as Equations A through D. Note that these identifiers do not appear in the code.

S * Ky cp + Ky
b b
include a reinforcement size factor W, = 0.8. The 20 percent reduction is based on comparisons with past

provisicns and numerous test results.

J = 1.5, while in Egs. C and D, ( J = 1.0. Equations A and C

In Egs. A and B, the term (

Equations A and B can only be applied if one of the following two different sets of conditions is satisfied:

Table 4-1 Development Lengths £, Specified in 12.22

No. 6 and smaller No. 7 and larger bars
bars and deformed
wires
Clear spacing of bars or wires being developed or spliced {Eq. A) (Eq. B)
not less than d, clear cover not less than dy, and stirrups or
ties throughout ¢4 not less than the code minimum A A
or &2\;&5 dp fy;l;t‘llf? ay
Clear spacing of bars or wires being developed or spliced ¢ ¢
notless than 2d, and clear cover nof lgss than d,
(Eq. C) (Eq. D}
Other cases M_ dy, M dy,
50f 40,41




Set #1

The following three conditions must simultanecusly be satisfied:

1. The clear spacing of reinforcement being developed or spliced should not be less than the diameter of

reinforcement being developed, d,
2. The clear cover for reinforcement being developed should not be less than dy, and
3. Minimum amount of stirrups or ties throughout 44 should not be less than the minimum values specified in

11.5.5.3 for beams or 7.10.5 for columns.

Set #2
The following two conditions must simultancously be satisfied:

1. The clear spacing of reinforcement being developed or spliced should not be less than 2dp, and
2. The clear cover should not be less than dy,.

If all the conditions of Set #1 or of Set #2 cannot be satisfied, then Eqs. C or D must be used. Note that Eq. D is

Cb+KtI'

identical to Eq. (12-1) with ( } = 1.0 and reinforcement size factor y = 1.0.

b

Although Egs. A through D are easier to use than Eq. (12-1), the term [ELSD—K“-J can only assume the value of
1.0 (Eqs. C and D) or 1.5 (Egs. A and B). On the other hand, Eq. (12-1) may require a little extra effort, but the
value of expression (Eb—;ﬁJ can be as high as 2.5. Therefore, the development lengths £q computed by
Eg. (12-1) could be substantially shorter than development lengths computed from the simplified equations of 12.2.2.

The development lengths of Table 4-1 can be further simplified for specific conditions. For example, for Grade 60
reinforcement (fy = 60,000 psi} and different concrete compressive strengths, assuming normal weight concrete

(A = 1.0) and uncoated (W, = 1.0) bottom bars or wires (y, = 1.0}, values of £4 as a function of dy, can be
determined as shown in Table 4-2.
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Table 4-2 Development Length / g for Grade 60, Uncoated, Bottom Reinforcement in Normal Weight

Concrete
No. 6 and No. 7 and
fs psi smaller bars and | larger bars
deformed wires

Clear spacingof bars being developed or spiiced not less 3000 44dy, 55dy
than dp, dlear cover not less than dy,, and beam stirups or 4000 38dy 47dy
column ties throughout ¢4 not less than the code minimum 5000 34dy 42dy,
or 6000 31dy 39d,
Clear spacing of bars being developed or spliced not less 8000 27dg 34dy
than 2dp and clear covernot less than d, 10,000 24dy 30dp
3000 664y, 82dy,
4000 57dy 71dy
Other cases 5000 51dy, 64dp
6000 484y, 58dy
8000 40d, 50dy
10,000 36d; 45dy,

As in previous editions of the code, development length of straight deformed bars or wires, including all modi-
fication factors must not be less than 12 in.

12.2.5 Excess Reinforcement

Reduction in £9 may be permitted by the ratio [(A, required)/(A; provided)] when excess reinforcement is pro-
vided in a flexural mernber. Note that this reduction does not apply when the fuil fy development is required, as
for tension lap splices in 7.13, 12.15.1, and 13.3.8.5, development of positive moment reinforcement at supports
in 12.11.2, and for development of shrinkage and temperature reinforcement according to 7.12.2.3. Note also
that this reduction in development length is not permitted for reinforcement in structures located in regions of
high seismic risk or for structures assigned to high seismic performance or design categories (see 21.2.1.4).

Reduced ¢4 computed after applying the excess reinforcement according to 12.2.5 must not be less than 12 in.

12.3 DEVELOPMENT OF DEFORMED BARS AND DEFORMED WIRE IN
COMPRESSION

Shorter development lengths are required for bars in compression than in tension since the weakening effect of
flexural tension cracks in the concrete is not present. The development length for deformed bars or deformed

wire in compressionis £ 4. = 0.02d,f, /£, but not less than 0.0003df, or 8 in. Note that £4c may be reduced
de bly ¢ ¥

where excess reinforcement is provided {12.3.3(a)) and where “confining” ties or spirals are provided around the
reinforcement (12.3.3(b)). Note that the tie and spiral requirements to permit the 25 percent reduction in devel-
opment length are somewhat more restrictive than those required for “regular” column ties in 7.10.5 and less
restrictive than those required for spirals in 7.10.4. For reference, compression development lengths for Grade
60 bars are given in Table 4-3.
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Table 4-3 Compression Development Length ¢ 4. (inches) for Grade 60 Bars

Bar Size £ (Normal Weight Concrete), psi

No. 3000 4000 > 4444 *
3 8.2 7.1 6.8
4 11.0 9.5 9.0
5 13.7 11.9 11.3
£ 16.4 14.2 13.5
7 19.2 16.6 15.8
8 21.9 19.0 18.0
9 24.7 21.4 20.3

10 27.8 241 22.9

11 30.9 26.8 25.4

14 37.1 32.1 30.5

18 49.4 42.8 40.6

* For f- = 4444 psi, minimum basic development fength 0.0003dpf, governs; for

Grrade 60 bars, £y = 18d.
** Development length £, (including applicatile modification factors) must not be less than 8 in.

12.4 DEVELOPMENT OF BUNDLED BARS

Increased development length for individual bars within a bundle, whether in tension or compression, is re-
quired when 3 or 4 bars are bundled together. The additional length is needed because the grouping makes it
more difficult to mobilize resistance to slippage from the “core” between the bars. The modification factoris 1.2
for a 3-bar bundle, and 1.33 for a 4-bar bundle. Other pertinent requirements include 7.6.6.4 concerning cut-off
points of individual bars within a bundle, and 12.14.2.2 relating to lap splices of bundled bars.

Where the factors of 12.2 are based on bar diameter dp, a unit of bundled bars must be treated as a single bar of
a diameter derived from the total equivalent area. See Table 3-7 in Part 3 of this document.

12.5 DEVELOPMENT OF STANDARD HOOKS IN TENSION

The current provisions for hooked bar development were first introduced in the 1983 code. They represented a
major departure from the hooked-bar anchorage provisions of earlier codes in that they uncoupled hooked-bar
anchorages from straight bar development and gave total hooked-bar embedment length directly. The current
provisions not only simplify calculations for hook anchorage lengths but also result in a required embedment
length considerably less, especially for the larger bar sizes, than that required by earlier codes. Provisions are
given in 12.5 for determining the development length of deformed bars with standard end hooks. End hooks can
only be considered effective in developing bars in tension, and not in compression (see 12.1.1 and 12.5.5). Only
“standard” end hooks (see 7.1) are considered; anchorage capacity of end hooks with larger end diameters
cannot be determined by the provisions of 12.5.

In applying the hook development provisions, the first step is to calculate the development length of the hooked
bar, 4, from 12.5.2. This length is then multiplied by the applicable modification factor or factors of 12.5.3.
Development length /4, is measured from the critical section to the outside end of the standard hook, i.e., the
straight embedment length between the critical section and the stast of the hook, plus the radius of bend of the
hook, plus one-bar diameter. For reference, Fig. 4-1 shows ¢4, and the standard hook details (see 7.1) for all
standard bar sizes. For 180 degree hooks normal to exposed surfaces, the embedment length should provide for
a minimum distance of 2 in. beyond the tail of the hook.
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Figure 4-1 Development Length ¢4, of Standard Hooks

12.5.2 Development Length {4},

The development length, 44y, for standard hooks in tension is given in 12.5.2 as:

_ {0.02yAf,

£y = | — &Y
d¢h \/szdb

where We = 1.2 for epoxy-coated reinforcement#3 and A = 1.3 for lightweight aggregate concrete. For other
cases, W, and A are equal to 1.0.

Table 4-4 lists the development length of hooked bars embedded in normal weight concrete with different speci-
fied compressive strengths and uncoated Grade 60 reinforcing bars.

Table 4-4 Development Length ¢ 4, (inches) of Standard Hooks for Uncoated Grade 60 Bars*

Bar Size £ (Nomal Weight Concrete), psi
No. 3000 4000 5000 6000 8000 10,000
3 82 741 64 58 50 45
4 11.0 95 85 7.7 6.7 6.0
5 13.7 11.9 10.6 87 84 7.5
6 16.4 14.2 12.7 11.6 10.1 9.0
7 19.2 16.6 14.8 13.6 11.7 10.5
8 21.9 19.0 17.0 15.5 134 12.0
9 24.7 214 181 175 151 135
10 27.8 241 21.6 19.7 17.0 15.2
11 30.9 26.8 23.9 218 18.8 16.9
14 371 321 287 26.2 22.7 20.3
18 49.5 42.8 38.3 35.0 30.3 27.1

* Development length £gy (including modification factors) must not be less than the larger of 8dp, or 6 in.

1253 Modification Factors
The £4, modification factors listed in 12.5.3 account for:

+ Favorable confinement conditions provided by increased cover (12.5.3(a))
* Favorable confinement provided by transverse ties or stirrups to resist splitting of the concrete (12.5.3(b)
and {c))
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» More reinforcement provided than required by analysis (12.5.3(d))
The side cover (normal to plane of hook), and the cover on bar extension beyond 90 degree heok referred to in

12.5.3(a) are illustrated in Fig. 4-2.

Note that requirements for 90-degree and 180-degree hooks are clarified in 12.5.3 of the 2002 code. Figures
R12.5.3 (a) and R12.5.3 (b) illustrate the cases where the modification factor of 12.5.3 (b) may be used.

After multiplying the development length Zgn by the applicable modification factor or factors, the resulting
development length 74, must not be less than the larger of 8dy, or 6 in.

Cover on bar extension
beyond 8G° hook
Side cover

_,| —
L— (normal to plane

7\ of hook)

Figure 4-2 Concrete Covers Referenced in 12.5.3(a)

12.5.4 Standard Hook at Discontinuous Ends

Section 12.5.4 is a special provision for hooked bars terminating at discontinuous ends of members, such as at
the ends of simply-supported beams, at free ends of cantilevers, and at ends of members framing into a joint
where the member does not extend beyond the joint. If the full strength of a hooked bar must be developed, and
both side cover and top (or bottom) cover over the hook are less than 2.5 in., 12.5.4 requires the hook to be
enclosed within ties or stirrup for the full development length, ¢4,. Spacing of the ties or stirrup must not
exceed 3dy, where dy, is the diameter of the hooked bar. In addition, the modification factor of 0.8 for confine-
ment provided by ties or stirrups (12.5.3(b) and (c}) does not apply to the special condition covered by 12.5.4. At
discontinuous ends of slabs with concrete confinement provided by the slab continuous on both sides normal to
the plane of the hook, the provisions of 12.5.4 do not apply.

12.6 MECHANICAL ANCHORAGE

Section 12.6 permits the use of mechanical devices for development of reinforcement, provided their adequacy
without damaging the concrete has been confirmed by tests. Section 12.6.3 reflects the concept that develop-
ment of reinforcement may consist of a combination of mechanical anchorage plus additional embedment length
of the reinforcement. For example, when a mechanical device cannot develop the design strength of a bar,
additional embedment length must be provided between the mechanical device and the critical section.

12.7 DEVELOPMENT OF WELDED DEFORMED WIRE REINFORCEMENT IN TENSION

For welded deformed wire reinforcement, development length is measured from the critical section to the end of
the wire. As specified in 12.7.1, development of welded deformed wire is computed as the product of £ from
12.2.2 or 12.2.3 times a wire reinforcementfactor from 12.7.2 or 12.7.3. Where provided reinforcement is more
than required, development length can be reduced by 12.2.5. In applying 12.2.2 or 12.2.3 to epoxy-coated

deformed wire reinforcement, a coating factor We = 1.0 can be used. The resulting development length £4
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cannot be less than 8 in., except in computation of lap splice lengths (see 12.18) and development of web
reinforcement (see 12.13). Figure 4-3 shows the development length requirements for welded deformed wire
reinforcement. '

To apply the wire reinforcement factor of 12.7.2 to the development length of deformed wire reinforcement
requires at least one cross wire located within the development length at a distance no less than 2 in. from the
critical section. The wire reinforcement factor given in 12.7.2 is the greater of (fy - 35,000)/fy or 5dy/s, but need
not be taken greater than 1.0. s is the spacing between the wires to be developed.

If there is no cross wire within the development length, or the cross wire is less than 2 in. from the critical
section, the development length of welded deformed wire reinforcement must be computed from 12.2.2 or
12.2.3. For this condition, the wire reinforcement factor must be taken equal 1o 1.0 (see 12.7.3).

According to ASTM A497, welded deformed steel wire reinforcement may consist solely of deformed steel wire
(ASTM A496), or welded deformed steel wire reinforcement (ASTM A496) in one direction in combination
with plain steel wire (ASTM A82) in the orthogonal direction. In the latter case, the reinforcement must be
developed according to 12.8 for plain wire reinforcement.

£q

V Critical section

«»l Lt— 2 in. mMin
|

— F

Cross wire

fd =8in,

Figure 4-3 Development of Welded Deformed Wire Reinforcement

12.8 DEVELOPMENT OF WELDED PLAIN WIRE REINFORCEMENT IN TENSION

For welded plain wire reinforcement, the development length is measured from the point of critical section to the
outermost cross wire. Full development of plain reinforcement (A fy ) is achieved by embedment of at least two
cross wires beyond the critical section, with the closer cross wire located not less than 2 in. from the critical
section. Section 12.8 further requires that the length of embedment from critical section to outermost cross wire
not be less than £4 = 0.27(Ap/s)(f,/ JE JA, norless than 6 in. If more reinforcement is provided than that required
by analysis, the development length ¢4 may be reduced by the ratio of (A required)/(A; provided). The 6 in.
minimum development length does not apply to computation of lap splice lengths (see 12.19). Figure 4-4 shows
the development length requirements for welded plain wire reinforcement,
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Figure 4-4 Development of Welded Plain Wire Reinforcement

For fabrics made with smaller wires, embedment of two cross wires, with the closer cross wire not less than 21in.
from the critical section, is usually adequate to develop the full yield strength of the anchored wires. Fabrics
made with larger (closely spaced) wires will require a Jonger embedment 4.

For example, check fabric 6 X 6-W4 x W4 with £ = 3000 psi, fy = 60,000 psi, and normal weight concrete
(A = 1.0).

£y

0.27 x (Av/se) X (Ey/4fT7) x &

0.27 x (0.04/6) x (60,000/+/3000) x 1.0 = 1.97 in.
< 6in.
< (1 space+2in.) governs

Two cross wire embedment plus 2 in. is satisfactory (see Fig. 4-5).

Ed = Bn

- P Critical section

2" | /6><6—W4><W4
| | y 4
———t [ o T

<

6"

Figure 4-5 Development of 6 x 6-W4 x W4 Welded Wire Reinforcement

Check fabric 6 x 6-W20 x W20(:
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£ = 027 x (0.20/6) x (60,000/~3000)x 1.0 = 9.9 in.

> 61in.

> (1 space + 2 1n.)

As shown in Fig. 4-6, an additional 2 in, beyond the two cross wires plus 2 in. embedment is required to fully
develop the W20 fabric. If the longitudinal spacing is reduced to 4 in. (4 x 6-W20 x W20), a minimum ¢4 of
15 in. is required for full development, i.e. 3 cross wires plus 3 in. embedment.

References 4.4 and 4.5 provide design aids for welded wire reinforcement, including development length tables
for both deformed and plain welded wire reinforcement.

by =10"

P Critical section
6 > 6 - W20 X W20

Note: If end support is not wide enough for straight embedment, the development
length ¢4 may be bent down (hooked) into support.

Figure 4-6 Development of 6 x 6-W20 x W20 Fabric

12.9 DEVELOPMENT OF PRESTRESSING STRAND

Prestressed concrete members may be either pretensioned or post-tensioned. In post-tensioned applications,
development of tendons is accomplished through mechanical anchorage. Tendons may include strands, wires or
high-strength bars.

In pretensioned members, tendons typically consist of seven-wire strands. Development length £4 (in inches)
of strands is specified in 12.9.1 and is computed from Eq. (12-2), which was formerly in R12.9:

f.—1f
by = | =g, + |2 )
d (3000} b ( 1000 | Eq. (12:2)
where fps = stress in prestressed reinforcement at nominal strength, psi
fse = effective stress in prestressed reinforcement after all prestress losses, psi
dy = nominal diameter of strand, in.

The expressions in parentheses are dimensionless.

The term(3§gOJdb represents the transfer length of the strand (4;), i.e., the distance over which the strand
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should be bonded to the concrete to develop fge in the strand. The second term, [(fps - fse) / IOO(}] dy, represents

the flexural bond length, i.e., the additional length over which the strand should be bonded so that a stress fps
may develop in the strand at nominal strength of the member.

Where bonding of one or more strands does not extend to the end of the member, critical sections may be at
locations other than those where full design strength is required (see 12.9.2). In such cases, a more detailed
analysis may be required. Similarly, where heavy concentrated loads occur within the strand development length,
critical sections may occur away from the section that is required to develop full design strength.

Note that two times the development length specified in 12.9.1 is required for “debonded” strands (12.9.3) when
the member is designed allowing tension in the precompressed tensile zone under service load conditions.

In some pretensioned applications, total member length may be shorter than two times the development length.
This condition may be encountered in very short precast, prestressed concrete members. In such cases, the
strands will not be able to develop fj;. Maximum usable stress in underdeveloped strands can be derived as

illustrated in Fig. 4-7. The maximum strand stress, fimax, at distance £y from girder end can be determined for
the condition of £, < ¢, < {4 as follows:

frax = Tee + Af

= f +M /. - fse dp
7 (fps - fe)dy \ 7 3000

Therefore,

rFy
0 VNS S
-+ tx »! ‘L (f —F )
L B ; : ps
I _I_A
) i S S |
Strand ! | !
Stress : : :
I I I
I I [
I | {
{ : L
t ! b,
End of foe
Member_| 3000 dbu [(fps_fse)/ 100}d,, -
> »re »
. 4 X

Distance from free end of strand

Figure 4-7 Strand Transfer and Development Lengths
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12.10 DEVELOPMENT OF FLEXURAL REINFORCEMENT—GENERAL

Section 12.10 gives the basic requirements for providing development length of reinforcement from the points of
maximum or critical stress. Figures 4-8(a) and (b) illustrate typical critical sections and code requirements for
development and terminaticon of flexural reinforcement in a continuous beam. Points of maximum pesitive and

negative moments (M: and M;) are critical sections, from which adequate anchorage £; must be provided. Criti-

cal sections are also at points within the span where adjacent reinforcement is terminated; continuing bars must have
adequate anchorage £, from the theoretical cut-off points of terminated bars (see 12.10.4). Note also that terminated
bars must be extended beyond the theoretical cut-off points in accordance with 12.10.3. This extension requirement
is to guard against possible shifting of the moment diagram due to load variation, settlement of supports, and other
unforeseen changes in the moment conditions. Development lengths ¢y are determined from 12.2.

Flexural strength
ofbarsC, D& E
Note: See Section 12.10.5 for

-M

termination of reinforcement
in a tension zone.

u

/\d 12dy, (12.10.3)

Critical -
section Flexural strength
forbars C J ofbarsD& E
(12.10.2) \
Critical
section
for bars D
(12.10.2)
d, 12d,, (12.10.3)
Jl—
Flexural
// strength
/ ol bars E
Crifical
section
for bars E
(12.10.2} d, 12dg, £,/16 (12.12.3)
.~ Paint of inflection P,
N,
= fg bars C j-st——t = \
(2122 4+ . \
g {4 Dars \
= 40, ey zfgbars £
(12.10.4} (12.10.4) /Note (a)

.l

\ \ See Fig. 4-8{b) for
% \ Bars C Bars D BarsE  development of positive

: <
moment reinforcement

N L]
4 T " ot )

Note (a): Portion of total negative reinforcement (]A; must be continuous (or spliced with a Class A splice or a
mechanical or welded splice satisfying 12.14.3) along full length of petimeter beams (7.13.2.2).

{a) Negative Moment Reinforcement

L TR T SR P e

Figure 4-8 Development of Positive and Negative Mornent Reinforcermnent
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See Fig. 4.8(a) for
development of negative
moment reinforcement

A

- Note (b) Pl Bars B
Y Y 4

Note: See Section 12.10.5 for

Bars A <

termination of reinforcement
in a tension zone.
Point of inflection P1.
\
Critical
section
for bars A
d, 12d, (12.10.3) (12.10.2)
Joag—
Flexurgl strength
of barg B \

Critical

section

for bars B

(12.10.2)

Embedment pf Bars B Flexural strength
L (12010.4) otbarsA& B
/ - +M,
. = fgbarsA
i (12.1)

Note (b): Portion of total positive reinforcement (A;') must be continuous (or spliced with a Class A splice or a

mechanical or welded splice satisfying 12.14.3) along full length of perimeter beams and of beams without
closed stirrups (7.13.2.2). See also 7.13.2.4.

(b} Positive Moment Reinforcement

Figure 4-8 Development of Positive and Negative Moment Reinforcement
— continued —

Sections 12.10.1 and 12.10.5 address the option of anchoring tension reinforcement in a compression zone. Re-
search has confirmed the need for restrictions on terminating bars in a tension zone. When flexural bars are cut off
in a tension zone, flexural cracks tend to open early. If the shear stress in the area of bar cut-off and tensile stress in
the remaining bars at the cut-off location are near the permissible limits, diagonal tension cracking tends to develop
from the flexural cracks. One of the three alteratives of 12.10.5 must be satisfied to reduce the possible occurrence
of diagonal tension cracking near bar cut-offs in a tension zone. Section 12.10.5.2 requires excess stirrup area over
that required for shear and torsion. Requirements of 12.10.5 are not intended to apply to tension splices.
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Section 12.10.6 is for end anchorage of tension bars in special flexural members such as brackets, members of
variable depth, and others where bar stress, f;, does not decrease linearly in proportion to a decreasing moment.
In Fig. 4-9, the development length £y into the support is probably less critical than the required development
length. In such a case, safety depends primarily on the outer end anchorage provided. A welded cross bar of
equal diameter should provide an effective end anchorage. A standard end hook in the vertical plane may not be
effective because an essentially plain concrete corner might exist near the load and could cause localized failure.
Where brackets are wide and loads are not applied toc close to the comers, U-shaped bars in a horizontal plane
provide effective end hooks.

IP
Standard 90° ( T

or 180° hook ’

Most of £4 must be here,
d or end anchorage is required

Figure 4-9 Special Member Largely Dependent on End Anchorage
12.11 DEVELOPMENT OF POSITIVE MOMENT REINFORCEMENT

To further guard against possible shifting of moments due to various causes, 12.11.1 requires specific amounts
of positive moment reinforcement to be extended along the same face of the member into the support, and for
beams, to be embedded into the support at least 6 in. The specified amounts are one-third for simple members
and one-fourth for continuous members. In Fig. 4-8(b), for example, the area of Bars “B” would have to be at
least one-fourth of the area of reinforcement required at the point of maximum positive moment M7, .

Section 12.11.2 is intended to assure ductility in the structure under severe overload, as might be experienced in
astrong wind or earthquake. In alateral load resisting system, full anchorage of the reinforcement extended into
the support provides for possible stress reversal under such overload. Anchorage must be provided to develop
the full yield strength in tension at the face of the support. The provision will require such members to have
bottom bars lapped at interior supports or hooked at exterior supports. The full anchorage requirement does not
apply to any excess reinforcement provided at the support.

Section 12.11.3 limits bar sizes for the positive moment reinforcement at simple supports and at points of inflec-
tion, In effect, this places a design restraint on flexural bond stress in areas of small moment and large shear.
Such a condition could exist in a heavily loaded beam of short span, thus requiring large size bars to be devel-
oped within a short distance. Bars should be limited to a diameter such that the development length £4 com-
puted for fy according to 12.2 does not exceed (My/V) + £, (12.11.3). The limit on bar size at simple supports
is waived if the bars have standard end hooks or mechanical anchorages terminating beyond the centerline of the
support. Mechanical anchorages must be equivalent to standard hooks,

The length (My/V,) corresponds to the development length of the maximum size bar permitted by the previously
used flexural bond equation. The length (M,/V,)) may be increased 30% when the ends of the bars are confined
by a compressive reaction, such as provided by a column below, but not when a beam frames into a girder.
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For the simply-supported beam shown in Fig. 4-10, the maximum permissible £4 for Bars “a” is 1.3 Mo/Vy + Za.
This has the effect of limiting the size of bar to satisfy flexural bond. Even though the total embedment length
from the critical section for Bars “a” is greater than 1.3 Mp/Vy + #5, the size of Bars “a” must be limited so that
£ € 1.3 My/Vy + £,. Note that My, is the nominal flexural strength of the cross-section (without the ¢ factor).
As noted previously, larger bar sizes can be accommaodated by providing a standard hook or mechanical anchorage
at the end of the bar within the support. Ata point of inflection (see Fig. 4-11), the positive moment reinforcement
must have a development length £4, as computed by 12.2, not to exceed the value of (Mn/Vu) + £,, with £, not

greater than d or 12dp, whichever is greater.

1.3 Mp/V
» Lo e -
Bars “b
Bars "a'—; |
TIRIPIRIIT
-— Criticat section for bars "a" at
q_z theoreticat cut-off location
for bars "b"
” Max. £y
P Totai embedment

Figure 4-10 Development Length Requirements at Simple Support (straight bars)

TN Pl

fa=deorizdp
2 MoV

e | " 2

[y

L4

]
L ——Bars "a"

Max. f d
-—- Critical section for bars "a"

LY
Figure 4-11 Concept for Determining Maximum Size of Bars "a” at Point of Inflection (12.11.3)

Sections 12.11.4 and 12.12.4 address development of positive and negative moment reinforcement in deep
flexural members. The provisions specify that at simple supports of deep beams, positive moment tension
reinforcement should be anchored to develop its specified yield strength fy in tension at the face of the support.
However, if the design is carried out using the strut-and-tie method of Appendix A, this reinforcement shall be
anchored in accordance with A.4.3. At interior supports of deep beams, both positive and negative moment
tension reinforcement shall be continuous or be spliced with that of the adjacent spans.

4-16



Ifpon (ko g o

12.12 DEVELOPMENT OF NEGATIVE MOMENT REINFORCEMENT

The requirements in 12.12.3 guard against possible shifting of the moment diagram at points of inflection. At
least one-third of the negative moment reinforcement provided at a support must be extended a specified
embedment length beyond a point of inflection. The embedment length must be the effective depth of the
member d, 12dp, or 1/16 the clear span, whichever is greater, as shown in Figs. 4-8 and 4-12. The arca of Bars
“E” in Fig. 4-8(a) must be at least one-third the area of reinforcement provided for -M, at the face of the
support. Anchorage of top reinforcement in tension beyond interior support of continuous members usually
becomes part of the adjacent span top reinforcement, as shown in Fig. 4-12.

d, 12 dy, or £/16, whichever
I is greaFer, for at least 1/3 A,

Point of max. stress /
Pi—
|

g

£

A AL

To satisfy span on right
{(Usually such anchorage becomes part of adjacent beam reinforcement)

Figure 4-12 Anchorage into Adjacent Beam

Standard end hooks are an effective means of developing top bars in tension at exterior supports as shown in
Fig. 4-13. Code requirements for development of standard hooks are discussed above in 12.5.

12.13 DEVELOPMENT OF WEB REINFORCEMENT

Stirrups must be properly anchored so that the full tensile force in the stirrup can be developed at or near mid-
depth of the member. To function properly, stirrups must be extended as close to the compression and tension
surfaces of the member as cover requirements and proximity of other reinforcement permit (12.13.1). It is
equally important for stirrups to be anchored as close to the compression face of the member as possible
because flexural tension cracks initiate at the tension face and extend towards the compression zone as member
strength is approached.

The ACI code anchorage details for stirrups have evolved over many editions of the code and are based primarily
on past experience and performance in laboratory tests. For No. 5 bar and smaller, stirrup anchorage is provided
by a standard stirrup hook (90 degree bend plus 6dp extension at free end of bar)* around a longitudinal bar
{12.13.2.1). The same anchorage detail is permitted for the larger stirrup bar sizes, No. 6, No. 7, and No. &, in
Grade 40. Note that for the larger bar sizes, the 90 degree hook detail requires a 12dp extension at the free end
of the bar (7.1.3(b)). Fig. 4-14 illustrates the anchorage requirement for U-stirrups fabricated from deformed
bars and deformed wire.

* For structures located in regions of high seismic risk, stirrups required to be hoops must be anchored with a 135-degree bend plus 6dn
(but not less than 3 in.) extension. See definition of seismic hook in 21.1.
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Critical section for bar
development at face of support
Standard 80° :
or 180° hook |
[
~ :
4 !
4V

Figure 4-13 Anchorage into Exterior Support with Standard Hook

QOutside edge of hook

G~ T
\ i \
N Std. stirrup hook Re ™\ Std. stirrup hook
{7.1.3(a)) around # (7.1.3(b}} around
> longitudinal bar R EJL longitudinal bar

@ '

MNo. & bars and smalier No. 6, No. 7, No. 8 bars

Figure 4-14 Anchorage Details for U-Stirrups (Deformed Bars and Deformed Wires)

For the larger stirrup bar sizes (No. 6, No. 7, or No. 8) in Grade 60, in addition to a standard stirrup hook, an
embedment of 0.014dyfy, / Jg between midheight of member and outside end of hook is required. The available

embedment length, denoted ¢;, must be checked to ensure adequate anchorage at the higher bar force (see 12.13.2.2).
The embedment length required is illustrated in Fig. 4-14 and listed in Table 4-5. Minimum depth of member
required to accommodate No. 6, No. 7, or No. 8 stirrups fabricated in Grade 60 is also shown in
Table 4-6. For practical size of beams where the loads are of such magnitude to require No. 6, No. 7, or No. 8 bar
sizes for shear reinforcement, the embedment length required should be easily satisfied, and the designer need only
be concerned with providing a standard stirrup hook around a longitadinal bar for proper stirrup end anchorage.

Provisions of 12.13.2.3 covering the use of welded plain wire reinforcement as simple U-stirrups are shown in
Fig. 4-15. Regquirements for stirrup anchorage (12.13.2.4) detail for straight single leg stirrups formed with
welded plain or deformed wire reinforcement is shown in Fig. 4-16. Anchorage of the single leg is provided
primarily by the longitudinal wires. Use of welded wire reinforcement for shear reinforcement has become
commonplace in the precast, prestressed concrete industry.
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f Table 4-5 Embedment Length ¢, (in.) for Grade 60 Stirrups
¢ gar Concrete Compressive Strength §, psi
ize

No. 3000 4000 5000 8000 8000 10,000
6 11.5 10.0 8.9 8.1 7.0 6.3
i 7 13.4 11.6 10.4 95 8.2 7.4
j 8 15.3 13.3 11.9 10.8 9.4 8.4

Table 46 Minimum Depth of Member (in.) to Accommodate Grade 60 No. 6, No. 7, andNo. 8 Stirrups

- % ¥

\——4

(@}

Wynammy-.-, PR
|
,

4-19

8 wire dia.
bend {min.)

Concrete Compressive Strength f;, psi
Clear cover Bar
to stirrup Size 3000 4000 5000 6000 8000 10,000

{in.) No.

6 26 23 21 20 17 16

112 7 30 27 24 22 20 18

8 34 30 27 25 22 20

6 27 24 22 21 18 17

2 7 3 28 25 23 21 19

8 35 31 28 26 23 21

2" min.
Section 12.13.1 2; min. " l
L A 7
Y
2" min. 12' min. | 3/4 max. e\t—\

/

)

Figure 4-15 Anchorage Detaiis for Welded Plain Wire Reinforcement U-Stirrups (12.13.2.3)
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reinforcement primary flexural reinforcement

" See 12.13.1

Figure 4-16 Anchorage Details for Welded Wire Reinforcement Single Leg Stirrups (12.13.2.4)

Note that 12.13.3 requires that each bend in the continuous portion of U-stirrups must enclose a longitudinal bar.
This requirement is usually satisfied for simple U-stirrups, but requires special attention in bar detailing when
multiple U-stirrups are used.

Clarifications of anchorage of web reinforcement made in the 1989 code eliminated the possibility of anchoring
web reinforcement without hooking the stirrup around a longitudinal bar. Inquiries have shown that some
designers routinely use small bars in joists without hooking them around a longitudinal bar, particularly a con-
tinuously bent single leg stirrup called a W-stirrup, accordion stirrup, or snake. To recognize this practice,
12.13.2.5 was introduced starting with the 1995 code.

12.13.4 Anchorage for Bent-Up Bars

Section 12.13.4 gives anchorage requirements for longitudinal (flexural) bars bent up to resist shear. If the bent-
up bars are extended into a tension region, the bent-up bars must be continuous with the longitudinal reinforce-
ment. If the bent-up bars are extended into a compression region, the required anchorage length beyond mid-
depth of the member (d/2) must be based on that part of fy, required to satisfy Eq. (11-17). For example, if
fyr = 60,000 psi and calculations indicate that 30,000 psi is required to satisfy Eq. (11-17), the required anchor-
age length #'4 = (30,000/60,000)¢4, where £4 is the tension development length for full fy per 12.2. Fig. 4-17
shows the required anchorage length #'4.

Figure 4-17 Anchorage for Bent-Up Bars
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12.13.5 Closed Stirrups or Ties

Section 12.13.5 gives requirements for lap splicing double U-stirrups or ties (without hooks) to form a closed
stirrup. Legs are considered properly spliced when the laps are 1.344 as shown in Fig. 4-18, where £4 1s

determined from 12.2.

1.3 £4
(12" min.)

8

S

Figure 4-18 Qverlapping U-Stirrups to Form Closed Unit

Alternatively, if a lap splice of 1.34 cannot fit within the depth of shallow members, provided that depth of
members is at least 18 in., double U-stirrups may be used if each leg extends the full available depth of the
member and the force in each leg does not exceed 9000 1b (Apfy; < 9000 Ib.; see Fig. 4-19).

If stirrups are designed for the full yield strength fy, No. 3 and 4 stirrups of Grade 40 and only

No. 3 of Grade 60 satisfy the 9000 Ib limitation.

r L

No.

) No.
ﬁ,%';f,g;’" 18" min. No.
depth No.

No.

- — &

.11(40,000) = 4400 Ib.
20}40 ,000) = 8000 Ib.
31(40,000) = 12,400 Ib.
.11(60,000) = 6600 Ib.
20(60,000) = 12,000 Ib.

Figure 4-19 Lap Splice Alternative for U-Stirrups

12,14 SPLICES OF REINFORCEMENT—GENERAL

The splice provisions require the engineer to show clear and complete splice details in the contract documents.
The structural drawings, notes and specifications should clearly show or describe all splice locations, types
permitted or required, and for lap splices, length of lap required. The engineer cannot simply state that all splices
shall be in accordance with the ACI 318 code. This is because many factors affect splices of reinforcement, such

as the following for tension lap splices of deformed bars:
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* bar size

* bar yield strength

= coincrete compressive strength

* bar location (top bars or other bars)

» normal weight or lightweight aggregate concrete
* spacing and cover of bars being developed

+ enclosing transverse reinforcement

* ¢poXy coating

» number of bars spliced at one location

It is virtually impossible for a reinforcing bar detailer to know what splices are required at a given location in a
structure, unless the engineer explicitly illustrates or defines the splice requirements. Section 12.14.1 states:
“Splices of reinforcement shall be made only as required or permitted on the design drawings, or in specifica-
tions, or as authorized by the engineer.”

Two industry publications are suggested as design reference material for proper splicing of reinforcement. Refer-
ence 4.4 provides design aid data in the use of welded wire reinforcement, including development length and splice
length tables for both deformed and plain wire reinforcement. Reference 4.5 provides accepted practices in splicing
reinforcement; use of lap, mechanical, and welded splices are described, including simplified design data for lap

splice lengths.

12.14.2 Lap Splices

Lap splices are not permitted for bars larger than No. 11, either in tension or compression, except:
* No. 14 and No. 18 bars in compression only may be lap spliced to No. 11 and smaller bars (12.16.2), and
» No. 14 and No. 18 bars in compression only may be lap spliced to smaller size footing dowels (15.8.2.3).

Section 12.14.2.2 gives the provisions for lap splicing of bars in a bundle (tension or compression). The lap
lengths required for individual bars within a bundle must be increased by 20 percent and 33 percent for 3- and
4-bar bundles, respectively. Overlapping of individual bar splices within a bundle is not permitted. Two bundles
must not be lap-spliced as individual bars.

Bars in flexural members may be spliced by noncontact lap splices. To prevent a possible unreinforced section
in a spaced (noncontact) lap splice, 12.14.2.3 limits the maximum distance between bars in a splice to one-fifth
the lap length, or 6 in. whichever is less. Contact lap splices are preferred for the practical reason that when the
bars are wired together, they are more easily secured against displacement during concrete placement.

12.14.3 Mechanical and Welded Splices

Section 12.14.3 permits the use of mechanical or welded splices. A full mechanical splice must develop, in
tension or compression, at least 125 percent of the specified yield strength of the bar (12.14.3.2). In a full
welded splice, the bars must develop in tension at least 125 percent of the specified yield strength of the bar
(12.4.3.4). ANSAWS D1.4 allows indirect welds where the bars are not butted. Note that ANSIVAWS D1.4
indicates that wherever practical, direct butt splices are preferable for No. 7 and larger bars. Use of mechanical
or welded splices having less than 125 percent of the specified yield strength of the bar is limited to No. 5 and
smaller bars (12.14.3.5) in regions of low computed stress. Mechanical and welded splices not meeting 12.14.3.2
and 12.14.3.4 are limited to No. 5 and smaller bars due to the potentially brittle nature of failure at these welds.

Section 12.14.3.3 requires all welding of reinforcement to conform to Structural Welding Code-Reinforcing Steel
(ANSI/AWS D1.4). Section 3.5.2 requires that the reinforcement to be welded must be indicated on the drawings,
and the welding procedure to be used must be specified. To carry out these code requirements properly, the engineer
should be familiar with provisions in ANSFAWS D1.4 and the ASTM specifications for reinforcing bars.
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The standard rebar specifications ASTM A615, A616 and A617 do not address weldability of the steel. No
limits are given in these specifications on the chemical elements that affect weldability of the steels. Akey itern
in ANSI/AWS D1.4 is carbon equivalent (C.E.). The minirum preheat and interpass temperatures specified in
ANSIVAWS D1.4 are based on C.E. and bar size. Thus, as indicated in 3.5.2 and R3.5.2, when welding is
required, the ASTM A615, A616 and A617 rebar specifications must be supplemented to require a report of the
chemnical composition to assure that the welding procedure specified is compatible with the chemistry of the bars.

ASTM AT706 reinforcing bars are intended for welding. The A706 specification contains restrictions on chemi-
cal composition, including carbon, and C.E. is limited to 0.55 percent. The chemical composition and C.E. must
be reported. By limiting C.E. to 0.55 percent, little or no preheat is required by ANS/AWS D1 4. Thus, the
engineer does not need to supplement the A706 specification when the bars are to be welded. However, before
specifying ASTM A706 reinforcing bars, local availability should be investigated.

Reference 4.5 contains a detailed discussion of welded splices. Included in the discussion are requirements for
other important items such as field inspection, supervision, and quality control.

The ANSI/AWS D1.4 document covers the welding of reinforcing bars only. For welding of wire to wire, and of
wire or welded wire reinforcement to reinforcing bars or structural steels, such welding should conform to
applicable provisions of ANSI/AWS D1.4 and to supplementary requirements specified by the engineer. Also,
the engineer should be aware that there is a potential loss of yield strength and ductility of low carbon cold-
drawn wire if wire is welded by a process other than controlled resistance welding used in the manufacture of
welded wire reinforcement.

In the discussion of 7.5 in Part 3 of this document, it was noted that welding of crossing bars (tack welding) is not
permitted for assembly of reinforcement unless avthorized by the engineer. An example of tack welding would
be a column cage where the ties are secured to the longitudinal bars by small arc welds. Such welding can cause
a metallurgical notch in the longitudinal bars, which may affect the strength of the bars. Tack welding seems to
be particularly detrimental to ductility (impact resistance) and fatigue resistance. Reference 4.5 recommends:
“Never permit field welding of crossing bars (‘tack’ welding, “spot’ welding, etc.). Tie wire will do the job
without harm to the bars.”

12.15 SPLICES OF DEFORMED BARS AND DEFORMED WIRE IN TENSION

Tension lap splices of deformed bars and deformed wire are designated as Class A and B with the length of lap
being a multiple of the tensile development length £4. The two-level splice classification (Class A & B) is
intended to encourage designers to splice bars at points of minimum stress and to stagger lap splices along the
length of the bars to improve behavior of critical details.

The development length 44 (12.2) used in the calculation of lap length must be that for the full fy because the
splice classifications already reflect any excess reinforcement at the splice location (factor of 12.2.5 for excess
Ag must not be used). The minimum length of lap is 12 in.

For lap splices of slab and wall reinforcement, effective clear spacing of bars being spliced at the same location
is taken as the clear spacing between the spliced bars (R12.15.1). This clear spacing criterion is illustrated in
Fig. 4-20(a}. Spacing for noncontact lap splices (spacing between lapped bars not greater than (1/5) lap length
nor 6 in.) should be considered the same as for contact lap splices. For lap splices of column and beam bars,
effective clear spacing between bars being spliced will depend on the orientation of the lapped bars; see
Fig. 4-20(b) and (c), respectively,
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Figure 4-20 Effective Clear Spacing of Spliced Bars

The designer must specify the class of tension lap splice to be used. The class of splice depends on the magni-
tude of tensile stress in the reinforcement and the percentage of total reinforcement to be lap spliced within any
given splice length as shown in Table 4-7. If the area of tensile reinforcement provided at the splice location is
more than twice that required for strength (low tensile stress) and 1/2 or less of the total steel area is lap spliced
within the required splice length, a Class A splice may be used. Both splice conditions must be satisfied, other-
wise, a Class B splice must be used. In other words, if the area of reinforcement provided at the splice location
is less than twice that required for strength (high tensile stress) and/or more than 1/2 of the total area is to be
spliced within the lap length, a Class B splice must be used.

Table 4-7 Tension Lap Splice Conditions (at splice location)

CLASS A...1.044 CLASS B...1.3¢44
(As provided) = 2 (Ag required}) All other
and percent A spliced < 50 conditions

Mechanical or welded splices conforming to 12.14.3 may be used in lieu of tension lap splices. Section R12.15.3
clarifies that such splices need not be staggered although such staggering is encouraged where the area of rein-
forcement provided is less than twice that required by analysis.

Section 12.15.4 emphasizes that mechanical and welded splices not meeting the requirements of 12.14.3.2 and
12.14,3.4, respectively, are only allowed for No. 5 bars and smaller, and only if certain conditions are met (see
12.15.4.1 and 12.15.4.2).
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Splices in tension tie members are required to be made with a full mechanical or welded splice with a 30 in.
stagger between adjacent bar splices. See definition of “tension tie member” in R12.15.5.

12.16 SPLICES OF DEFORMED BARS IN COMPRESSION

Since bond behavior of reinforcing bars in compression is not complicated by the potential problem of trans-
verse tension cracking in the concrete, compression lap splices do not require such strict provisions as those
specified for tension lap splices. Tests have shown that the strength of compression lap splices depends prima-
rily on end bearing of the bars on the concrete, without a proportional increase in strength even when the lap
length is doubled. Thus, the code requires significant longer lap length for bars with a yield strength greater than

60,000 psi.
12.16.1 Compression Lap Splices

Calculation of compression lap splices was simplified starting with the 89 code by removing the redundant
calculation for development length in compression. For compression lap splices, 12.16.1 requires the minimum
lap length to be simply 0.0005dy,fy for £y = 60,000 psi or less, but not less than 12 in. For reinforcing bars with
a yield strength greater than 60,000 psi, a minimum lap length of (0.0009fy - 24) dy, but not less than 12 in. is
specified. Lap splice lengths must be increased by one-third for concrete with a specified compressive sirength
less than 3000 psi.

As noted in the discussion of 12.14.2, No. 14 and No. 18 bars may be lap spliced, in compression only, to No. 11
and smaller bars or to smaller size footing dowels. Section 12.16.2 requires that when bars of a different size are
lap spliced in compression, the Iength of lap must be the compression development length of the larger bar, or
the compression lap splice length of the smaller bar, whichever is the longer length.

12.16.4 End-Bearing Splices

Section 12.16.4 specifies the requirements for end-bearing compression splices. End-bearing splices are only
permitted in members containing closed ties, closed stirrups or spirals (12.16.4.3). Section R12.16.4.1 cautions
the engineer in the use of end-bearing splices for bars inclined from the vertical. End-bearing splices for com-
pression bars have been used almost exclusively in columns and the intent is to limit use to essentially vertical
bars because of the field difficulty of getting adequate end bearing on horizontal bars or bars significantly
inclined from the vertical, Mechanical or welded splices are also permitted for compression splices and must
meet the requirements of 12.14.3.2 or 12.14.3.4, respectively.

12,17 SPECIAL SPLICE REQUIREMENTS FOR COLUMNS

The special splice requirements for columns were significantly simplified in the *89 code. The column splice
requirements simplify the amount of calculations that are required compared to previous provisions by assuming
that a compression lap splice (12.17.2.1) has a tensile capacity of at least one-fourth fy, (R12.17).

The column splice provisions are based on the concept of providing some tensile resistance at all column splice
locations even if analysis indicates compression only at a splice location. In essence, 12.17 establishes the
required tensile strength of spliced longitudinal bars in columns. Lap splices, butt-welded splices, mechanical
or end-bearing splices may be used.

12.17.2 Lap Splices in Columns

Lap splices are permitted in column bars subject to compression or tension. Type of lap splice to be used will
depend on the bar stress at the splice location, compression or tension, and magnitude if tension, due to all
factored load combinations considered in the design of the column. Type of lap splice to be used will be gov-
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emed by the load combination producing the greatest amount of tensicn in the bars being spliced. The design
requirernents for lap splices in column bars can be illustrated by a typical column load-moment strength interac-
tion as shown in Fig. 4-21. '

All bars in
compression

0<fg= 0.5fy
on tension face

s
Ve

Za— t=05f
in tensio¥|

Axial
~ Load

fs 2 0.5fy
on tension face

Moment

Figure 4-21 Special Splice Requirements for Columns

Bar stress at various locations along the strength interaction curve define segments of the strength curve where
the different types of lap splices may be used. For factored load combinations along the strength curve, bar
stress can be readily calculated to determine type of lap splice required. However, a design dilemma exists for
load combinations that do not fall exactly on the strength curve (below the strength curve) as there is no simple
exact method to calculate bar stress for this condition.

A seemingly rational approach is to consider factored load combinations below the strength curve as producing
bar stress of the same type, compression or tension, and of the same approximate magnitude as that preduced
along the segment of the strength curve intersected by radial lines (lines of equal eccentricity) through the load
combination point. This assumption becomes more exact as the factored load combinations being investigated
fall nearer to the actual strength interaction curve of the column. Using this approach, zones of “bar stress” can
be established as shown in Fig. 4-21.

For factored load combinations in Zone 1 of Fig, 4-21, all column bars are considered to be in compression. For
load combinations in Zone 2 of the figure, bar stress on the tension face of the column is considered to vary from
zero to 0.5fy in tension. For load combinations in Zone 3, bar stress on the tension face is considered to be
greater than 0.5f, in tension. Type of lap splice to be used will then depend on which zone, or zones, all factored
load combinations considered in the design of the column are located. The designer need only locate the fac-
tored load combinations on the load-moment strength diagram for the column and bars selected in the design to
determine type of lap splice required. Use of load-moment design charts in this manner will greatly facilitate the
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design of column bar splices. For example, if factored gravity load combination governed design of the column,
say Point A in Fig. 4-21, where all bars are in compression, but a load combination including wind, say Point B
in Fig. 4-21, produces some tension in the bars, the lap splice must be designed for a Zone 2 condition (bar stress
is tensile but does not exceed 0.5fy in tension).

The design requirements for lap splices in columns are summarized in Table 4-8. Note that the compression lap
splice permitted when all bars are in compression (see 12.17.2.1) considers a compression lap length adequate as
a minimum tensile strength requirement. See Example 4.8 for design application of the lap splice requirements
for columns.

Table 4-8 Lap Spfices in Columns

12.17.2.1—Bar stress incompression Use compression lap splice (12.16) modified by factor of
(Zone1)* 0.83forties (12.17.2.4) or 0.75 for spirals (12.17.2.5).
12.17.2.2—Bar stress < 0.5f, in tension Use Class B tension lap splice {12.15) if more than 1/2
{Zone 2)* of total column bars splicedat sarme location.

or

Use Class A tension lap splice (12.15) if notmore than
1/2 of tolal column bars spliced at same location.
Staggeraltemate splices by 4.
12.17.2.3—Bar stress > 0.5f, in tension Use Class B tension lap splice (12.15).
(Zoned)*

*For Zones 1, 2, and 3, see Fig. 4-21.

Sections 12.17.2.4 and 12.17.2.5 provide reduction factors for the compression lap splice when the splice is
enclosed throughout its length by ties (0.83 reduction factor) or by a spiral (0.75 reduction factor). Spirals must
meet the requirements of 7.10.4 and 10.9.3. When ties are used to reduce the lap splice length, the ties must have
a minimum effective area of 0.0015hs. The tie legs in both directions must provide the minimum effective area
to permit the 0.83 modification factor. See Fig. 4-22. The 12 in. minimum lap length also applies to these
permitied reductions.

hz

hy
< o
<

{(perpendicular fo hy dimension} 4 fie bar areas = 0.0015h+s
{perpendicular to hp dimension) 2 fie bar areas > 0.0015hss

Figure 4-22 Application of 12.17.2.4
With the “basic™ lap length for compression lap splices a function of bar diameter dy and bar yield strength f,,

and three modification factors for ties and spirals and for lower concrete strength, it is convenient to establish
compression lap splices simply as a multiple of bar diameter.
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For Grade 60 DarS ..o ceieeeeeecieriee e sce s srve s e s e ean 30dy
enclosed within ties «........ooooiiiiecccereeeeereee e, 250
enclosed within spirals ........ccoceeeieececeencecenns et 22.5dy

For Grade 75 Dars ..o et sre e e 43.5dy,
enclosed Within HES ... sree s e eneareras 36dy
enclosed within spirals ........cooeeiireeiinicresererceencsiecenenes 33dp

but not less than 12 in. For f; less than 3000 psi, multiply by a factor of 1.33. Compression lap splice tables for
the standard bar sizes can be readily developed using the above values.

12.17.3 Mechanical or Welded Splices in Columns

Mechanical or welded splices are permitted in column bars where bar stress is either compressive or tensile for
all factored load combinations (Zones 1, 2, and 3 in Fig. 4-21). “Full” mechanical or “fuil” welded splices must
be used; that is, the mechanical or welded splice must develop at least 125 percent of the bar yield strength,
1.25Apfy. Use of mechanical or welded splices of lesser strength is permitted for splicing bars No. 5 and smaller
in tension, in accordance with 12,15.4,

12.17.4  End Bearing Splices in Columns

End bearing splices are permitted for column bars stressed in compression for all factored load combinations
(Zone 1 in Fig. 4-21). Even though there is no calculated tension, a minimum tensile strength of the continuing
{(unspliced) bars must be maintained when end bearing splices are used. Continuing bars on each face of the
column must provide a tensile strength of Agfy /4, where Ay is the total area of bars on that face of the column.
Thus, not more than 3/4 of the bars can be spliced on each face of the column at any one location. End bearing
splices must be staggered or additional bars must be added at the splice location if more than 3/4 of the bars are

to be spliced.

12.18 SPLICES OF WELDED DEFORMED WIRE REINFORCEMENT IN TENSION

For tension lap splices of deformed wire reinforcement, the code requires a minimum lap length of 1.3£4, but
not less than 8 in. Lap length is measured between the ends of each reinforcement sheet. The development
length #4 is the value calculated by the provisions in 12.7. The code also requires that the overlap measured
between the outermost cross wires be at least 2 in. Figure 4-23 shows the lap length requirements.

If there are no cross wires within the splice length, the provisions in 12.15 for deformed wire must be used to
determine the length of the lap.

Section 12.18.3 provides requirements for splicing welded wire reinforcement, including deformed wires in one
direction and plain wires in the orthogonal direction.
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Figure 4-23 Lap Splice Length for Deformed Wire Fabric

12.19 SPLICES OF WELDED PLAIN WIRE REINFORCEMENT IN TENSION

The minimum length of lap for tension lap splices of plain wire reinforcement is dependent upon the ratio of the
area of reinforcement provided to that required by analysis. Lap length is measured between the outermost cross
wires of each reinforcement sheet. The required lap lengths are shown in Fig. 4-24.

Spliced length

(s+2in) 2154
z26in.

|
—

2 in. min

(a) Lap splice for (Ag provided) < 2 {Ag required)

[ S S S | il

P

156422 in.

{b) Lap Splice for (As provided) = 2 (Ag required)

Figure 4-24 Lap Splice Length for Plain Wire Reinforcement

CLOSING REMARKS

Ore additional comment concerning splicing of temperature and shrinkage reinforcement at the exposed sur-
faces of walls or slabs: one must assume all temperature and shrinkage reinforcement to be stressed to the full
specified yield strength fy. The purpose of this reinforcement is to prevent excess cracking. Atsome pointin the
member, it is likely that cracking will occur, thus fully stressing the temperature and shrinkage reinforcement.
Therefore, all splices in temperature and shrinkage reinforcement must be assumed to be those required for
development of yield tensile strength. A Class B tension lap splice must be provided for this steel.
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Example 4.1—Development of Bars in Tension

A beam at the perimeter of the structure has 7-No. 9 top bars over the support. Structural integrity provisions
require that at least one-sixth of the tension reinforcement be made continuous, but not less than 2 bars (7.13.2.2).
Bars are 1o be spliced with a Class A splice at midspan. Determine required length of Class A lap splice for the
following two cases:

Case A - Development computed from 12.2.2
Case B - Development computed from 12.2.3

2.5%cover

= +

1" clear

+ No. 4 at d/2
—e—

Class A Splice
[

L’* il

5-N-o. g _ J ,-> A
e e L

| AJIJI

Assume;
Lightweight concrete
2.5 in. clear cover to stirrups
Epoxy-coated bars
fo = 4000 psi
fy = 60,000 psi
b = 30 in. (with bar arrangement as shown)

Code
Calculations and Discussion Reference
It is assumed that development of negative moment reinforcement has been 12.12.3
satisfied and, therefore, top bars are stopped away from midspan.
Minimum number of top bars to be made continuous for structoral integrity is 1/6 of 7 bars 7.13.22
provided, i.e., 7/6 bars or, a minimum of 2 bars. Two corner bars will be spliced at midspan.
Class A lap splice requires a 1.0¢4 length of bar lap 12.15.1

Nomiral diameter of No. 9 bar = 1.128 in.

CASE A - Section 12.2.2

Refer to Table 4-1. For bars No. 7 and larger, either Eq. B or Eq. D apply. To determine if
Eq. B or Eq. D governs, determine clear cover and clear spacing for bars being developed.
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Code
Example 4.1 (cont’d) Calculations and Discussion Reference

Clear spacing between spliced bars (corner bars) 2.5" cover
= [30 - 2 (cover) - 2 (No. 4 stirrup) - 2 (No. 9 bar)] +| |.<_

= [30-2(2.5)-2(0.5)-2(1.128)]
= 217in. No. 4
= 19.3d, s 0.
Clear cover to spliced bar = 2.5+ 0.5 = 3.0in. = 2.7dp - 30° -
As clear spacing > 2d;, and clear cover > dy, Eq. B applies.
fow wel
0y = [’;Z—O-;e— dy 12.2.2
C
y, = 1.3 for top bar 12.2.4
vy, = 1.5 for epoxy-coated bar with cover less than 3dy, 12.2.4

VW, = 1.3 x 1.5 = 1.95; however, product of o and B need not be taken greater than 1.7. 1224

A = 1.3 for lightweight aggregate concrete 1224
60,000 (1.7) (1.3)
£y = 1.128
d 20vao00
= 1183 in.

Class A splice = 1.043 = 1183 in.
ASE B - Section 12.2.3

Application of Eq. (12-1) requires a little more computations, but can result in smaller develop-
ment lengths.

Ed — i fi WLWC‘\USR db
40 J&r (cp + K Eq. (12-1)
dy

Parameter “cy” is the smaller of (1) distance from center of bar being developed to the nearest
concrete surface, and (2) one-half the center-to-center spacing of bars being developed. Also,

Cb+KtI'

note that the term [ J cannot exceed 2.5.

dp,

Distance from center of bar or wire being developed to the nearest concrete surface
= clear cover to spliced bar + 1/2 bar diameter
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Code
Example 4.1 (cont’d) Calculations and Discussion Reference

= 2.7dp + 0.5dp = 3.24,
Center-to-center spacing = clear spacing + 1.0d, = 19.3dy + 1.0dy = 20.3dy
Therefore, ¢ is the smaller of 3.2d and 0.5 (20.3dy), i.e. 3.2dy,
No need to compute Ky; as c/dy, is greater than 2.5

¥ = 1.0 for No. 7 bar and larger

¢y = 260000 (D A0 A3) | 1o
a 404000 (2.5) '

71.0 in.

Class A splice = 1.044 = 71.0in.

The extra computations required to satisfy the general Eq. (12-1) of 12.2.3 can lead to substan-
tial reductions in tension development or splice lengths compared to values computed from the
simplified procedure of 12.2.2,
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Example 4.2—Development of Bars in Tension

Calculate required tension development length for the No. 8 bars (alternate short bars} in the “sand-lightweight”
one-way slab shown below. Use f7 = 4000 psi and fy = 60,000 psi, and uncoated bars.

kL I
8\! 8"
F
—A a
8" _f—
; A B C
3/4" Cover
L |
Fo—e T . ! "
LI t/Single layef \ * ﬂw
I =
Ji__ Jemperature Bars
£y
Code
Calculations and Discussion Reference
Calculations for this example will be performed using 12.2.2 and 12.2.3.
Assume short bars are developed within distance AB while long bars are developed within BC.
Nominal diameter of No. 8 bar is 1.00 in.
A. Development length by 12.2.2
Center-to-center spacing of bars being developed = 8 in. = 8dy,
Clear cover =0.75 in. = 0.75dy
As clear cover is less than dy, and bar size is larger than No. 7, Eq. D of Table 4-1 applies.
£ TRV
Ly = | —L——1|d
d [ 404t b 12.2.2
y, = 1.3 for top bar
y. = 1.0 for uncoated bars

A = 1.3 for ightweight concrete

: 3 (60,000} (1.3) 1.0) (1.3)

/
d 40~/4000

(1.0y= 1203 in.
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Code
Example 4.2 (cont’d) Calculations and Discussion Reference
B. Development length by 12.2.3
g = 3 f_)’ WV Wk dy
40 iz [ep + Ky Eq. (12-1)
dp
vy, = 1.3 fortop bar
y. = 1.0 for uncoated bars
y, = LO{ for No. 7 and larger bars

A = 1.3 for lightweight concrete

Center-to-center spacing of bars being developed = 8 in. = 8dy,
Clear spacing between bars being developed = 8 - 1 = 7 in. = 7dy,

Clear cover = 0.75 in. = 0.75dy,
Distance “¢” from center of bar to concrete surface = 0.75 + 0.5 = 1.25 in. = 1.25dy, {governs)

= 8dy/2 = 4dy, (center -to-center spacing/2)

¢p = 1.25dy (computed above)

_ Adly

= = ( (no transverse reinforcement)
1500sn

ir

_ 3(60,0000 (1.3 (1.O) (1LOY (1L3) .~
£y = 0TI 135 (1.0) = 962 in.
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Example 4.3—Development of Bars in Tension

Calcuiate required development length for the inner 2 No. § bars in the beam shown below. The 2 No. 8 outer
bars are to be made continuous along full length of beam. Use ! = 4000 psi (normal weight concrete) and fy =
60,000 psi, and uncoated bars. Stirrups provided satisfy the minimum code requirements for beam shear rein-

forcement.
~ £ ,(2 No. 8 bars) —m 1.5" cover (Section 7.7.1)
d —-] |
— P S |ut—

i =
(Single = e
= layer No. 8

Stirrups within - £ 4 ﬂ}
l length 12" ———‘
—_

-y

No. 4 @ 10"
L

Code
Calculations and Discussion Reference

Calculations for this example will be performed using 12.2.2 and 12.2.3.
Nominal diameter of No. 8 bar = 1.00 in.

A, Development length by 12.2.2

[12 - 2 {cover) - 2 (No. 4 stirrups) - 4 (No. 8 bars)]/3 spaces
[12-2(1.5)-2 (0.50)-4 (1.00))/3

133 in.

1.33d

Clear spacing

[

Clearcover = 1.5+0.5 = 2.0in. = 2dy

Refer to Table 4-1. Clear spacing between bars being developed more than dy, clear cover more
than dy,, and minimum stirrups provided. Eq. B of Table 4-1 applies.

[fy‘l’t‘i*r eh }
~——=d}, 1222

¢
d 204F

y, = 1.3 for top bar

Y. = L.0foruncoated bars
A = 1.0 for normal weight concrete

- (60,000) (1.3) (1.0) (1.0)
20+/4000

tq (1.0)= 61.7in.
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Code
Example 4.3 (cont’d) Calculations and Discussion Reference

B. Development length by 12.2.3

¢ + Ky Eq. (12-1)

v, = 1.3 for top bar
. = 1.0 for uncoated bars
v = 1.0 for No. 7 and larger bars

= 1.0 for normal weight concrete

Clear spacing = 1.33d,
Center-to-center spacing of bars being developed = 1.33 + 1.0in. =2.33 in. = 2.33dy,

Clear cover = 1.50 + 0.5 = 2.0 in. = 2d,,
Distance from center of bar to concrete surface = 1.5 + 0.5 + 0.5=2.5in. = 2.5dy

Cp = the smaller of (1) distance from center of bar being developed to the nearest concrete
surface (2.5dp), and of (2) one-half the center-to-center spacing of bars being developed (2.33dy/
2=1.17dy)

Chp = 1.17db

_ Aufye
1500sn

Ayr (2-No. 4)=2 X (32=04in2
s = 10 in. spacing of stirrups

n = 2 bars being developed

K~ 04(60,000) 0.80in. < 0.80d
" TIs00 (10y ) o0 M T Do
SRy ) LI7+080 00 55 ok 12.2.3
dp 1.0
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Example 4.3 (cont’d)

Calculations and Discussion

Code
Reference

£

~3(60,000) (1.3) (1.0) (1.0} (1.0)

“ 40 /4000 (1.97)

(1.0) = 47.0in.
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Example 4.4—Development of Flexural Reinforcement

Determine lengths of top and bottom bars for the exterior span of the continuous beam shown below. Concrete
is normal weight and bars are Grade 60. Total uniformly distributed factored gravity load on beam is wy, =
6.0 kips/ft (including weight of beam).

f; = 4000 psi
fy = 60,000 psi

b = 161n.
h = 22 1in.
Concrete cover = 1 1/2in.

Exteror column Interior column

Wy
%
En =25’
- More than 2 spans
~—/\/J— Bearn elevation ”"/\/—“"

Code
Calculations and Discussion Reference
1. Preliminary design for moment and shear reinforcement
a. Use approximate analysis for moment and shear 8.3.3
Location Factored moments & shears
interior face of My = w216 = 6 (252/16 = -234.4 ft - kips
exterior support
End span positive +My = we,214 = 6 (25214 = 267.9 ft - kips
Exterior face of first My = w4210 = 6(252/10 = -375.0 ft - kips
interior support
Exterior face of first Vy = 115w, 6,/2 = 1.15(6) (25)/2 = 86.3 kips
interior support

b.  Determine required flexural reinforcement using procedures of Part 7 of this publica-
tion. With 1.5 in. cover, No. 4 bar stirrups, and No, 9 or No. 10 flexural bars, d =
19.4 in.
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Example 4.4 (cont’d) Calculations and Discussion Reference
My Ag required Bars Ag provided
-234.4 ft-kips 293in.2 4 No. 8 3.16in.2
+2679 f-kips 340in 2 2 No. 8 358in.2
2 No. 9
-375.0 ft-kips 501in.2 4 No. 10 508in.2
—_— = —_— T
A B
4-No.8 2/-N0. Q9 4-No. 10
[
- I / — ] ——:r___
| \Z-No. 8 I I
A B
_—z____ ,__"'?___.
ol | B ]
__>| —
A (v F o v e
4-No. B 4-No. 10
No.4 @ 9" 1.5" cover No. 4 @ 9"
22"
2-No. 8 2-No.-8
Y
Section A-A Section B-B
¢. Determine required shear reinforcement
V, at “d” distance from face of support: 11.1.3.1
V, = 86.3-6(19.4/12) = 76.6kips
oV, = ¢(2 f,;bwd) = 0.75 X 24/4,000 x 16 x 19.4/1,000 = 29.5 kips 11.1.3.1
. . . d .
Try No. 4 U-stirrups @ 7 in. spacing <Sppx = 5 = 9.7 in. 11.54.1
dA  fyd .
oV, = ——— = .75 (0.40} (60) {19.4)/7 = 49.9 kips 11.5.6.2

S

OV, = GV, + 0V, = 29.5+499 = 79.4 kips > 76.6 kips OXK.
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Code
Example 4.4 (cont’d) Calculations and Discussion Reference
Distance from support where stirrups not required:
Y 29. .
V, < Ve _ 295 = 14.8 kips 11.5.5.1
2 2
Vy = 863 -6x = 14.8 kips
x = 11.9ft = 1/2 span
Use No. 4 U-stirrups @ 7 in. (entire span)
2. Bar lengths for bottom reinforcement
a. Required number of bars to be extended into supports. 12.11.1

One-fourth of (+A;) must be extended at least 6 in. into the snpports. With a longitu-
dinal bar required at each corner of the stirrups (12.13.3), at least 2 bars should be
extended full length. Extend the 2-No. 8 bars full span length (plus 6 in. into the

supports) and cut off the 2-No. 9 bars within the span.

b.  Determine cut-off locations for the 2 No. 9 bars and check other development require-

ments.

Shear and moment diagrams for loading condition causing maximum factored

positive moment are shown below.
W, = 8 kif

) 168.8'k

(T TTT 1T

28

K
7785 56.6K

4

- 4

234.4'k
L e
g.45' 9.45'

267.9'K
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Code
Example 4.4 (cont’d) Calcuiations and Discussion Reference

The positive moment portion of the M, diagram is shown below at a larger scale,
including the design moment strengths oM, for the total positive Ag (2-No. 8 and
2-No. 9} and for 2-No. 8 bars separately. For 2-No. 8 and 2-No. 9, M =

280.7 ft-kips. For2-No. 8, ¢M = 131.8 ft-kips.

a5 286

SHANY
S~

/ 1.8 M, = 267 9%
¢ M, for 2-No. 8 = 131.8% D \

/1
W
¢ My, for 2No. 8 & 2-No. 9=280.7K

-«

- 6.6' » - 5.7 >
©); @
845" | 8.55'
N - -
2-No. 9
2-No, 8
—» 46" 6" — --—
ol 17’ -
4.5' o gl Il W= TR
- 25' »
>

As shown, the 2-No. 8 bars extend full span length plus 6 in. into the supports. The
2-No. 9 bars are cut off tentatively at 4.5 ft and 3.5 ft from the exterior and interior
supports, respectively. These tentative cutoff locations are determined as follows:

Dimensions (1) and (2) must be the larger of d or 12dy: 12.10.3
d = 19.41in. = 1.6 ft (governs)

12dy, = 12(1.128) = 13.51n.
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Example 4.4 (cont’d) Calculations and Discussion Reference

Within the development length £, only 2-No. 8 bars are being developed (2-No. §
bars are already developed in length 8.45 fr)

Development for No. 8 corner bars, see Table 4-2.
{g = 47d, = 47(1.0) = 47in. = 3.9 1t

Dimension (3): 6.6ft>39ft QK.
Dimension {4): 5.7f1>3.9ft QK.

Check required development length ¢4 for 2-No. 9 bars. Note that 2-No. & bars are
already developed in length 4 ft from bar end.

Clear spacing between 2-No. 9 bars

[16 - 2(1.5) - 2(0.5) - 2(1.0) - 2(1.128)}/3 = 2.58 in. = 2.29dy, > 2d,

For No. 9 bar, {43 = 47d, Table 4-2
= 47(1.128) = 53in. = 44ft<845ft OK.

For No. 8 bars, check development requirements at points of inflection (PI): 12.11.3
M

gy < D4y, Eq. (12-3)

VU
For 2-No. 8 bars, M, = 131.8/0.9 = 146.4 ft-kips

Atleft PI, V, =77.6 - 6(3.5) = 56.6 kips

1]

2, = largerof 12d, = 12(1.0) = 12in.ord = 19.4 in. {governs)

by < M64X12 15,4 - sosin,
56.6
For No. 8 bars, {3 = 471in. < 50.5in. OK.

Atright PI, V,, = 56.8 kips; by inspection, the development requirements for the
No. 8 bars are O.K.

With both tentative cutoff points located in a zone of flexural tension, one of the
three conditions of 12.10.5 must be satisfied.

At left cutoff point (4.5 ft from support):
Vyu = 77.6- (4.5 x 6) = 50.6kips
oV, = 79.4 kips (No. 4 U-stirrups @ 7 in.)

2/3(79.4) = 52.9kips > 50.6kips OXK. 12.10.5.1

4-43



Code
Example 4.4 (cont’d) Calculations and Discussion Reference

For illustrative purposes, determine if the condition of 12.10.5.3 is also satisfied:

M, = 54.1 ft-kips at 4.5 ft from support

Agrequired = 0.63 in.2

For 2-No. 8 bars, Ag provided = 1.58 in.?

1.58in.2 > 2(0.63) = 1.26in.2 OX. 12.10.5.3
3/4(79.4) = 59.6 kips > 50.6kips O.K. 12.10.5.3
Therefore, 12.10.5.3 is also satisfied at cutoff location.

At right cutoff point (3.5 ft from support):

Vy = 724-(35 x6) = 51.4kips

2/3 (0V,) = 52.9kips > 51.4kips OK. 12.10.5.1
Summary: The tentative cutoff locations for the bottom reinforcement meet all code

development requirements. The 2-No. 9 bars x 17 ft would have to be placed un-

symmetrically within the span. To assure proper placing of the No. 9 bars, it would

be prudent to specify a 18 ft length for symmetrical bar placement within the span,

i.e., 3.5 ft from each support. The ends of the cut off bars would then be at or close

to the points of inflection, thus, eliminating the need to satisfy the conditions of

12.10.5 when bars are terminated in a tension zone. The recommended bar arrange-

ment is shown at the end of the example.

3. Bar lengths for top reinforcement

Shear and moment diagrams for loading condition cansing maximum factored negative
moments are shown below.

The negative moment portions of the M, diagram are also shown below at a larger scale,
including the design moment strengths $M , for the total negative A, at each support

(4-No. 8 at exterior support and 4-No. 10 at interior support) and for 2-No. 10 bars at the
interior support. For 4-No. 8, $M, =251.1 ft-kips. For 4-No. 10, $M,, = 379.5 ft-kips.

For 2-No. 10, 6M,, = 194.3 ft-kips.
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Code
Example 4.4 (cont’d) Calculations and Discussion Reference

Wy = 6 kif

r T H T
234 4'k ! J | ‘ 375.0%
: l + H 3 +

69.4k

80.6k
375.0'k

234.4'

169.9%

375k
/ 234.4%
® My for 2-No. 10 = 194.3' & My for 4-No. 8=251.1k
1.6

L 1.6
1, ar \\ / 6.0
L 578 % My for 4-No. 10 = 379.5%

6

4-No. 8 4-No. 10 l>

25

Y

-
B I
.
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Example 4.4 (cont’d) Calculations and Discussion Reference

4. Development requirements for 4-No. 8 bars at exterior support

a.

Required number of bars to be extended.

One-third of (-A,) provided at supports must be extended beyond the point 12.12.3
of inflection a distance equal to the greater of d, 12dy , or £,/16.

d = 194in. = 1.6 ft (governs)

12dy = 12 (1.0) = 12.0in.

£,/16 = 25 x 12/16 = 18.75in.

Since the inflection point is located only 4.1 ft from the support, total length of the
No. 8 bars will be relatively short even with the required 1.6 ft extension beyond the

point of inflection. Check required development length £4 for a cutoff location at
5.75 ft from face of support.

Dimension (5) must be at least equal to 4 12.12.2
For No. 8 bars, £3 = 47d, = 47(1.0) = 47 in. Table 4-2
With 4-No. 8 bars being developed at same location (face of support):

Including top bar effect, £; = 1.3 (47) = 61l.1in.

ForNo. 8topbars, £3 = 61.1in.=5.1ft<5.75ft OK.

Anchorage into exterior column.

The No. 8 bars can be anchored into the column with a standard end hook. From
Table 4-4, £gn = 19.0 in. The required {4, for the hook could be reduced if excess
reinforcement is considered:

(A requ.lred) _ 293 _ 0.93 12.5.3(c)
(Aq provided)  3.16

ap = 19 x 093 = 17.7in.

Overall depth of column required would be 17.7 + 2 =19.7 in.

5. Development requirements for 4-No. 10 bars at interior column

a.

Required extension for one-third of (-Ay) 12.12.3
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If the beam were part of a primary lateral load resisting system, the 2-No. 8 bottom bars
extending into the supports would have to be anchored to develop the bar yield strength
at the face of supports. At the exterior column, anchorage can be provided by a standard
end hook. Minimum width of support (overall column depth) required for anchorage of
the No. 8 bar with a standard hook is a function of the development length £, from
Table 4-4, and the appropriate modification factors (12.5.3).
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Code
Example 4.4 (cont’d) Calculations and Discussion Reference
d=194in.=16f (govems) 4-No. 10
.-q ;—
12dy, = 12(1.27) = 1524 in, °
No. 4
- : ]
£,/16 = 18.75in. i , l - 1.5° cover
16" ———
For No. 10 bars, clear spacing = [16 -2 (1.5) - 2 (0.5) - 4 (1.27))/3
= 23lin. = 1.82dy > dy
Center-to-center spacing = 2.82dy
Cover = 1.5+05 = 2.0 in.= 1.57dy, > dy,
Distance from center of bar to concrete surface = 1.57dy, + 0.5dy, = 2.07d
With minimum shear reinforcement provided and including top bar effect
£4 = 1.3 (47dp) Table 4-2
=13@7N(1.27) = 77.61n.
Dimension (6) = 6.0ft+1.6ft = 7.6ft > {; = 77.6in=65ft OK.
6. Summary: Selected bar lengths for the top and bottom reinforcement shown below.
18" W Te 5-9" 7-8"
min. / 4-No. 10
~ -
( | 4-No.8 2-No. 9 x 180" >
—>| Lst— 6" —‘.\2-N0. 8 X 26'-0" 6"
No.4 @ 7"
- ,
| 25'-0 -
*see 12.11.1
7. Supplementary Requirements
12.11.2



Code
Example 4.4 (cont’d) Calculations and Discussion Reference

At the interior column, the 2-No. 8 bars could be extended /4 distance beyond the face
of support into the adjacent span or lap spliced with extended bars from the adjacent
span. Consider a Class A lap splice adequate to satisfy the intent of 12.11.2.
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Example 4.5—Lap Splices in Tension

Design the tension lap splices for the grade beam shown below.

Lap T v
Column ! Column ——»
| |
A
< 0 <

NS S S SIS

Lap
' Etevation
f. = 40600 psi
fy = 60,000 psi, uncoated bars
b = 16in.
b = 30in.

Bar cover = 3.0in.

4-No. 9 bars top and bottom (continuous)
No. 4 stirrups @ 14 in. (entire span)
+M,; @B =340 ft-kips

-M, @A = 120 ft-kips

Preferably, splices should be located away from zones of high tension. For a typical grade beam, top bars
should be spliced under the columns, and bottomn bars about midway between columns. Even though in this
example the splice at A is not a preferred location, the moment at A is relatively small. Assume for illustration
that the splices must be located as shown,

Code
Calculations and Discussion Reference
Calculations for this example will be performed using 12.2.3.
Nominal diameter of No. 9 bar = 1.128 in. 14
s
Assuming all bars are spliced at the same location ~No. 4
Clear spacing = [16 - 2 (cover) - 2 (No. 4 stirrups) - 4 (No. 9 l
bars)]/3 spaces l 3% cover
= [16-2(3.0)-2(0.50) - 4 (1.128))/3 ’
. -—— 16"
= 1.501in.
= 1.334dp

Center-to-center spacing of bars being developed = 1.50 + 1.128 = 2.63 in. = 2.33d;

Clear cover = 3.0+0.5 = 3.5in. = 3.1d;
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Code
Example 4.5 (cont’d) Calculations and Discussion Reference

Distance from center of bar to concrete surface = 3.0+ 0.5+ (1.128/2) = 4.11n. = 3.6dy

¢ =the smaller of (1) distance from center of bar being developed to the nearest concrete surface
and (2) one-half the center-to-center spacing of bars being developed

c = 3.6db
= 2.33dy,/2 = 1.17d;, (governs)

Lap Splice of Bottom Reinforcement at Section B

0= |2 By yweyd dy
40 Jio ¢y + Ky Eq. (12-1)
dp
y; = 1.0 for bottom bar 12.2.4
Y, = 1.0 for uncoated bars
y = 1.0 for No. 7 and larger bars

A = 1.0 for normal weight concrete

¢y = 1.17dy, (computed above)
_ Auly
T 7 1500sn

Ay = area of 2-No, 4 stirrups = 2 (0.2) = 0.4in2
s = 14in. spacing
n = 4 bars being developed

Ky = 2200000 _ 40950 = 0.26d,
1500 (14) (4)
[Cb;—KtrJ = 1174026 = 143 <25 OK. 1223
b
0, = 3 (60,000) (1.0) (1.0) (1.0 (1.0) (1.128) _ 56 1 in.

404/4,000 (1.43)
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Code
Example 4.5 (cont’d) Calculations and Discussion - Reference

A, required (+My @ B = 340 ft-kips) = 3.1l in.2

A, provided (4 No. 9 bars) = 4.00 in.2

Ag provided — 4.00

: = =129 <2
A required 311
Class B splice required = 1.344 12.16.1
12.15.2
Note: Even if lap splices were staggered (A, spliced = 50%), a Class B splice must be
used with (A4 provided/Ag required) < 2
Class B Splice = 1.3¢4; = 1.3(56.1) = 72.9in. = 6.1t
It is better practice to stagger alternate lap splices. As a result, the clear spacing between
spliced bars will be increased with a potential reduction of development length,
Clear spacing = 2 (1.50} + 1.128 = 4.13 in. = 3.66d;
Center-to-center spacing of bars being developed = 3.66dp + d, = 4.66dy
Distance from center of bar to concrete surface = 3.6dy,
Thus, ¢ = 4'62& = 2.33dy
- 2(0.2) (60,000) = 0.57in. = 0.51dy
(1500) (14) (2)
Therefore, {"_b%&J = 2334051 = 2.84 > 2.5 Use2.5. 122.3
b

3 (60,000) (1.0) (1.0} (1.0) {L.0)

1.128) = 32.1 in.
4044000 (2.5) (1.128) -

£q =

Class B splice = 1.3(32.1) = 41.7in.=3.5ft
Use 3 ft-6 in. lap splice @ B and stagger alternate lap splices.

Lap Splice of Top Reinforcement at Section A

As size of top and bottom reinforcement is the same, computed development and splice lengths
for top bars will be equal to that of the bottom bars increased by the 1.3 multiplier for top bars.
In addition, because positive and negative factored moments are different, the ratio of provided
to required reinforcement may affect the type of splice as demonstrated below.
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Code
Example 4.5 (cont’d) Calculations and Discussion Reference

Ag required (+M, @ A = 120 ft-kips) = 1.051in.2
Ay provided/A; required = 4.00/1.05 = 3.81>2
If altenate lap splices are staggered at least a lap length (Ag spliced = 50%):
Class A splice may be used = 1.04,4 12.152
If all bars are lap spliced at the same location (within req’d lap length):
Class B splice must be used = 1.3,
Assuming splices are staggered, the top bar multiplier will be 1.3.
Class Asplice = 1.3(1.0y(32.1) = 41.7in. = 351t

Use 3 ft-6 in. lap splice @ A also, and stagger alternate lap splices.

| 3-6" , 3-6" |

| | 1 1
B S s S N A R s s A O N S S S s S S S S N Y
—_
e SN N NN N N N A N NS S SN S S AN N NY
Vol Al ]
BASSSSOSINNENAIIIANSNEENNNSESSSNESN]
= —=_
S s s A A A S S S R R A N
VS

Altemate lap splice stagger arrangement
{Note: bar laps are positioned vertically)
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Example 4.6—Lap Splices in Compression

The following two examples illustrate typical calculations for compression lap splices in tied and spirally rein-
forced columns.

Code
Calculations and Discussion Reference
1. Design a compression lap splice for the tied column shown below. Assume all bars in
compression for factored load combinations considered in design (Zone 1 in Fig. 4-21).
See also Table 4-8.
b =161in.
h =161in.
f. = 4000 psi
fy = 60,000 psi
8-No. 9 bars
a. Determine lap splice length: 12.16.1
For fy = 60,000 psi:
Length of lap = 0.0005fydp, but not less than 12 in.
= 0.0005 (60,000) 1.128 = 34 in,
b. Determine column tie requirements to allow an 0.83 reduced lap length: 12.17.2.4
Required column ties: No. 3 @ 16 1in. o.c. 7.10.5.2

Required spacing of No. 3 ties for reduced lap length:
effective area of ties = 0.0015hs

(2 x 0.11) 2 (.0015 x 16s

s = 9.21in.

Spacing of the No. 3 ties must be reduced to 9 in. o.c. throughout
the lap splice length to allow a lap length of 0.83 (34 in.) = 28 in.

2. Determine compression lap splice for spiral column shown.
fo = 4000 psi
fy = 60,000 psi

8-No. 9 bars
No. 3 spirals
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Example 4.6 (cont’d) Calculations and Discussion Reference
a.  Determine lap splice length 12.16.1
For bars enclosed within spirals, “basic” lap splice length may be multiplied 12.17.2.5
by a factor of (.75.
For f, = 60,000 psi:
lap = 0.75(34) = 26 in.
Note: End bearing, welded, or mechanical connections may also be used. 12.16.3
12.16.4
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Exampie 4.7—Lap Splices in Columns

Design the lap splice for the tied column detail shown. "““*"’
« Continuing bars from column above (4-No. 8 bars) 2 .
« Offset bars from column below (4-No. 8 bars) j
f. = 4000 psi {(normal weight)
fy = 60,000 psi T
b =h= 16in. 1 I
4-No. 8 bars (above and below floor level) 16" 1 P
No. 3 ties @ 16 in. ] !
Cover = 1.5in. S
&
Lap splice to be designed for the following factored load combinations: §'
1. P, = 465 kips L
M, = 20 ft-kips
L
2. Py = 360kips
My = 120 ft-kips
3. Py = 220 kips
My = 100 fi-kips
| L
Code
Calculations and Discussion Reference
1. Determine type of lap splice required. 12.17.2
Type of lap splice to be used depends on the bar stress at the splice location due to all
factored load combinations considered in the design of the column. For design purposes,
type of lap splice will be based on which zone, or zones, of bar stress all factored load
combinations are located on the column load-moment strength diagram. See discussion
for 12.17.2, and Fig. 4-21. The load-moment strength diagram {column design chart) for
the 16 x 16 column with 4-No. 8 bars is shown below, with the three factored load
combinations considered in the design of the column located on the interaction strength
diagram,
Note that load combination (2) governed the design of the column (selection of 4-No. 8
bars). Table 4-8

For load combination (1), all bars are in compression (Zone 1), and a compression lap
splice couldbe used. For load combination (2), bar stress is not greater than 0.5f,
{Zone 2), so a Class B tension lap splice is required; or, a Class A splice may be used if
alternate lap splices are staggered. For load combination (3), bar stress is greater than
0.5fy (Zone 3), and a Class B splice must be used.
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Example 4.7 (cont’d) Calculations and Discussion Reference

800

A
AN
/

/2

/ Pum—
o 50 100 150 200

Axial Load, kips
g
N
N

g

N
N
pd

Moment, fi-kips
Interaction Diagram for 16 in. X 16 in. Column

Lap spiice required for the 4-No. 8 bars must be based on the load combination producing
the greatest amount of tension in the bars; for this example, load combination (3) governs

the type of lap splice to be used.

Class B splice required = £43 = 1.344, 12.15.1
2. Determine lap splice length

Determine tension development length by 12.2.3.

P No. 3 tie

| — 1.5" cOver
16" —— =

Nominal diameter of No. 8 bar = 1.00 in.
Clear spacing between bars being developad is large and will not govern.
Clear cover = 1.5+ 0.375=1.875in. = 1.875dy

Distance from center of bar to concrete surface = 1.875 + 0.5 = 2.375 in. = 2.375dy,
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Example 4.7 {cont’d) Calculations and Discussion Reference

¢ = the smaller of (1) distance from center of bar being developed to the nearest concrete
surface, and of (2) one-half the center-to-center spacing of bars being developed

¢ = 2.375dy

3 wwewd |,

b
40 Jo {cp + Ky Eq. (12-1)
dp

v, = 1.0for vertical bar 1224

1.0 for uncoated bars

Ye

vy, = 1.0for No. 7 and larger bars

A = 1.0 for normal weight concrete

cp = 2.375dy

_ Auly
1500sn

Ay =areaof 2-No. 3 ties
5 = 16 in. spacing

2 bars being developed on one column face

=
Il

_2(0.11) (60,000)
T 1500 (16) (2)

=0275in. =0.275 dy

[S%K—UJ =2.375+0275=2.65 > 2.5 Use25 12.2.3
b

3 (60,000) (1.0) (1.0) (1.0) (1.0}
40~/4000 (2.5)

£ = (1.00) = 28.5 in.

Class B splice = 1.3(28.5) = 37 in.

Use 37 in. lap splice for the 4 No. 8 bars at the floor level indicated.

4-57



Blank

4-58



5

Design Methods and Strength
Requirements

UPDATE FOR THE ‘05 CODE

Expressions to determine strength reduction factor ¢ within the transition zone were revised in Figure R.9.3.2.
The expressions were modified to resolve the inaccuracy reported from some users of the 2002 code.

In pretensioned members, 9.3.2.7 was revised to allow the linear increase of the ¢ factor from 0.75 to 0.9 for
sections in flexural members located between the end of the transfer length and the end of the development
length. This revision was introduced to remedy a discontinuity in the calculated flexural strength along the
length of prentntioned members.

Spiral transverse reinforcement {10.9.3) has been excluded from the upper limit of 80,000 psi yield strength
(9.4). Research shows that 100,000 psi yield strength reinforcement can be used for confinement. This change
will help reduce congestion, and allow easier concrete consolidation.

8.1 DESIGN METHODS

Two philosophies of design for reinforced concrete have long been prevalent. Working Stress Design was the
principal method used from the carly 1900s until the early 1960s. Since publication of the 1963 edition of the
ACI code, there has been a rapid transition to Ultimate Strength Design, largely because of its more rational
approach. Ultimate strength design, referred to in the code as the Strength Design Method {SDM) is conceptu-
ally more realistic in its approach to structural safety and reliability at the strength limit state.

The 1956 ACI code (ACI 318-56) was the first code edition which officially recognized and permitted the
ultimate strength method of design. Recommendations for the design of reinforced concrete structures by ulti-
mate strength theories were included in an appendix.

The 1963 ACI code (ACI 318-63) treated the working stress and the ultimate strength methods on an equal basis.
However, a major portion of the working stress method was modified to reflect ultimate strength behavior. The
working stress provisions of the 1963 code, relating to bond, shear and diagonal tension, and combined axial
compression and bending, had their basis in ultimate strength.

The 1971 ACI code (ACI 318-71) was based entirely on “ultimate strength desigr” for proportioning reinforced
concrete members, except for section (8.10) devoted to what was called the Alternate Design Method (ADM).
The ADM was not applicable to the design of prestressed concrete members. Even in that section, the service
load capacities (except for flexure) were given as various percentages of the ultimate strength capacities of other
parts of the code. The transition to ultimate strength methods for reinforced concrete design was essentially
complete in the 1971 ACI code, with ultimate strength design definitely established as being preferred.



Inthe 1977 ACI code {ACI 318-77) the ADM was relegated to Appendix B. The appendix location served to separate
and clarify the two methods of design, with the main body of the code devoted exclusively to the SDM. The ADM
was retained in all editions of the code from 1977 to the 1999 edition, where it was found in Appendix A. In 2002, the
code underwent the most significant revisions since 1963, The ADM method was deleted from the 2002 code (ACI
318-02). It is still referenced in Commentary Section R1.1 of the 2002 code. The general serviceability requirements
of the main body of the code, such as the provisions for deflection and crack control, must always be satisfied.

A modification to the SDM, referred to as the Unified Design Provisicns, was added to the ‘95 edition of the
code. In keeping with tradition, the method was added as Appendix B. The provisions apply to the design of
nonprestressed and prestressed members subject to flexure and axial loads. The Unified Design Provisions were
incorporated into the body starting with the 2062 code. See 8.1.2 below.

8.1.1 Strength Design Method

The Strength Design Method requires that the design strength of a member at any section should equal or exceed
the required strength calculated by the code-specified factored load combinations. In general,

Design Strength = Required Strength (U)
where
Design Strength = Strength Reduction Factor (¢) x Nominal Strength
¢ = Strength reduction factor that accounts for (1) the probability of understrength of a member due
to variations in material strengths and dimensions, {2) inaccuracies in the design equations, (3) the

degree of ductility and required reliability of the loaded member, and (4) the importance of the
member in the structure (see 9.3.2).

Nominal Strength = Strength of a member or cross-section calculated using assumptions and strength
equations of the Strength Design Method before application of any strength reduction factors.

Required Strength (U) = Load factors X Service load effects. The required strength is computed in
accordance with the load combinations in 9.2.

LLoad Factor = Overload factor due to probable variation of service loads.
Service L.oad = Load specified by general building code (unfactored).
Notation
Required strength:
M, = factored moment (reguired flexural strength)
Py, = factored axial force (required axial load strength) at given eccentricity

V. = factored shear force (required shear strength)
T, = factored torsional moment {required torsional strength)

Nominal strength:

M;, = nominal flexural strength
My, = nominal flexural moment strength at balanced strain conditions
P, = nominal axial strength at given eccentricity
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P, = nominal axiai strength at zero eccentricity

Py, = nominal axial strength at balanced strain conditions

V, = nominal shear strength '

V. = nominal shear strength provided by concrete

V, = nominal shear strength provided by shear reinforcement
Ty = nominal torsional moment strength

Design Strength:

¢Mpy, = design flexural strength

$P, = design axial strength at given eccentricity
$Vn = design shear strength = ¢ (Vo + Vy)

¢Tn = design torsicnal moment strength

Section R2.2 gives an in-depth discussion on many of the concepts in the Strength Design Method.

8.1.2 Unified Design Provisions

A modification to the Strength Design Method for nonprestressed and prestressed concrete fiexural and compression
members was introduced in 1995 in Appendix B. This appendix introduced substantial changes in the design for
flexure and axial loads. Reinforcement limits, strength reduction factors ¢, and moment redistribution were affected.

The Unified Design method is similar to the Strength Design Method in that it uses factored Joads and strength
reduction factors to proportion the members. The main difference is that in the Unified Design Provisions, a
concrete section is defined as either compression-controlled or tension-controlled, depending on the magnitude
of the net tensile strain in the reinforcement closest to the tension face of a member. The ¢ factor is then deter-
mined by the strain conditions at a section at nominal strength. Prior to these provisions, the ¢ factors were
specified for cases of axial load or flexure ot both in terms of the type of loading.

1t is important to note that the Unified Design Provisions do not alter nominal strength calculations. The major
differences occur in checking reinforcement limits for flexural members, determining the ¢ factor for columns

with small axial load, and computing redistributed moments. Most other applicable provisions in the body of the
1999 code apply to design using the current code.

The code sections displaced by the Unified Design Provisions are now located in Appendix B. These former
provisions are still permitted to be used.

In general, the Unified Design Provisions provide consistent means for designing nonprestressed and prestressed
flexural and compression members, and produce results similar to those obtained from the Strength Design
Method. The examples in Part 6 and Ref. 5.1 illustrate the use of this new design method.

9.1 STRENGTH AND SERVICEABILITY—GENERAL

9.1.1 Strength Requirements

The basic criterion for strength design as indicated in 9.1.1 is as follows:
Design Strength = Required Strength

Surength Reduction Factor (¢) x Nominal Strength = Load Factor x Service Load Effects
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All structural members and sections must be proportioned to meet the above criterion under the most critical
load combination for all possible actions (flexure, axial load, shear, etc.):

4) Pn 2 Pu
oMy 2 M,
OVa2Vy
¢Th=Ty

The above criterion provides for the margin of structural safety in two ways:

1. It decreases the strength by multiplying the nominal strength with the appropriate strength reduction factor
&, which is always less than 1. The nominal strength is computed by the code procedures assuming that the
member or the section will have the exact dimensions and material properties assumed in the computations.
For exampile, the norminal flexural strength for the singly reinforced section shown in Fig. 5-1 is:

Mn = Asfy (d - af2)
and the design flexural moment strength is

OMn = p[Asfy(d - a/2)]

0.85¢;

T
aL < c
d
(- a/2)
AS
A— | — o
b
by

Figure 5-1 Singly Reinforced Section

2. ltincreases the required strength by using factored loads or the factored internal moments and forces. Fac-
tored loads are defined in 2.2 as service loads multiplied by the appropriate load factors. The loads to be used
are described in 8.2. Thus, the required flexural strength of the section shown in Fig. 5-1 for dead and live
loads is:

M, =1.2Mg+ 1.6 M, 2 1.4M4 Egs. (9-1} & (9-2)

where Mg and M, are the moments due to service dead and live loads, respectively.
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Thus, the design strength requirement for this section becomes:
b[Asfy(d-a/2)] 2 1.2Mg + 1.6 M, = 1.4Mg
Similarly, for shear acting on the section, the eriterion for strength design can be stated as:

OVa= 0 (Ve+ Vg2V,

Ayfyd
¢ | 24E byd + ——1212Va+ 1.6V, 214Vg
$

The following are the reasons for requiring strength reduction factors and load factors in strength desig

1. The strength reduction of materials or elements is required because:

a.  Material strengths may differ from those assumed in design because of:

. Variability in material strengths—the compression strength of concrete as well as the yield
strength and ultimate tensile strength of reinforcement are variable.

. Effect of testing speed-—the strengths of both concrete and steel are affected by the rate of loading.

. In situ strength vs. specimen strength—the strength of concrete in a structure is somewhat

different from the strength of the same concrete in a control specimen.

11; 5.2

. Effect of variability of shrinkage stresses or residual stresses—the variability of the residual
stresses due to shrinkage may affect the cracking load of a member, and is significant where

cracking is the critical limit state. Similarly, the transfer of compression loading from ¢
to steel due to creep and shrinkage in columns may lead to premature yielding

oncrete
of the

compression steel, possibly resulting in instability failures of slender columns with small

amounts of reinforcement.

b. Member dimensions may vary from those assumed, due to construction/fabrication toleranc
following are significant:

. Formwork tolerances affecting final member dimensions.
. Rolling and fabrication tolerances in reinforcing bars.
. Geometric tolerances in cross-section and reinforcement placement tolerances.

c.  Assumptions and simplifications in design equations, such as use of the rectangular stress block

es. The

and the

maximum usable strain of concrete equal to 0.003, introduce both systematic and random inaccuracies.

d. The use of discrete bar sizes leads to variations in the actual capacity of members. Calculated

area of

reinforcement has to be rounded up to match the area of an integer number of reinforcing bars.

2. The load factors are required for possible overloading because:

a  Magnitudes of loads may vary from those determined from building codes. Dead loads may vary

because of:

. Variations in member sizes.

. Variations in material density.

. Structural and nonstructural alterations.

Live loads can vary considerably from time to time and from butlding to building.
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b.  Uncertainties exist in the calculation of load effects—the assumptions of stiffnesses, span lengths, eic.,
and the inaccuracies involved in modeling three-dimensional structures for structural analysis lead to
differences between the stresses which actually occurin a building and those estimated in the designer’s

analysis.

3. Strength reduction and load increase are also required because the consequences of failure may be severe. A
number of factors should be considered:

The type of failure, warning of failure, and existence of alternative load paths,

Potential loss of life.

Costs to society in lost time, lost revenue, or indirect loss of life or property due to failure.
The importance of the structural element in the structure.

e. Cost of replacing the structure.
By way of background to the numerical values of load factors and strength reduction factors specified in the

code, it may be worthwhile reproducing the following paragraph from Ref. 5.2:

a0 op

“The ACI ... design requirements ... are based on an underlying assumption that if the prob-
ability of understrength members is roughly 1 in 100 and the probability of overload is roughly
1 in 1000, the probability of overload on an understrength structure is about 1 in 100,000,
Load factors were derived to achieve this probability of overload. Based on values of concrete
and steel strength corresponding to probability of 1 in 100 of understrength, the strengths of a
number of typical sections were computed. The ratio of the strength based on these values o
the strength based on nominal strengths of a number of typical sections were arbitrarily
adjusted to allow for the consequences of failure and the mode of failure of a particular type
of member, and for a number of other sources of variation in strength.”

An Appendix to Ref. 5.2 traces the history of development of the current ACI load and strength
reduction factors.

9.1.2 Serviceability Requirements

The provisions for adequate strength do not necessarily ensure acceptable behavior of the member at service load
levels. Therefore, the code includes additional requirements to provide satisfactory service load performance.

There is not always a clear separation between the provisions for strength and those for serviceability. For
actions other than flexure, the detailing provisions in conjunction with the strength requirements are meant to
ensure adequate performance at service loads. For flexural action, there are special serviceability requirements
concerning short and long term deflections, distribution of reinforcement, crack control, and permissible stresses
in prestressed concrete. A consideration of service load deflections is particularly important in view of the
extended use of high-strength materials and more accurate methods of design which result in increasingly slen-
der reinforced concrete members.

9.1.3 Appendix C
Starting with thw 2002 code, the load factors and strength reduction factors used in the 1999 and earlier codes

were placed in Appendix C. Use of Appendix C is permitted by 9.1.3. However, it is mandatory that both the load
combinations and strength reduction factors of Appendix C are used together.
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9.2 REQUIRED STRENGTH

As previously stated, the required strength U is expressed in terms of factored loads, or their related internal
moments and forces. Factored loads are the service-level loads specified in the general building code, multiplied
by appropriate load factors in 9.2. It is important to recognize that earthquake forces computed in accordance
with the latest editions of the model buildings codes in use in the U. S. are strength-level forces. Specifically,
seismic forces calculated under the 1993 and later editions of The BOCA National Building Code, the 1994 and
later editions of the Standard Building Code, and the 1997 Uniform Building Code are strength-level forces. In
addition, the 2000 and 2003 International Building Code (IBC) developed by the International Code Council
have seismic provisions that are strength-level forces.

This development has created confusion within the structural engineering profession since when designing in
concrete one must use some load combinations from ACT 318 and others from the governing building code. To
assist the structural engineer in understanding the various load combinations and their proper application 1o
design of concrete structural elements governed by one of these codes, a publication was developed by PCA in
1998. Strength Design Load Combinations for Concrete Elements®® provides background on the use of the ACI
318 factored load combinations. In addition, it cites the load combinations in the model codes, including the
[BC, that must be used for seismic design.

Section 9.2 prescribes load factors for specific combinations of loads. A list of these combinations is shown
below. The numerical value of the load factor assigned to each type of load is influenced by the degree of
accuracy with which the load can usually be assessed, the variation which may be expected in the load during the
lifetime of a structure and the probability of simultaneous occurrence of different load types. Hence, dead loads,
becaunse they can usually be more accurately determined and are less variable, are assigned a lower load factor
(1.2) as compared to live loads (1.6). Also, weight and pressure of liquids with well-defined densities and con-
trollable maximum heights are assigned a reduced load factor of 1.2 due the lesser probability of overloading. A
higher load factor of 1.6 is required for earth and groundwater pressures due to considerable uncertainty of their
magnitude and recurrence. Note that while most usual combinations of loads are included, it should not be
assumed that all cases are covered. Section 9.2 contains load combination as follows:

U=14D+F) Eq. (9-1)
U=12D+F+T)+1.6(L+H)+ 0.5(LrorSorR) Eq. (9-2)
U=1.2D+ L6(LsorSorR)+ (1.0L or 0.8W) Eq. (9-3)
U=12D+ 1.6W + L.OL + 0.5(Lror Sor R) Eq. (9-4)
U=12D+ 1.0E+1.0L+0.28 Eq. (9-5)
U=09D+ 1.6W + 1.6H Eq. (9-6)
U=09D+1.0E + 1.6H Eq. (9-7)
where:
D= dead loads, or related internal moments and forces
= load effects of seismic forces, or related internal moments and forces
F= Joads due to weight and pressures of fluids with well-defined densities and controllable maxi-
mum heights, or related internal moments and forces
H= loads due to weight and pressure of soil, water in soil, or other materials, or related internal

moments and forces

5-7



L= live loads. or related internal moments and forces

L;= roof live load, or related internal moments and forces
R= rain load, or related internal moments and forces
= snow load, or related internal moments and forces
T= cumulative effect of temperature, creep, shrinkage, differential settlement, and shrinkage-com-

pensating concrete
= required strength tc resist factored loads or refated internal moments and forces
W= wind load, or related internal moments and forces

Note that in Eqs. (9-1) through {9-7}, the effect of ane or more loads not acting simultaneously must also be investigated.

Exceptions to the load combination are as follows:

1.

The load factor on L in Ea. (9-3), (9-4), and (9-3) shall be permitted to be reduced to .5 except for garages,
areas occupied as places of public assemnbly, and all areas where the live load L is greater than 100 1b/ff*,
Where wind load W has not been reduced by a directionality factor, it shall be permitted to use 1.3W
in place of 1.6W in Eq. (9-4) and (9-6). Note that the wind load equation in ASCE 7-98 and IBC 2000
includes a factor for wind directionality that is equal to 0.85 for buildings. The corresponding load factor for
wind in the load combination equations was increased accordingly (1.3/0.85 = 1.53 rounded up to 1.6). The
code allows use of the previous wind load factor of 1.3 when the design wind lead is obtained from other
sources that do not include the wind directionality factor.

Where earthquake load E is based on service-level seismic forces, 1.4E shall be used in place of 1.0E in
Eq. (9-5) and (9-7).

The load factor on H shall be set equal to zero in Eqg. (9-6) and (9-7) if the structural action due to H
counteracts that due to W or E. Where lateral earth pressure provides resistance to structural actions from
other forces, it shall not be included in H but shall be included in the design resistance.

Other consideration related to load combination are as follows:

Resistance to impact effects, where applicable, shall be included with live load (9.2.2).

Differential settlement, creep, shrinkage, expansion of shrinkage-compensating concrete, or temperature
change shall be based on a realistic assessment of such effects occurring in service (9.2.3).

For a structure in a flood zone, the flood load and load combinations of ASCE 7 shail be used (9.2.4).

For post-tensioned anchorage zone design, a load factor of 1.2 shall be applied to the maximum prestressing
steel jacking force (9.2.5).

For many members, the loads considered are dead, live, wind, and earthquake. Where the F, H, R, S5, and T
loads are not considered, the seven equations simplify to those given in Table 5-1 below.

Table 5-1 Required Strength for Simplified Load Combinations

Loads Required Strength Code Eq. Na.
Dead {D} and Live (L) 14D 9-1
1.2D +1.6L + 0.5L, 9-2
Dead, Live, and Wind (W) 12D +1.6L +1.0L 9-3
12D +1.6L + 0.8W 9-3
1.2D + 1.6W+1.0L + 0.5 9-4
0.9D + 1.6W 9-6
Dead, Live, and Earthquake (E) 12D +1.0L+1.0E g-5
0.9D + 1.CE 9-7
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While considering gravity loads (dead and live), a designer using the code moment coefficients (same coefficients
for dead and live loads—8.3.3) has three choices: (1) multiplying the loads by the appropriate load factors, adding
them into the total factored load, and then computing the forées and moments due to the total load, (2) computing the
effects of factored dead and live loads separately, and then superimposing the effects, or (3) computing the effects of
unfactored dead and live loads separately, multiplying the effects by the appropriate load factors, and then superim-
posing them. Under the principle of superposition, all three procedures yield the same answer. For designers per-
forming a more exact analysis using different coefficients for dead and live loads (pattern loading for hive loads),
choice (1) does not exist. While considering gravity as well as lateral loads, load effects (due to factored or unfactored
loads), of course, have to be computed separately before any superposition can be made.

In determining the required strength for combinations of loads, due regard must be given to the proper sign (posifive
or negative), since one type of loading may produce effects that either add to or counteract the effect of another load.
Even though Egs. (9-6) and (9-7) have a positive sign preceding the wind (W) or earthquake (E) load, the combina-
tions are to be used when wind or earthquake forces or effects counteract those due to dead loads. When the effects
of gravity loads and wind (W) or earthquake (E) loads are additive, Eqgs. (9-4), (9-5), and (9-6) must be used.

Consideration must be given to various combinations of loads in determining the most critical design combina-
tion. This is of particular importance when strength is dependent on more than one load effect, such as strength
under combined moment and axial load, or the shear strength of members carrying axial lpad.

9.3 DESIGN STRENGTH
9.3.1 Nominal Strength vs. Design Strength

The design strength provided by a member, its connections to other members, and its cross-section, in terms of
flexure, axial load, shear, and torsion, is equal to the nominal strength calculated in accordance with the provisions
and assumptions stipulated in the code, multiplied by a strength reduction factor ¢, which is less than unity. The rules
for computing the nominal strength are based generally on conservatively chosen limit states of stress, strain, crack-
ing or crushing, and conform to research data for each type of structural action. An understanding of all aspects of the
strengths computed for various actions can only be obtained by reviewing the background to the code provisions.

9.3.2 Strength Reduction Factors

The ¢ factors prescribed for structural concrete in 9.3.2 are listed in Table 5-2. The reasons for use of strength
reduction factors have been given in earlier sections.

Table 5-2 Strength Reduction Factors ¢ in the Strength Design Method

Tension-controlled sections 0.90
Compression-controlied sections

Members with spiral reinforcement conforming to 10.9.3 0.70

Cther reinforced members 0.65
Shear and torsion 0.75
Bearing on concrete (except for post-tensioned ancherage zones) 0.65
Post-tensioned anchorage zones 0.85
Struts, ties, nodal zones and shearing areas in strut-and-tie models {Appendix A) 0.75
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Note that a lower ¢ factor is used for compression-controlled (e.g. columns) sections than for tension-controlled
{e.g. beams) sections. This is because compression-controlled sections generally have less ductility and are more
sensitive to variations in concrete strength. Additionally, the consequences of faiture of a column would generally be
more severe than those for failure of a beam. Furthermore, colummns with spiral reinforcement are assigned a higher ¢
factor than tied columns because the former have greater toughness and ductility.

Tension-controlled sections and compression-controlled sections are defined in 10.3.3. See Part 6 for detailed
discussion. '

The code permits a linear transition in ¢ between the limits for tension-controlled and compression-controlled
sections. For sections in which the net tensile strain in the extreme tension steel at nominal strength is between
the limits for compression-controlled and tension-controlled section, ¢ is permitted to be linearly increased from
that for compression-controlled sections to 0.90 as the net tensile strain in the extreme tension steel at nominal
strength increases from the compression-controlled strain limit to 0.005. This is best illustrated by Figure 5-2.

< 0 =0.7 + [(£-0.002)(200/3)]

0.90 N
Spirai —”"
TFoL- o - —
¢ ¢ = 0.65 + (£-0.002)(200/3)
0.65 —Girer
Compression Transition Tension
controlled controfted »
&= 0.002 &= 0.005
= ~0600 £ 0375
d, d,
. . | 5
Interpolation on ¢ /d;: Spiral $ =0.70+0.20 —f
c/dy 3

Other ¢ = 0.65 +0.25 H ! J—(EJ]
c/d, | {3

Figure 5-2 Variation of ¢ with Net Tensile ¢ and c/d, for Grade 60 Reinforcement and for Prestressing Steel

For members subject to flexure and axial load, the design strengths are determined by multiplying both Py and
M,, by the appropriate single value of ¢.

9.3.3 Development Lengths for Reinforcement

Development lengths for reinforcement, as specified in Chapter 12, do not require a strength reduction modifi-
cation. Likewise, ¢ factors are not required for splice lengths, since these are expressed in multiples of develop-
ment lengths.

9.35 Structural Plain Concrete
This section specifies that the strength reduction factor ¢ = 0.55 be used for the nominal strength in flexure,
compression, shear, and bearing of plain concrete in Chapter 22 of the code. This is because both the flexural

tension strength and the shear strength of plain concrete depend on the tensile strength characteristics of con-
crete having no reserve strength or ductility in the absence of steel reinforcement.

5-10



R

9.4 DESIGN STRENGTH FOR REINFORCEMENT

An upper limit of 80,000 psi is placed on the yield strength of reinforcing steels other than prestressing steel and
spiral transverse reinforcement in 10.9.3. A steel strength above 80,000 psi is not recommended because the yield
strain of 80,000 psi steel is about equal to the maximum usable strain of concrete in compression. Currently there
is no ASTM specification for Grade 80 reinforcement. However, No. 11, No. 14, and No. 18 deformed reinfore-
ing bars with a yield strength of 75,000 psi (Grade 75) are included in ASTM A615.

In accordance with 3.5.3.2, use of reinforcing bars with a specified yield strength fy exceeding 60,000 psi re-
quires that fy be the stress corresponding to a strain of 0.35 percent. ASTM A615 for Grade 75 bars includes the
same requirement. The 0.35 percent strain requirement also applies to welded wire reinforcement with wire
having a specified yield strength greater than 60,000 psi. Higher-yield-strength wire is available and a value of
f, greater than 60,000 psi can be used in design, provided compliance with the 0.35 percent strain requirement is

certified.

There are limitations on the yield strength of reinforcement in other sections of the code:

1. Sections 11.5.2,11.6.3.4, and 11.7.6: The maximum fy that may be used in design for shear, combined shear
and torsion, and shear friction is 60,000 psi, except that fy up to 80,000 psi may be used only for shear
reinforcement consisting of welded deformed wire reinforcement meeting the requirements of ASTM Ad97.

2 Sections 19.3.2 and 21.2.5: The maximum specified fy is 60,000 psi in shells, folded plates and structures
governed by the special seismic provisions of Chapter 21.

In addition, the deflection provisions of 6.5 and the limitations on distribution of flexural reinforcement of 10.6
will become increasingly critical as fy increases.
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6

General Principles of
Strength Design

UPDATE TO THE ‘05 CODE

A minor editorial change was made in 2005 in 10.3.5 to clarify that the axial load limit of 0.10 7 Ag corresponds

to the “factored axial load” for nonprestressed flexural members.

GENERAL CONSIDERATIONS

Historically, nltimate strength was the earliest method used in design, since the ultimate load could be measured
by test without a knowledge of the magnitude or distribution of internal stresses. Since the early 1900s,
experimental and analytical investigations have been conducted to develop ultimate strength design theories
that would predict the ultimate load measured by test. Some of the early theories that resulted from the
experimental and analytical investigations are reviewed in Fig. 6-1.

Structural concrete and reinforcing steel both behave inelastically as ultimate strength is approached. In theories
dealing with the ultimate strength of reinforced concrete, the inelastic behavior of both materials must be
considered and must be expressed in mathematical terms. For reinforcing steel with a distinct yield point, the
inelastic behavior may be expressed by a bilinear stress-strain relationship (Fig. 6-2). For concrete, the inelastic
stress distribution is more difficult to measure experimentally and to express in mathematical terms.

Studies of inelastic concrete stress distribution have resulted int numerous proposed stress distributions as outlined
in Fig. 6-1. The development of our present ultimate strength design procedures has its basis in these early
experimental and analytical studies. Ultimate strength of reinforced concrete in American design specifications
is based primarily on the 1912 and 1932 theories (Fig. 6-1).

INTRODUCTION TO UNIFIED DESIGN PROVISIONS

The Unified Design Provisions introduced in the main body of the code in 2002 do not alter nominal strengths.
The nominal strength of a section subject to flexure, axial load, or combinations thereof is the same as it was in
previous codes. However, the Unified Design Provisions do alter the calculations of design strengths, which are
reduced from nominal strengths by the strength reduction factor ¢.

The following definitions are related to the Unified Design Provisions, and are given in Chapter 2 of the code. These
definitions are briefly explained here, with further detailed discussion under the relevant code sections.

1. Nettensile strain: The tensile strain at nominal strength exclusive of strains due to effective presiress, creep,
shrinkage, and temperature. The phrase "at nominal strength” in the definition means at the time the con-
crete in compression reaches its assumed strain limit of 0.003 (10.2.3). The "net tensile strain” is the strain
caused by bending moments and axial loads, exclusive of strain caused by prestressing and by volume
changes. The net tensile strain is that normally calculated in nominal strength calculations.



2. Extreme tension steel: The reinforcement (prestressed or nonprestressed) that is the farthest from the ex-
tretne compression fiber. The symbol d; denotes the depth from the extreme compression fiber to the ex-
treme tensile steel. The net tensile strain in the extreme tension steel is simply the maximum tensile steel
strain due to external loads.

3. Compression-controtted strain limit: The net tensile strain at balanced strain conditions; see 10.3.2. The
definition of balanced strain conditions in 10.3.2 is unchanged from previous editions of the code. Thus, the
concrete reaches a strain of 0.003 as the tension steel reaches yield strain. However, 10.3.3 permits the
compression-controlled strain limit for Grade 60 reinforcement and for prestressed reinforcement to be set
equal to 0.002.

4. Compression-controlled section: A cross-section in which the net tensile strain in the extreme tension steel
at nominal strength is less than or equal to the compression-controlled strain limit. The strength reduction
factor ¢ for compression-controlled sections is set at .65 or 0.7 in 9.3.2.2.

5. Tension-controlled section: A cross-section in which the net tensile strain in the extreme tension steel at nomi-
nal strength is greater than or equal to 0.005. The strength reduction factor ¢ for tension-controlled sections is
setat 0.9 in 9.3.2.1, However, ACI 318-99 and earlier editions of the code permitted a ¢ of 0.9 to be used for
flexura) members with reinforcement ratios not exceeding 0.75 of the balanced reinforcement ration py,. For
rectangutions, with one layer of tension reinforcement, 0.75 p,, corresponds to a net tensile straing; of 0.00376.

The use of ¢ of 0.9 is now permitted only for less heavily reinforced sections with g, = 0.005.

The use of these definitions is described under 8.4, 9.2, 10.3, and 18.8.

10.2 DESIGN ASSUMPTIONS

10.21 Equilibrium of Forces and Compatibility of Strains

Computation of the strength of a member or cross-section by the Strength Design Method requires that two basic
conditions be satisfied: (1) static equilibrium and (2) compatibility of strains.

The first condition requires that the compressive and tensile forces acting on the cross-section at “ultimate”
strength be in equilibrium, and the second condition requires that compatibility between the strains in the con-
crete and the reinforcement at “ultimate” conditions must also be satisfied within the design assumptions per-
mitted by the code (see 10.2).

The term “ultimate” is used frequently in reference to the Strength Design Method; however, it should be real-
ized that the “nominal” strength computed under the provisions of the code may not necessarily be the actual
ultimate value. Within the design assumptions permitted, certain properties of the materials are neglected and
other conservative limits are established for practical design. These contribute to a possible lower “ultimate
strength” than that obtained by test. The computed nominal strength should be considered a code-defined strength
only. Accordingly, the term “ultimate” is not used when defining the computed strength of a member. The term
“nominal” strength is used instead.
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Figure 6-2 Stress-Strain Relationship for Reinforcement

Furthermore, in discussing the strength method of design for reinforced concrete structures, attention must be
called to the difference between loads on the structure as a whole and load effects on the cross-sections of
individual members. Elastic methods of structural analysis are used first to compute service load effects on the
individual members due o the action of service loads on the entire structure. Only then are the load factors
applied to the service load effects acting on the individual cross-sections. Inelastic (or limit) methods of struc-
tural analysis, in which design load effects on the individual members are determined directly from the ultimate
test loads acting on the whole structure, are not considered. Section 8.4, however, does permit a limited redistri-
bution of negative moments in continuous members. The provisions of 8.4 recognize the inelastic behavior of
concrete structures and constitute a move toward “limit design.” This subject is presented in Part 8.

The computed “nominal strength” of a member must satisfy the design assumptions given in 10.2.
10.2.2 Design Assumption #1

Strain in reinforcement and concrete shall be assumed directly proportional to the distance from the
neutral axis.

In other words, plane sections normal to the axis of bending are assumed to remain plane after bending. Many
tests have confirmed that the distribution of strain is essentially linear across a reinforced concrete cross-section,
even near ultimate strength. This assumption has been verified by numerous tests to failure of eccentrically
loaded compression members and members subjected to bending only.

The assumed strain conditions at ultimate strength of a rectangular and circular section are illustrated in
Fig. 6-3. Both the strain in the reinforcement and in the concrete are directly proportional to the distance from
the neutral axis. This assumption is valid over the full range of loading—zero to ultimate. As shown in
Fig. 6-3, this assumption is of primary importance in design for determining the strain (and the corresponding
stress) in the reinforcement.
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Figure 6-3 Assumed Strain Variation

10.2.3 Design Assumption #2
Maximum usable strain at extreme concrete compression fiber shall be assumed equal to €, = 0.003.

The maximum concrete compressive strain at crushing of the concrete has been measured in many tests of both
plain and reinforced concrete members. The test resuits from a series of reinforced concrete beam and column
specimens, shown in Fig. 6-4, indicate that the maximum concrete compressive strain varies from 0.003 to as
high as 0.008. However, the maximum strain for practical cases is 0.003 to 0.004; see stress-strain curves in
Fig. 6-5. Though the maximum strain decreases with increasing compressive strength of concrete, the 0.003
value allowed for design is reasonably conservative. The codes of some countries specify a value of 0.0035 for
design, which makes little difference in the computed strength of a member.
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10.24 Design Assumption #3

Stress in reinforcement f; below the yield strength fy shall be taken as E; times the steel strain £;. For strains
greater than fy/E, stress in reinforcement shall be considered independent of strain and equal to fy.

For deformed reinforcement, it is reasonably accurate to assume that below the yield stress, the stress in the
reinforcement is proportional to strain. For practical design, the increase in strength due to the effect of strain
hardening of the reinforcement is neglected for strength computations; see actual vs. design stress-strain rela-
tionship of steel in Fig. 6-2.

The force developed in the tensile or compressive reinforcement is a function of the strain in the reinforcement
g, . such that:

when gy = Ey (yield strain}:
fs = Es ES

Adfy = AEqe,

when g 2 Ey:
fs = Esgy = 1§y
Asfs - Asfy

where € is the value from the strain diagram at the location of the reinforcement; see Fig. 6-3. For design,
the modulus of elasticity of steel reinforcement, Eg, is taken as 29,000,000 psi (see 8.5.2).




10.2.5 Design Assumption #4
Tensile strength of concrete shall be neglected in flexural calculations of reinforced concrete.

The tensile strength of concrete in flexure, known as the modulus of rupture, is a more variable property than the
compressive strength, and is about 8% to 12% of the compressive strength. The generally accepted value for
design is 7.5 \/E {9.5.2.3) for normal-weight concrete. This tensile strength in flexure is neglected in strength
design. For practical percentages of reinforcement, the resulting computed strengths are in good agreement with
testresults. For very small percentages of reinforcement, neglecting the tensile strength of concrete is conservative.
It should be realized, however, that the strength of concrete in tension is important in cracking and deflection
{serviceability) considerations.

10.2.6 Design Assumption #5

Relationship between concrete compressive stress distribution and concrete strain shall be assumed to be
rectangular, trapezoidal, parabolic, or any other shape that results in prediction of strength in substantial
agreement with results of comprehensive tests.

This assumption recognizes the inelastic stress distribution in concrete at high stresses. As maximuin stress is
approached, the stress-strain relationship of concrete is not a straight line {stress is not proportional to strain).
The general stress-strain behavior of concrete is shown in Fig. 6-5. The shape of the curves is primarily a
function of concrete strength and consists of a rising curve from zero stress to a maximum at a compressive
strain between 0.0015 and 0.002, followed by a descending curve to an ultimate strain (corresponding to crush-
ing of the concrete) varying from 0.003 to as high as 0.008. As discussed under Design Assumption #2, the code
sets the maximum usable strain at 0.003 for design. The curves show that the stress-strain behavior for concrete

becomes notably nonlinear at stress levels exceeding 0.5£;.

6

Compressive stress, f_ {ksi)

o 1 ] L
0.4 0.002 0.003 0.004

Strain, e_ (infin}

Figure 6-5 Typical Stress-Strain Curves for Concrete

The actual distribution of concrete compressive stress in a practical case is complex and usually not known.
However, research has shown that the important properties of the concrete stress distribution can be approximated
closely using any one of several different forms of stress distributions (see Fig. 6-1). The three most common
stress distributions are the parabolic, the trapezoidal, and the rectangular, each giving reasonable results. At the
theoretical ultimate strength of a member in flexure (nominal strength), the compressive stress distribution
should conform closely to the actual variation of stress, as shown in Fig. 6-6. In this figure, the maximum stress
Is indicated by ks f7, the average stress is indicated by kjk3 £, and the depth of the centroid of the approximate
parabolic distribution from the extreme compression fiber by koc, where ¢ is the neutral axis depth.
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For the stress conditions at ultimate, the nominal moment strength, Mp, may be computed by equilibrium of
forces and mornents in the following manner:

From force equilibrium (Fig. 6-6):

C=T
or, kiksfibe = Agfy,
so that c = Asfn
kiksflb

From moment equilibrium:

ky A
My = (CorT)(d - kyc) = Agfgy (d - le fz;u] )

The maximum strength is assumed to be reached when the strain in the extreme compression fiber is equal to the
crushing strain of the concrete, £,. When crushing occurs, the strain in the tension reinforcement, £g,, may be
either larger or smaller than the yield strain, Ey = fy /Ey, depending on the relative proportion of reinforcement
to concrete. If the reinforcement amount is low enough, yielding of the steel will occur prior to crushing of the
concrete (ductile failure condition). With a very large quantity of reinforcement, crushing of the concrete will
occeur first, allowing the steel to remain elastic (brittle failure condition). The code has provisions which are
intended to ensure a ductile mode of failure by limiting the amount of tension reinforcement. For the ductile
failure condition, fg, equals fy, and Eq. (1) becomes:

At
My = Ady [d - 22 D5 (2)
kikys fb

If the quantity ky/(k1ks) is known, the moment strength can be computed directly from Eq. (2). Itis not necessary
to know the values of ki, ko, and k3 individually. Values for the combined term, as well as the individual k; and
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ko values, have been established from tests and are shown in Fig. 6-7. As shown in the figure,
k2/(k1k3) varies from about 0.55 to 0.63. Computation of the flexural strength based on the approximate parabolic
stress distribution of Fig. 6-6 may be done using Eq. (2) with given values of kp/(k1ks). However, for practical
design purposes, a method based on simple static equilibrium is desirable.

1.0

S

oK1k

Strength Coefficients

i 1 1 —_—

2500 3000 3500 4000 4500 5000

Compressive Strength, T, (psi)

Figure 6-7 Stress-Block Parameters

During the last century, the Portland Cement Association adopted the parabolic stress-strain relationship shown
in Fig. 6-8 for much of its experimental and analytical research work. “More exact” stress distributions such as
this one have their greatest application with computers and are not recommended for longhand calculations.
Recent PCA publications and computer software related to structural concrete design are based entirely on the
rectangular stress block.

10.2.7 Design Assumption #6

Requirements of 10.2.6 may be considered satisfied by an equivalent rectangular concrete stress distribution
defined as follows: A concrete stress of 0.85f, shall be assumed uniformly distributed over an equivalent
compression zone bounded by edges of the cross-section and a straight line located parallel to the neutral
axis at a distance a = B c from the fiber of maximum compressive strain. Distance ¢ from the fiber of
maximum compressive strain to the neutral axis shall be measured in a direction perpendicular to that axis.
Fraction B, shall be taken as 0.85 for strengths £ up to 4000 psi and shall be reduced continuously at arate

of 0.05 for each 1000 psi of strength in excess of 4000 psi, but f§; shall not be taken less than 0.65.

The code allows the use of a rectangular compressive stress block to replace the more exact stress distributions
of Fig. 6-6 (or Fig. 6-8). The equivalent rectangular stress block, shown in Fig. 6-9, assumes a uniform stress of
0.85f. over a depth a = B;c, determined so that a/2 = kpc. The constant P, is equal to 0.85 for concrete with
fZ <4000 psi and reduces by 0.05 for each additional 1000 psi of £ in excess of 4000 psi. For high-strength
concretes, above 8000 psi, a lower limit of 0.65 is placed on the By factor. Variation in By vs. concrete
strength f{ is shown in Fig. 6-10.
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Figure 6-8 PCA Stress-Strain Relationship

The need for a P, factor is caused by the variation in shape of the stress-strain curve for different concrete
strengths, as shown in Fig. 6-5. For concrete strengths up to 4,000 psi, the shape and centroid of the actual

concrete stress block can reasonably be approximated by a rectangular stress block with a uniform stress of
0.85 f] and a depth of 0.85 times the depth to the neutral axis. That is to say, with a B, of 0.85.

Higher strength concretes have a more linear shape, with less inelastic behavior. For a good approximation of
the stress block for concretes with strengths above 4,000 psi, the ratio B, of rectangular stress block depth to

neutral axis depth needs to be reduced. Thus, the 1963 code required that §,“shall be reduced continuously at
a rate of 0.05 for each 1,000 psi of strength in excess of 4,000 psi.

As time went by and much higher concrete strengths came into use, it was realized that this reduction in §,
should not go on indefinitely. Very high strengths have a stress block that approaches a triangular shape. This
almost-triangular stress block is best approximated by a rectangular stress block with 3, = 0.65. Thus, in the
1977 and later codes, B, was set at 0.65 for concrete strengths of 8,000 psi and above.

Using the equivalent rectangular stress distribution (Fig. 6-9}, and assuming that the reinforcement yields
prior to crushing of the concrete (&g > £y), the nominal moment strength Mp may be compulted by

equilibrium of forces and moments.
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From force equilibrium:

C=T
or, 0.85 féba = Asfy
Af
so that a= i
0.85tb

From moment equilibrium:

a a
My = CorDd - 2) = Ady @ - )

Substituting a from force equilibrium,

M= Adfy [d - 0.59

i

d

s
L R

Ad,
£2b

Ey =0.003

1

0.85f,

- ¥

J ar2
d— C = 0.85f,ba

— T:Asfy

\‘
a=|31c
c
A
v
n.a. -7
Eg> &y
_ Equivalent Rectangular
Strain Stress Biock

Figure 6-9 Equivalent Rectangular Concrete Stress Distribution (ACI)

6-11

&



0.85 I
|
P

065 —— e — — ——— ——
_-]

B, ( =
\ |a=ge

° ,

B

|~
3 ) :-———D—T
! |
' | ’ |
0 4000 8000 12000

Compressive strength, f; (psi)
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Note that the 0.59 value corresponds 1o ko/(kiks) of Eq. (2). Substituting A; = pbd, Eq. (3} may be written in
the following nondimensional form:

f
let w=p-L
fC
f f
2= pXli-o0s9pt @
bd%; | £ £
= o1~ 0.590)

As shown in Fig. 6-11, Eq. (4) is “in substantial agreement with the results of comprehensive tests.” However,
it must be realized that the rectangular stress block does not represent the actual stress distribution in the
compression zone at ultimate, but does provide essentially the same strengih results as those obtained in tests.
Computation of moment strength using the equivalent rectangular stress distribution and static equilibrium is
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illustrated in Example 6.1.
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103 GENERAL PRINCIPLES AND REQUIREMENTS

10.3.1 Nominal Flexural Strength

Nominal strength of a member or cross-section subject to flexure (or to combined flexure and axial load) must
be based on equilibrium and strain compatibility using the design assurnptions of 10.2. Nominal strength of a
cross-section of any shape, containing any amount and arrangement of reinforcement, is computed by applying
the force and moment equilibrium and strain compatibility conditions in a manner similar to that used to develop
the nominal moment strength of the rectangular section with tension reinforcement only, as illustrated in
Fig. 6-9. Using the equivalent rectangular concrete stress distribution, expressions for nominal moment strength
of rectangular and flanged sections (typical sections used in concrete construction) are summarized as follows:

a. Rectangular section with tension reinforcement only {see Fig. 6-9):
Expressions are given above under Design Assumption #6 (10.2.7).
b. Flanged section with tension reinforcement only:

When the compression flange thickness is equal to or greater than the depth of the equivalent rectangu-
lar stress block a, moment strength M,, is calculated by Eq. (3), just as for a rectangular section with
width equal to the flange width. When the compression flange thickness hy is less than a, the nominal
moment strength My, is (see Fig. 6-12):

M, = (A; - A f, (d - g] + Agfy (d - %i) (5)
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where

Agr = area of reinforcement required to equilibrate compressive strength of overhanging flanges

0.85f; (b - by) he/fy

(As - Agp) [y/0.85 by

a
b = width of effective flange (see 8.10)
by = width of web

hf = thickness of flange
b

0.858

1 oz

T=Al,

b -b,,
0.85 2

NN

//// _E 2 ; __jz

%0 s

by

7z
o

"]
a

1
=

To = Agt,

| IF'e

Figure 6-12 Strain and Equivalent Stress Distribution for Flanged Section

c. Rectangular section with compression reinforcement:

For a doubly reinforced section with compression reinforcement Ag, two possible situations can occur
(see Fig. 6-13):

1. Compression reinforcement Aj yields:

£ =f

Y

__ (As - A;) fy
0.852b

(6)
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Figure 6-13 Strain and Equivalent Stress Distribution of Doubly Reinforced Rectangular Section

The nominal moment strength is:

My = (Ag— A} fy (d- g) + ALy (d~ d%) (7)

Note that A} yields when the following (for Grade 60 reinforcement, with gy = 0.00207)
is satisfied:

d/c <031

a
wherec = —
1

jii. Compression reinforcement does naot yield:

- dar
£/ = Byl = Ege, (C ) < fy (@)
c
The neutral axis depth ¢ can be determined from the following quadratic equation:

2 (Asfy - 87A;)C i 874A.d’
0.85[3,f:b 0.85B,f.b

where f; and fy have the units of ksi. The nominal moment strength is:
M, = 0.85f,ab (d—%) + ALf (d-d) (9)

where
a = Pic

Alternatively, the contribution of compression reinforcement may be neglected and the moment strength
calculated by Eq. (3), just as for a rectangular section with tension reinforcement only.

d.  For other cross-sections, the nominal moment strength My, is calculated by a general analysis based
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on equilibrium and strain compatibility using the design assumptions of 10.2.

e. Nominal flexural strength My, of a cross-section of a composite flexural member consisting of cast-in-place
and precast concrete is computed in a manner similar as that for a regular reinforced concrete section. Since
the “ultimate” strength is unrelated to the sequence of loading, no distinction is made between shored and
unshored members in strength computations (see 17.2.4).

10.3.2 Balanced Strain Condition

A balanced strain condition exists at a cross-section when the maximum strain at the extreme compression
fiber just reaches g, = 0.003 simultaneously with the first yield strain of &, = &, = fy /Eg in the tension
reinforcement. This balanced strain condition is shown in Fig. 6-14.

‘ b . €4 =000, 0851,
| | | | I 1

a2

a, =PiCp - Cp = 0.85f:bay,
Cp
ok
Asp=ppbd;
000 T, = Ay,
Eg :sy :fy /ES

Figure 6-14 Balanced Strain Condition in Flexure

The ratio of neutral axis depth c¢p to extreme depth d; to produce a balanced strain condition in a section with
tension reinforcement only may be obtained by applying strain compatibility conditions. Referring to Fig. 6-14,
for the linear strain condition:

Cp €y

d; gy + &y

_ 0.003 0003
" 0.003+f, /29,000,000 0.003+e,

Note that for Grade 60 steel, 10.3.3 permits the steel strain €, to be rounded to 0.002. Substituting into the above
equation, the ratio ¢p/d; = 0.6. This value applies to all sections with Grade 60 steel, not just to rectangular sections.

10.3.3 Compression-Controlled Sections

Sections are compression-controlled when the net tensile strain in the extreme tension steel is equal to or less
than the compression-controlled strain limit at the time the concrete in compression reaches its assumed strain
limit of 0.003. The compression-controled strain limit is the net tensile strain in the reinforcement at balanced
strain conditions. For Grade 60 reinforcement, and for all prestressed reinforcement, it is permitted to set the
compression-controlled strain limit equal to 0.002.
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Note that when other grades of reinforcement are used, the compression-controlled strain limit is not 0.002.
This changes the compression-controlled strain limit, and that changes the “transition” equations for the strength
reduction factor given in Fig. 5-2 in Part 5.

10.3.4 Tension-Controlled Sections and Transition

Sections are tension-controlled when the net tensile strain in the extreme tension steel is equal to or greater than
0.005 just as the concrete in compression reaches its assumed strain limit of 0.003. Sections with net tensile
strain in the extreme tension steel between the compression-controlled strain limit and 0.005 constitute a transi-
tion region between compression-controlled and tension-controlled sections.

Figure 6-15 shows the stress and strain conditions at the limit for tension-controlled sections. This limit is
important because it is the limit for the use of ¢ = 0.9 (9.3.2.1). Critical parameters at this limit are given a
subscript t. Referring to Fig. 6-15, by similar triangles:

b 0.85¢

N T
ay =p1Sy jle—— G, = 0.85; ba,
[ 0.{375 d l

T=Ct= Asiy
L

e ® & —

£¢=0.005

Figure 6-15 Strains at Tension-Controlied Limit

¢, =0.375d,

a, =Pic, =0.3758,d,

C, = 0.85fba, = 0.319B,{/bd,
T=Af, =C,

A =0.319B,£bd, /f,

p, = A /(bd,) = 0319B,f; /1, (10)

©, = p‘f =0.319B, (11)
¢

M, = o(1-0.5%, )fbd” from Eq. (4)

R, = M“; =, (1-0.55w,)f{ (12)

4
Values for p, , ®,, and R, are given in Table 6-1.



Table 6-1 Design Parameters at Strain Limit of 0.005 for Tension-Controlled Sections

f, =3000 t =4000 | f =5000 . =6000 { =8000 £ =10,000
B, =085 B, =0.85 B, =0.80 B, =0.75 B, =0.65 B, =0.65
Rnt 683 811 1084 1233 1455 1819
R, 615 820 975 1109 1310 1637
o, 0.2709 0.2709 0.2550 0.2391 0.2072 0.2072
o |40 0.02032 0.02709 0.03187 0.03586 0.04144- 0.05180
P |® [60] 0.01355 0.01806 0.02125 0.02391 0.02762 0.03453
Cl7s5| 0.01084 0.01445 0.01700 0.01812 0.02210 0.02762

10.3.5

Maximum Reinforcement for Fiexural Members

Since 2002, the body of the code defines reinforcement limits in terms of net tensile strain, &, instead of the
balanced ratio p/py that was used formerly. For rectangular sections with one layer of Grade 60 steel, a simple

relationship between €, and p/py, exists (see Fig, 6-16):

_0.0034d,
g + 0.003

Be = 0.003B,d,
g, + 0.003 %:

a

At balanced:

e 0.003B,d,
® = (60/29,000) + 0.003

= 0.592 Byd,

_0.00507
g, + 0.003

or,
_0.00507
p/py

- 0.003

0.003

Iy T’
a

L |

Stress

_— Al —n

=%

—

Strain
Figure 6-16 Strain and Stress Relationship

This relationship is shown graphically in Fig. 6-17.
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Figure 6-17 Relationship Between Balanced Ratio and Net Tensile Strain

Since 2002, the code limits the maximum reinforcement in a flexural member (with axial load less than 0.1 f{A,)

o that which would result in a net tensile strain £ at nominal strength not less than 0.004. This compares to the
%ormer code limit of 0.75 py, which results in an g of 0.00376. Furthermore, at the net tensile strain limit of
0.004, the ¢ factor is reduced to 0.812. For heavily reinforced members, the overall safety margin (load factor/9) is
about the same as by 318-99, despite the reduced load factors. See Fig. 6-18.

The strength of tension-controlled sections is clearly controlled by steel strength, which is less variable than
concrete strength and this offers greater reliability. For tension-controlled flexural members, since 2002, the ACI
code permits a ¢ of 0.9 to be used, despite the reduced load factors introduced in 2002. As Fig. 6-18 shows, the
new code reduces the strength requirement by about 10 percent for tension-controlled sections.

As discussed in Part 7, it is almost always advantageous to limit the net tensile strain in flexural members to a
minimum of 0.005, even though the code permits higher amounts of reinforcement producing lower net tensile
strains. Where member size is limited and extra strength is needed, it is best to use compression reinforcement to
limit the net tensile strain so that the section is tension-controlied.
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Figure 6-18 Overall Safety Factor for Flexural Members
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10.3.6 Maximum Axial Strength
The strength of a member in pure compression (zero eccentricity) is computed by:
PQ = 0.85 féAg + fYAS[

where Ag is the total area of reinforcement and Ay is the gross area of the concrete section. Refinement in
concrete area can be considered by subtracting the area of concrete displaced by the steel:

P, = 0.85f, (Ag - Ag) + fyAq (13)

Pure compression strength P, represents a hypothetical loading condition. Prior to the 1977 ACI code, all
compression members were required to be designed for a minimum eccentricity of 0.05h for spirally reinforced
members or 0.10h for tied reinforced members (h = overall thickness of member). The specified minimum
eccentricities were originally intended to serve as a means of reducing the axial design load strength of a section
in pure compression and were included to: (1) account for accidental eccentricities, not considered in the analysis,
that may exist in a compression member, and (2) recognize that concrete strength is less than f. at sustained
high loads.

Since the primary purpose of the minimum eccentricity requirement was to limit the axial strength for design of
compression members with small or zero cornputed end moments, the 1977 code was revised to accomplish this
directly by limiting the axial strength to 85% and 80% of the axial strength at zero eccentricity (Po), for spiral
and tied reinforcement columns, respectively.

For spirally reinforced members,

Pomax) = 0.85P; = 0.85 [0.851 (Ag - As) + fyAgl {(14)
For tied reinforced members,

Ppimax) = 0.80P, = 0.80[0.85fC (Ag - Ag) + fyAst] (15)

The maximum axial strength, Pymax). is illustrated in Fig. 6-19. In essence, design within the cross-hatched
portion of the load-moment interaction diagram is not permitted. The 85% and 80% values approximate the
axial strengths at e/h ratios of 0.05 and 0.10 specified in the 1971 code for spirally reinforced and tied reinforced
members, respectively (see Example 6.3). The designer should note that R10.3.6 and R10.3.7 state that “Design
atds and computer programs based on the minimum eccentricity requirement of the 1963 and 1971 ACI Building
Codes may be considered equally applicable for usage.”

The current provisions for maximum axial strength also eliminate the concerns expressed by engineers about the
excessively high minimum design moments required for large column sections, and the often asked question as
to whether the minimum moments were required to be transferred to other interconnecting members (beams,
footings, etc.}.

Note that a minimum moment (minimum eccentricity requirement) for slender compression members in a braced

frame is given in 10.12.3.2. If factored column moments are very small or zero, the design of these columns
must be based on the minimum moment Py (0.6 + 0.03h).
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P a(max) a/h = 0.05, 0.10

Figure 6-19 Maximum Axial Strength (10.3.6)

10.3.7 Nominal Strength for Combined Flexure and Axial Load

The strength of a member or cross-section subject to combined flexure and axial load, My, and Py, must satisfy
the same two conditions as required for a member subject to flexure only: (1) static equilibrium and (2)
compatibility of strains. Equilibrium between the compressive and tensile forces includes the axial load Py
acting on the cross-section. The general condition of the stress and the strain in concrete and steel at nominal
strength of a member under combined flexure and axial compression is shown in Fig. 6-20. The tensile or
compressive force developed in the reinforcement is determined from the strain condition at the location of the

reinforcement.

Py P
L —
! Eu =0.003 0.85{,
—r — I —
e e el R avan —
: 5 : e E:ﬁ1C - CC

.

Ag /
° T -

€s < £y {Compression Controls)

gs =ty (Batanced Condition)
C.005 > €5 > £y (Transition)
g = 0.005&y (Tension Controis)

Figure 6-20 Strain and Equivalent Stress Distribution for Section Subject to Combined Flexure
and Axial Load
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Referring to Fig. 6-20,

T = Ay = Ag(Esey) when g5 < gy
or T = Adfy when g5 2 €y
Cs = Agf] = Ag (Egel) when g < gy
or Cs = Agfy when g 2 &y

Ce = 0.85f ba
The combined load-moment strength (P and M) may be computed by equilibrium of forces and moments.
From force equilibrium:

Ph=C,+C-T {16)
From moment equilibrium about the mid-depth of the section:

h a h h
M,=Pe=C.|—-—1+C.1—-d}+Tid- — 17
b= Fn C(z 2) S(z ) ( 2) (17)

For a known strain condition, the corresponding load-moment strength, Py and My, can be computed directly.
Assume the strain in the extreme tension steel, Ag, is at first yield (g, = z—:y). This strain condition with simulta-

neous strain of 0.003 in the extreme compression fiber defines the “balanced” load-moment strength, Py and My,
for the cross-section.

For the linear strain condition:

gy _ 0.003 87,000
ey + & 0003 + £,/29,000,000 87,000 + f,

S -
d

87,000
sothat 2 = Prcy = |87, 000+1, |P1d

c
Also b = 4
Cy - d’ Eg

q’ [ ¢’ (87,000 + f,
so that g = 0003]1 - —|=0003|1 - — | ——=
Ch d 87,000

, 4’ (87,000 + f,
and S’b = ESES = 87,000 1- F W

J] but not greater than fy

From force equilibrium:
P, = 0.85f(bay + A{fl - Asfy (18)
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From moment equilibrium:

My = Ppep = 0.85f bay (% - %] + Alfg (g - d’) + Asfy(—g- - h) (19)
The “balanced” load-moment strength defines only one of many load-moment combinations possible over the
full range of the load-moment interaction relationship of a cross-section subject to combined flexure and axial
load. The general form of a strength interaction diagram is shown in Fig. 6-21. The load-moment combination
may be such that compression exists over most or all of the section, so that the compressive strain in the concrete
reaches 0.003 before the tension steel yields (g5 < ey) (compression-controlled segment); or the load combination
may be such that tension exists over a large portion of the section, so that the strain in the tension steel is greater
than the yield strain (g > £y ) when the compressive strain in the concrete reaches 0.003 (transition or tension-
controlled segment). The “balanced” strain condition {€; = ey) divides these two segments of the strength
curve. The linear strain variation for the full range of the load-moment interaction relationship is illustrated in
Fig. 6-21.

Under pure compression, the strain is uniform over the entire cross-section and equal to 0.003. With increasing
load eccentricity (moment), the compressive strain at the “tension face” gradually decreases to zero, then becomes
tensile, reaching the yield strain (£g = sy) at the balanced strain condition. For this range of strain variations, the
strength of the section is governed by compression (£ = -0.003to £y). Beyond the balanced strain condition, the
steel strain gradually increases up to the state of pure flexure corresponding to an infinite load eccentricity
(e = o0). For this range of strain variations, strength is governed by tension (g, > €y). With increasing eccentricity,
more and more tension exists over the cross-section. Each of the many possible strain conditions illustrated in
Fig. 6-22 describes a point, P, and My, on the load-moment curve (Fig. 6-21). Calculation of P, and M, for four
different strain conditions along the load-moment strength curve is illustrated in Example 6.4.

4-—9:0

Strength controlled by
crushing of concrete

aF
E‘ V4
g /
£ @“//
5 0 %7
- o/ o
o] / ,oa\ai“"ei’ - Strength controlled by
< fos® N yielding of reinforcement
//// g=0
e I

M, My
Moment strength, Mj

Figure 6-21 Axial Load-Moment Interaction Diagram
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Strength controlled
Pure Strength controlled by yielding of
compression by crushing of concrete reinforcement

Tensile
strain

Figure 6-22 Strain Variation for Full Range of Load-Moment Inferaction

10.5 MINIMUM REINFORCEMENT OF FLEXURAL MEMBERS

Members with cross-sections much larger than required for strength, for architectural or other reasons, could fail
suddenly because of small amounts of tensile reinforcement. The computed moment strength of such sections,
assuming reinforced concrete behavior and using cracked section analyses, could become less than that of a
corresponding unreinforced concrete section computed from its modulus of rupture. To prevent failure in such
situations, a minimum amount of tensile reinforcement is specified in 10.5.

The minimum reinforcement ratio py;, =200/fy was originally derived to provide the same 0.5% minimum (for
mild steel grade) as required in earlier versions of the ACI code. This minimum reinforcement is adequate for
concrete strengths of about 4000 psi and less. The 95 version of the code recognizes that Py, = 200/fy may not
be sufficient for f; greater than about 5000 psi. The code has accordingly revised 10.5.1 and 10.5.2 to specify
the following minimum amounts of steel:

At every section of flexural members where tensile reinforcement is required,

3y1; 200
As,min = s bwd = bwd Eq. (10-3}
f f
y ¥

Note that 3‘/E and 200 are equal when ;= 4444 psi. Thus, 3\/Ebwd/ f, controls when > 4444 psi;
otherwise, 200b,,d/f, controls.

Equation (10-4) of ACI 318-99 was removed and replaced with the following statement, which says the same
thing as the former Eq. (10-4):

10.5.2 For statically determinate members with a flange in tension, the area A min shall be equal
to or greater than the value given by Eq. (10-3) with by, replaced by either 2by, or the width of the
flange, whichever is smaller.

Note that the requirements of 10.5.1 and 10.5.2 need not be applied if at every section the area of tensile reinforce-

ment provided is at least one-third greater than that required by analysis (see 10.5.3). For structural slabs and
footings (10.5.4), the flexural reinforcement cannot be less than that required for temperature and shrinkage (7.12).
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10.15 TRANSMISSION OF COLUMN LOADS THROUGH FLOOR SYSTEM

When the column concrete strength does not exceed the floor concrete strength by more than 40 percent, no special
precautions need be taken in computing the column strength (10.15). For higher column concrete strengths, ACI
provisions limit the assumed column strength unless concrete puddling is used in the slab at, and around the column
(10.15.1), see Figure 6-23. For columns laterally supported on four sides by beams of approximately equal depth or
by slabs, the code permits the strength of the column to be based on an assumed concrete strength in the column joint
equal to 75 percent of column concrete strength plus 35 percent of floor concrete strength (10.15.3). In the applica-
tion of 10.15.3, the ratio of column concrete strength to slab concrete strength was limited to 2.5 for design. This
effectively limits the assumed column strength to a maximum of 2.225 times the floor concrete strength.

#__/\/iﬂ

Slab congrete Min. 2 t
| ‘ R

1/ N

— 1

-

Column
concrete

_./\/__

Figure 6-23 Puddiing at Slab-Columnn

Puddling is an intricate procedure that requires coordination between the engineer and the contractor. Special
attention should be paid to avoid cold joints and to ensure that the specified column concrete is placed where it
isintended. Current industry practice indicates that it is frequently avoided in mainstream high-rise construction
since it requires additional time to properly execute in the field. When utilized, a procedure for proper placing
and blending of the two concrete types should be clearly called out in the project documents.

10.17 BEARING STRENGTH ON CONCRETE

Code-defined bearing strength (Pgp) of concrete is expressed in terms of an average bearing stress of 0.85 f{ over
abearing area (loaded area) A;. When the supporting concrete area is wider than the loaded area on all sides, the
surrounding concrete acts to confine the loaded area, resulting in an increase in the bearing strength of the
supporting concrete. With confining concrete, the bearing strength may be increased by the factor JAs A,
but not greater than 2, where /A, / A| is a measure of the confining effect of the surrounding concrete. Evaluation
of the strength increase factor /A, / A is illustrated in Fig. 6-24.

For the usual case of a supporting concrete area considerably greater than the loaded area («[Az TA > 2),
the nominal bearing stress is 2 (0.85 f().

Referring to Fig. 6-25,
a.  For the supported surface (column):
Ppp = 0.85f{A4

where f; is the specified strength of the column concrete.
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b.  For supporting surface (footing):

, fAz fAz
Pup = 085fCA1 A—land ‘;&‘*1'- <20

where f; is the specified strength of the footing concrete.

The design bearing strength is ¢ Ppp, where, for bearing on concrete, ¢ = 0.65. When the bearing strength is
exceeded, reinforcement must be provided to transfer the excess load.

Figure 6-24 Measure of Confinement .[A,/A, < 2 Provided by Surrounding Concrete

| 2w (max.) | B
w T >

A4 =loaded area

A, = measure of contining effect
of surrounding concrete

_Ai""‘ Bearing strength for supported
{ surface = 0.85[A4

T Bearing strength for supporting
| surface = (.85(A JA—T and JA—T <20
1574_’_1./1_..1__1.__1\_*1&\\ A A1
N

Figure 6-25 Norinal Bearing Strength of Concrete (10.17)
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Example 6.1—Moment Strength Using Equivalent Rectanguiar Stress Distribution

For the beam section shown, calculate moment strength based on static equilibrium using the equivalent rectangular
stress distribution shown in Fig. 6-9. Assume £, =4000 psi and fy = 60,000 psi. For simplicity, neglect hanger bars.

Ay R £,= 0.003 0.85%, = 3.4 kst
i T % _ |ar2=2.00°
’\ /. | . a=[fic=4.18" -+ ,
jc=482 / CiO‘BSECbe_l
|- Ne. 4 U-stirup i na 7 =142.2 kips
di = 13.50"
h=16"
3-No. 8
¢ a8 @ T=Ad
250 ¢ =000523 1422 kips
Ly
*1.5" cover Strain Stress
Code
Calculations and Discussion Reference
1. Define rectangular concrete stress distribution. 1027
d =d; =16 - 2.5 = 13.50 in. 10.0
A, =3x079 =237in2
Assuming &g > gy,
T = Af, =237 x 60 = 142.2 kips 10.2.4
Af
a= Y 142.2 =418 in.
0.85(b 0.85x4x10
2. Determine net tensile strain g and ¢
c=i=£§=4.92 in.
B, 08
- 13.50-4.92
e, =| 5 o003 = B20=%92 ), 03— 0.00523> 0.005
c 4.92
Therefore, section is tension-controlled 10.34
o =09 9.32.1
g, =0.00523> 0.004 which is minimum for flexural members 10.3.5

This also confirms that € > € at nominal strength.
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Code

Example 6.1 (cont’d) Calculations and Discussion Reference
3. Determine norninal moment srength, My, and design moment strength, ¢Mp,
M, =Asfy[d—%J=142.2 (13.50-2.09)=1,622.5 in.-kips =135.2 ft -kips
oM, =0.9(135.2y=121.7 ft-kips 9.3.2.1
4. Minimum reinforcement.
3 Jff] 200b,.d
Agmin = —2— byd 2 === Eq. (10-3)

¥ b

Since f{ < 4444 psi, 200b,d/f, governs:

200b,,d 200 x 10 x 13.50

0.45 in.2
£y 60,000

A (provided) = 2.37in.2 > Agmin = 045in2 OK.
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Example 6.2—Design of Beam with Compression Reinforcement

A beamn cross-section is limited to the size shown. Determine the required area of reinforcement for a factored
moment M, = 516 fr-kips. f, = 4000 psi, fy = 60,000 psi.
b =14"

gy = 0.003

I 4
id’ =2.5" { £ =0.00202

A

w

¢=0.3754d = 7.69°

dh=20.5"
Ag
® 000

€s = 0.005 > gy = 0.00207

Code
Calculations and Discussion Reference

1. Check if compression reinforcement is required, using ¢ = 0.9
M, =M, /¢=516/0.9=573 ft-kips

M, 573x12x1000

R. =
bd,2  214x205?

It

=1169

This exceeds the maximum Ry of 911 for tension-controlled sections of 4000 psi concrete. (see
Table 6-1.) Also, it appears likely that two layers of tension reinforcement will be necessary.
But, for simplicity, assume that d; = d.

2. Find the nominal strength moment My, resisted by the concrete section, without compression reinforcement,
and M, to be resisted by the compression reinforcement.

M,, = R bd*=911x14x20.5% /(1000 x 12) = 447 ft-kips
M’ =M, —M,, =573— 447 =126 ft-kips
3. Determine the required compression steel

The strain in the compression steel at norminal strength is just below yield strain, as shown in the strain
diagram above.
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Example 6.2 (cont’d) Caiculations and Discussion

Code
Reference

f; =E&, =29,000x0.00202 =58.7 psi=58.7 ksi

M., 126 % 12

= =1.431n2
fld-@)" 587 (205-25) "™

A=

Determine the required tension steel
Ay=p,(bd)+ AL(f; /1, )

From Table 6-1, p, =0.01806, so that
As=10.01806(14)(20.5) +1.43(58.7/60)

=5.18+1.40=6.58 in.?

Alternative solution

Required nominal strength

M, = "% = ) = 573 ft-kips

a. Determine maximum moment without compression reinforcement My, using ¢ = 0.9:

¢ =0.375d; =0.375 X 20.5 =769 in.
a=P1c=0.85 X 7.69 = 6.54 in.
C=T=34 X634 X 14 =311.3 kips

M, = T(dt—%) = 311.{20.5—%) =~ 5363.7 kip-in. = 447.0kip-ft

b. Required area of tension steel to develop My

3113

=2 _519in2
60 in

AS,Dt =

c.  Additional moment (573-447 = 126 ft-kips) must be developed in T-C couple between

tension steel and compression steel.

126 x 12 .2
Additional tension steel required: AAg = (205-2.5) x 60 = 140 .
Total tension stee! required: A, =519 + 1.40 = 6.59 in.2
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Code
Example 6.2 (cont’d) Calculations and Discussion Reference

= 1.43in2

, 126 x 12
Compression steel required: Ag = (20.5-2 5) % 58.7

6. Comparison to Example 6.2 of Notes on ACI 318-99 designed by ACI 318-99:

Example 6.2 of Notes on ACI 318-99 was designed by the 1999 code for an My, of 580 ft-kips. By current
code, assuming a live-to-dead load ratio of 0.5 for this beam, the beam could be designed as a tension-
controlled section for an My, of 516 ft-kips. The results for the required reinforcement are

by 318-99 Since 2002
Compression reinforcement A’ 1.49 in.? 1.43in?
Tension reinforcement Ay 7.63 in? 6.58in.?

The reduction in tension reinforcement is a result of the lower load factors in the current code. However,
the compression reinforcement requirement is about the same. This is caused by the need for ductility in
order to use the ¢ of 0.9 for flexure.
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Example 6.3—Maximum Axial Load Strength vs. Minimum Eccentricity

For the tied reinforced concrete column section shown below, compare the nominal axial load strength Py, equal
to 0.80P, with Py, at 0.1h eccentricity. £ = 5000 psi, fy = 60,000 psi.

20"
I L
4-No. 9 20"
A;=4.0in2
e_ 9
Code
Calculations and Discussion Reference

Prior to ACI 318-77, columns were required to be designed for a minimum eccentricity of 0.1h (tied) or 0.05h
(spiral). This required tedious computations to find the axial load strength at these minimum eccentricities.
With the 1977 ACI code, the minimum eccentricity provision was replaced with a maximum axial load strength:
0.80P, (tied) or 0.85P, (spiral). The 80% and 85% values were chosen to approximate the axial load strengths
at ¢/h ratios of 0.1 and 0.05, respectively.

1. In accordance with the minimum eccentricity criterion:
Ate/h = 0.10: P, = 1543 kips (computer solution)
2. In accordance with maximum axial load strength crite;rion: 10.3.5.2
Pomax) = 0.80P; = 0.80 [0.85f7 (Ag - Agp + fyAql Eq. (10-2)
= (0.80[0.85 x 5(400 - 4.0y + (60 x 4.0)] = 1538 kips

Depending on material strengths, size, and amount of reinforcement, the comparison will vary slightly. Both
solutions are considered equally acceptable.
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Example 6.4—Load-Moment Strength, P_and M , for Given Strain Conditions

For the column section shown, calculate the load-moment strength, P, and My, for four strain conditions

1. Bar stress near tension face of member equal to zero, f; =0

2. Bar stress near tension face of member equal to 0.5fy (fs = 0.5fy)
3. At limit for compression-controlled section (g;= 0.002)

4. At limit for tension-controlled sections (g;= 0.005).

Use f = 4000 psi, and fy = 60,000 psi.

b = 16" —

h/2
| | No. 3 ties
h=16 ——||——+—
| -4-No. 8 bars
+
1.5" cover

Code

Calculations and Discussion Reference

I. Load-moment strength, P, and My, for strain condition 1; €5=0

t«—b = 16" —
| £4=0003 0.85f, = 3.4 ksi

T 4 ?I EIS ] ‘I % ‘_CS
h/2 R

/ No. 3 ties " a= B1c

l dy e +=—C.
h= 16" —+ ¢ J /

4-No. 8 bars l 1 4
4 : eT=0
£s=00
1.5" cover
A=A =2(0.79) = 1.58in2 Strain Condition - 1 Stress
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Code

Example 6.4 (cont’d} Calculations and Discussion Reference

a.  Define stress distribution and determine force values. 1027
d” = Cover + No. 3 tie dia. + d—zb— =15+ 0375+ 0.5 = 2.38in.
de = 16 - 2.38 = 13.621in.
Since g, = 0, ¢ = d¢ = 13.62in. 10.2.7.2
a= Pc = 0.85(13.62) = 11.58 in. 10.2.7.1
where B; = 0.85 for f; = 4000 psi 10.2.7.3
Ce = 0.85f ba = 0.85 x4 x 16 x 11.58 = 630.0kips 10.2.7

f
gy = L = 50 _ homo7 10.2.4
E 29,000
From strain compatibility:
- d’ 13.62 - 2.
g, = g, (C d ) = 0.003 (M) = 0.00248 > e, = 0.00207 10.2.2
c 13.62

Compression steel has vielded.
Cs = Ajfy = 1.58 (60) = 94.8 kips

b. Determine P, and My, from static equilibrium,
Py = Cc + Cs = 630.0 + 94.8 = 724.8 kips Eq. (16)

h a h
My =Pae=Ce |~ - —|+C.|= -d Eq. (17,
T n C (2 2) s (2 ) q ( )
= 630 (8.0 - 5.79) + 94.8(8.0 - 2.38) = 1925.1 in.-kips = 160.4 ft-kips
e=u o BB, e
P, 724.8

Therefore, for strain condition g, = 0:
Design axial load strength, $P, = 0.65 (724.8) = 471.1 kips 9322

Design moment strength, ¢ M, = 0.65 (160.4) = 104.3 ft-kip
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Code
Example 6.4 (cont’d) Calculations and Discussion Reference

2. Load-moment strength, P, and My, for strain condition 2: 5= 0.5¢y

r—;b =16"——
| €,=0003 0.85, = 3.4 ksi

i d e / ! 7 . Cs
h/2 I Fa a=lB1C //th
1
0 1e L d e
4-No. 8 bars
> T = AgecEs
es=05¢g,
1.5" cover =0.5(0.00207)
=0.00104
Strain Condition - 2 Stress
a. Define stress distribution and determine force values. 10.2.7
d” = 2.38in.,d; = 13.621in.
From strain compatibility:
c o d -c
0.003 0.5¢,
0.003d . .
o= 003d, 0003 x 13.62 _10.13in.
0.5e,+ 0.003 0.00104 + 0.003
Strain in compression reinforcement:
g = g, (C - d ) = 0.003 [M) = 0.00230 > g, = 0.00207
C 10.13
Compression steel has yielded.
a = fBjc = 0.85(10.13) = 8.61in. 10.2.7.1
C. = 0.85f ba = 0.85 x4 x 16 x 8.61 = 468.4 kips 10.2.7

Cs = A4fy = 1.58 (60) = 94.8 kips

T = Adfs = Ag(0.5f) = 1.58 (30) = 47.4 kips
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Code
Example 6.4 (cont’d) Calculations and Discussion Reference

b. Determine P, and My, from static equilibrium.

Po=C.+ Cg - T = 4684 + 94.8 - 47.4 = 515.8 kips Eqg. (16)

h a h h
My=Pe=C.|l—-—=-[+C{— +d'}|+T|d-— Eq. (17,
n n c(z 2] 5(2 J ( 2) q. (17}

= 4684 (8.0 - 431) + 94.83(8.0 - 2.38) + 47.4(13.62 - 8.0)

= 2527.6 in.-Kkips

210.6 ft-kips

M, _ 25276
P, 515.8

= 4.90in.

|

Therefore, for strain condition g, = 0.5 gy
Design axial load strength, ¢ P, = 0.65 (515.8) = 335.3 kips 2.3.22

Design moment strength, M, = 0.65 (210.6) = 136.9 ft-kips

3. Load-moment strength, Py and My, for strain condition 3. & = &y

j ——b=16"—
_' | &.=0003
T S s =
?; h/2 _ | ! aspc Ce
No. 3 ties l //
4 & |
1 h=16 -+ 2
' 4-No. 8 bars
L ——T=Ady
£g= 0.00207
1.5" cover
Strain Condition - 3
a. Define stress distribution and determine force values, 10.2.7

d’ = 2.38in.,d; = 13.62 in.
From strain compatibility:

¢ _d¢i—c
0003 ¢

¥
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Code
Example 6.4 (cont’d) Calculations and Discussion Reference

0.003d, 0.003 x 13.62 .
c= = =8.06 in
ey + 0.003 0.00207 + 0.003

Note: The code permits the use of 0.002 as the strain limit for compression-controlled sections with
Grade 60 steel. It is slightly conservative, and more consistent, to use the yield strain of 0.00207.

Strain in compression reinforcement:

c-d’ 8.06 - 2,38
r =gy || = 0003 ———] = =
£ u[ - J ( 306 ) 0.00211 > &y 0.00207

Compression steel has yielded.

a = Bjc = 0.85(3.06) = 6.85in. 10.2.7.1
Cc = 0.85f’ba = 0.85 x 4 x 16 x 6.85 = 372.7 kips 10.2.7
Cs = Afy = 1.58 (60) = 94.8 kips

T = Asfs = Asfy= 1.58(60) = 94.8 kips

b. Determine Pn and My from static equilibrium.

Pp=Ce+ Cs- T =3727 + 948 - 948 = 372.7 kips Eq. (16)
h a h , h
Mn=Pne=Cc(5-5)+Cs(5+d)+T(d——2~) Eq. (17)

372.7(8.0 - 3.43) + 948 (8.0 - 2.38) + 94.8(13.62 - 8.0)

2770.5 in.-kips = 230.9 ft-kips

0

Therefore, for strain condition g, = £y:
Design axial load strength, ¢ Pn = 0.65 (372.7) = 242.3 kips 9322

Design moment strength, ¢ Mn = 0.65 (230.9) = 150.1 ft-kips
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Code
Example 6.4 (cont’d) Calculations and Discussion Reference

4. Load-moment strength, P, and My, for strain condition 4: g = 0.005

b——b=16"—

£,=10.003 a=pc

€5 ! 7//4——0‘:4——-05

7
h2 ¢
No. 3 ties

SN it IR
4-No. 8 bars

T = Asfy

€t =0.005
1.5" cover
Strain Condition - 4
a. Define stress distribution and determine force values. 10.2.7

d'=2.38 in,, d, =13.62 in.

From strain compatibility:

¢ _d-c

0.003 0.005
c= 0.003d =0.003 x 13.62
0.005+0.003 0.005+0.003

=5.111in.

Strain in compression reinforcement:

€ =eu[°_cd ): 0.003(5#;'1%3—23]: 0.00160 <&, =0.00207

Compression steel has not yielded.

f, =£,E, =0.00160 (29,000) = 46.5 ksi

a=Pic=0.85(5.11)=4.34 in. 10.2.7.1
C,=0.85(ba=0.85 x 4 x 16 x 4.34 =236.2 kips 102.7
Cs= Agfy =1.58 (46.5) = 73.5 kips

T= A = Ag(fy) =1.58 (60) =94.8 kips

6-39



Code
Example 6.4 (cont’d) Calculations and Discussion Reference

b. Determine Pp and My from static equilibrium.

P, =C.+C,-T=2362 + 735 - 948 = 214.9kips L Eg. (16)
h a h , h
anpﬂe:CC(5_5)+Cs(5 +d)+T(d——2—J Eq. (17)

= 236.2(8.0 - 2.17) + 73.5(8.0 - 2.38) + 94.8(13.62 - 8.0)

= 23229 in-kips = 193.6 ft-kips

M, 23229
P, 2149

=10.81 in.

Therefore, for strain condition g, = 0.005:

Design axial load strength, ¢Pn = 0.9 (214.9) = 193.4 kips 9.322
Design moment strength, ¢Mn = 0.9 (193.6) = 174.2 ft-kips

A complete interaction diagram for this column is shown in Fig. 6-25. In addition,

Fig. 6-26 shows the interaction diagram created using the Portland Cement Association computer prograrm
pcaColumn.,

1000 S
L e
-._._.\\
L T
~ Mn
800 |
m ‘-"\
2 | T
o 600 “--..__\
® | T~
Q
-
5
é 400 |

compression-
controlled limit

200

tensioned-
controllad limit

! L 1 e i

0 50 100 150 200 250
Bending Moment, ft-kips
Figure 6-25 Interaction Diagram
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Calculations and Discussion

Example 6.4 (cont’d)
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Figure 6-26 Interaction Diagram from pcaColumn
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7

Design for Flexure
and Axial Load

GENERAL CONSIDERATIONS—FLEXURE

For design or investigation of members subjected to flexure (beams and slabs), the nominal strength of the
member cross-section (Mp) must be reduced by the strength reduction factor ¢ to obtain the design strength
{®Mpy) of the section. The design strength ({Mp) must be equal to or greater than the required strength (My). In
addition, the serviceability requirements for deflection control (9.5) and distribution of reinforcement for crack
control (10.6) must also be satisfied.

Examples 7.1 through 7.7 illustrate proper application of the various code provisions that govern design of members
subject to flexure. The design examples are prefaced by step-by-step procedures for design of rectangular sections
with tension reinforcement only, rectangular sections with multiple layers of steel, rectangular sections with compres-
sion reinforcement, and flanged sections with tension reinforcement only.

DESIGN OF RECTANGULAR SECTIONS WITH TENSION REINFORCEMENT ONLY7-1
In the design of rectangular sections with tension reinforcement only (Fig. 7-1), the conditions of equilibrinm are:
1. Force equilibrium:
C=T (1)
0.85fcba = Asfy = pbdf,

_ Ay pdfy
0.85fb ~  0.85f

2. Moment equilibrium:

n = (CorT)(d‘“‘;‘]

M, = pbdf, [d - m 5’“} (@)



b £ 0.85f,

a=pyc c

n |

AS
o000 T
L

€s

Strain Equivalent Stress

Figure 7-1 Strain and Equivalent Stress Distribution in Rectangular Section

A nominal strength coefficient of resistance Ry is obtained when both sides of Eq. (2) are divided by bd2:

M, 3 O.Spfx
R, = _de% = pfy[l 0.851, {3)

When b and d are preset, p is obtained by solving the quadratic equation for Ry

f ~ 0.85f] “

o= O.SSf{I_ | _ 2R, J
¥

The relationship between p and Ry, for Grade 60 reinforcement and various values of f] is shown in Fig. 7-2.

Equation (3) can be used to determine the steel ratio p given My or vice-versa if the section properties b and d
are known. Substituting Mp = My/ ¢ into Eq. (3) and dividing each side by f(:

M _ P_fl 3 O.Spfx
- f, (I 0.85f;

Substituting @ into the above equation:

My
dfebd2

= o(l - 0.5%0) (5}

Table 7-1, based on Eq. (5), has been developed in order to serve as a design aid for either design or investigation
of sections having tension reinforcement only where b and d are known.
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Figure 7-2 Strength Curves (R, vs. p) for Grade 60 Reinforcement

Table 7-1 Flexural Strength M, / ¢f£,ba'2 or M,/ ;gbd‘-’ of Rectanguiar Sections with Tension

Reinforcement Only
® .000 001 .002 003 .004 005 0086 007 .008 .009
0.00 0 0010 0020 0030 .0040 .0050 .0080 .0070 .008O 0090
0.01 0099 0109 0119 0129 0139 0149 0159 0168 0178 0188
0.02 0197 .0207 .0217 0226 .0236 0246 0258 0266 0275 0285
0.03 0295 .0304 .0314 .0324 .0333 0343 .0352 0362 .0372 .0381
0.04 0391 .0400 0410 0420 0429 0438 0448 0457 0487 0476
0.05 .0485 0495 .0504 0513 0523 .0532 0541 .0551 0560 .0569
0.06 .0579 0588 0587 .0807 0618 .0626 0634 .0643 0653 .0662
0.07 0671 .0680 .0689 0699 0708 0717 0726 0735 0744 0753
0.08 0762 0771 .0780 0789 0798 .0807 08186 .0825 .0834 .0843
0.09 .0852 0861 0870 0879 0888 .0897 .0906 0915 0923 .0932
0.10 0941 .0850 0959 0967 0876 0985 0994 1002 1001 1020
0.1 .1029 .1037 1046 .1085 .1063 1072 081 .1089 .1098 1106
0.12 115 124 1133 1141 1148 1158 1166 175 .1183 1192
0.13 1200 1209 A217 $226 1234 1243 1251 1259 1268 1278
0.14 1284 1293 1301 1309 1318 1326 1334 1342 1351 .135¢
0.15 .1367 1375 1384 1392 .1400 1408 1418 1425 1433 1441
0.16 1449 1457 1465 1473 .1481 1489 1497 1506 1514 1822
0.17 1529 1537 1545 1553 1561 1569 1577 1585 1593 1601
0.18 1608 1617 1624 1632 1640 .1648 1656 1664 1671 1679
0.19 1687 .1695 1703 A710 1718 1726 1733 A741 1749 1756
0.20 1764 772 1779 A787 1794 1802 1810 1817 1825 .1832
0.21 1840 1847 1855 1862 1870 1877 1885 1892 .1900 .1807
0.22 1914 1922 1929 1937 1944 1851 1959 1966 1973 .1981
0.23 1988 1995 2002 2010 2017 2024 2031 2039 2046 .2053
0.24 2060 2067 2075 .2082 2089 2096 2103 2110 2117 2124
0.25 2131 2138 2145 2152 2159 .2166 2173 2180 2187 2194
0.26 2201 2208 2215 2322 2229 2236 2243 2249 2256 2263
0.27 2270 2277 2284 2290 2297 2304 2311 2317 2324 2331
0.28 2337 2344 2351 2357 2364 2371 2377 2384 2391 .2397
0.29 2404 2410 2417 2423 2430 2437 2443 2450 2456 2463
0.30 2469 2475 2482 2488 2495 2501 2508 2514 2520 2527

M,/ fbd? = o7~ 0.590), wherew = pf, /[
For design: Using factored moment My, enter table with M, /¢fobd 2 ; find @ and compute steel percentage p = a)fc’/fy
For investigation: Enter tabie with @ = pfy/fc’ ; find value of M, /fc'bdz and solve for nominal strength, My,
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Figure 7-3 shows the effect of the strength reduction factor $. In particular, it shows what happens when the
limit for tension-controlled sections with a ¢ of 0.9 is passed. As can be seen from Fig. 7-3, there is no benefit
in designing a flexural member that is below the tension-controlled strain limit of 0.005. Any gain in strength
with higher reinforcement ratios is offset by the reduction in the strength reduction factor ¢ at higher reinforce-
ment ratios. Therefore, flexural members are more economical when designed as tension-controlled sections.

One might wonder “why even permit higher amounts of reinforcement and lower net tensile strains if there is no
advantage?” In many cases, the provided steel is above the optimum at the lirnit for tension-controlled sections.
The “flat™ portion of the curve in Fig. 7-3 allows the designer to provide excess reinforcement above that re-
quired (considering discrete bar sizes) without being penalized for “being above a code limit.”

Although flexural members should almost always be designed as tension-controlled sections with g, > 0.005, it
often happens that columns with small axial load and large bending moments are in the “transition region” with g,
between 0.002 and 0.005, and ¢ is somewhere between that for compression-controlled sections and that for
tension-controlled sections.

Columns are normally designed using interaction charts or tables. The “breakpoint” for ¢, of 0.005 and ¢$=0.9
may fall above or below the zero axial load line on the interaction diagrams.

1200_ | i

fo= 6000 psi >/—
A
/ Q:SOOO psi
/-

800 |
i %rc = 4000 psi

600 =
f. = 3000 psi

400

Coaefficient of Resistance ¢R, (psi)

0 s as NP MY 41 4 Aok b1

0.000 0.005 0.010 0.015 0.020 0.025 0.030
Reinforcement Ratio p

Figure 7-3 Design Strength Curves (¢Rn vs. p ) for Grade 60 Reinforcement
DESIGN PROCEDURE FOR SECTIONS WITH TENSION REINFORCEMENT ONLY

Step 1: Select an approximate value of tension reinforcement ratio p equal to or less than p,, but greater

than the minimum (10.5.1), where the reinforcement ratio p, is given by:

0319B,E,

pt = fy

74



Step 2;

Step 3:

Step 4:

Step 5:

where B; = 0.85for f{ < 4000 psi

1l

£ -4 R
0.85-0.05 (%J for 4000 psi < . < 8000 psi

= 0.65 for £ = 8000 psi
Values of p, are given in Table 6-1.
With p preset (Ppin £ P £ P;) compute bd? required:

M,

bd? (required) =
ol

0.5pfy

0.85£¢

moment (required flexural strength)

where Ry = pfy (1 - J, ¢ = 0.90 for flexure with p<p,,and M, = applied factored

Size the member so that the value of bd2 provided is greater than or equal to the value of bd2
required.

Based on the provided bd?, compute a revised value of p by one of the following methods:
1. ByEq. (4) where Ry = M, /¢bd? (exact method)

2. By strength curves such as those shown in Fig. 7-2 and Fig. 7-3. Values of p are given in
terms of Ry = M,/ t})bd2 for Grade 60 reinforcement,

3. By moment strength tables such as Table 7-1. Values of @ = pfy/f¢ are given in terms of
moment strength M, /¢f2bd>.

4, By approximate proportion

(revised R ;)

= 1oinal
P (original p) (original R ;)

Note from Fig. 7-2 that the relationship between Ry and p is approximately linear.
Compute required Ag:
Ag = (revised p) (bd provided)
When b and d are preset, the required Ag is computed directly from:
Ag = p (bd provided)

where p is computed using one of the methods outlined in Step 4.
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DESIGN PROCEDURE FOR SECTIONS WITH MULTIPLE LAYERS OF STEEL

The simple and conservative way to design a beam with two layers of tension steel is to take diequaltod, the depth
to the centroid of all the tension steel. However, the code does permit the designer to take advantage of the fact that
dy, measured to the center of the layer farthest from the compression face, is greater than d. The only time this would
be necessary is when designing at or very close to the strain limit of 0.005 for tension-controlled sections.

Figure 7-4 shows strain and stress diagrams for a section with multiple layers of steel with the extreme steel Jayer at
the tension-controlied strain limit of 0.005. Let p, stand for the maximum p {based on d) for this section.

C
P2 = 753
f,bd
However,
_C
Pt = T,
Therefore,
P _ 4
o d
d
o = (%) )

Additional information can be found in the strain diagram of Fig. 7-4. The yield strain of Grade 60 reinforcement
is 0.00207. By similar triangles, any Grade 60 steel that is within 0.366 d of the bottom layer will be at yield.
This is almost always the case, unless steel is distributed on the side faces. Also, compression steel will be at
yield if it is within 0.116d; (or, 0.31c) of the compression face.

0.1186d¢
0.003
| £y
T - “ C
Cat = 0.375d¢ -
d dt
& |
0.366dt
® 00 } T
J4—
® ® ® 0.005

Figure 7-4 Muitiple Layers of Reinforcement
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DESIGN PROCEDURE FOR RECTANGULAR SECTIONS WITH COMPRESSION REIN-
FORCEMENT (see Part 6)

Steps are summarized for the design of rectangular beams (with b and d preset) requiring compression reinforce-
ment (see Example 7.3).

Step 1. Check to see if compression reinforcement is needed. Compute

Step 2.

Step 3.

Step 4.

M
Ro = 002

Compare this to the maximum Ry, for tension-controlled sections given in Table 6-1. If Ry exceeds
this, use compression reinforcement.

If compression reinforcement is needed, it is likely that two layers of tension reinforcement will be
needed. Estimate d¢/d ratio.

Find the nominal moment strength resisted by a section without compression reinforcement, and the
additional moment strength Mp, to be resisted by the compression reinforcement and by added
tension reinforcement.

From Table 6-1, find p,. Then, using Eq. (6);

f
m=pf—¥
C

Determine My from Table 7-1.

Compute moment strength to be resisted by compression reinforcement:

M, = M,~M,

Check yielding of compression reinforcement

If d*/c < 0.31, compressive reinforcement has yielded andf{ = fy

See Part 6 to determine f] when the compression reinforcement does not yield.

Determine the total required reinforcement, A} and A

-7



Step 5:

Check moment capacity

oM, = q;[(A - AL fy [d - %) + Agfy (d - d’)] z M,
where

_ (As - A;) fy
0.85tZb

DESIGN PROCEDURE FOR FLANGED SECTIONS WITH TENSION REINFORCEMENT
(see Part 6)

Steps are summarized for the design of flanged sections with tension reinforcement only (see Examples 7.4 and 7.5).

Step 1:

Step 2:

Step 3:

Step 4:

Step 5:

Determine effective flange width b according t0 8.10.

Using Table 7-1, determine the depth of the equivalent stress block a, assuming rectangular section
behavior with b equal to the flange width (i.e.,a < hg):

Af df
az sy P g
0.85fb  0.85f;

where ® is obtained from Table 7-1 for M/ ¢fébd2. Assume tension-controlled section with ¢ =
0.9.

Ifa < hg, determine the reinforcement as for a rectangular section with tension reinforcement only.
Ifa > by, gotostep 3.

Ifa > hg, compute the required reinforcement Agr and the moment strength ¢M ¢ corresponding to
the overhanging beam flange in compression:

_ Gy _ 0856 (b — byhy

fy y

- _he
q)Mnf = tp[Asffy [d 7 ]:|

Compute the required moment strength to be carried by the beam web:

Asf

Muw = Mu" ¢Mnf

Using Table 7-1, compute the reinforcement Agw required to develop the moment strength to be
carried by the web:

0.85 by ay

fy

ASW

7-8




i
&

Rt SN, | WG b S kK

AR

where ay = 1.18w,d with ®,, obtained from Table 7-1 for Muw/cbfébwdz.

Alternatively, obtain Agy from the foliowing:' '

A = . fb,d
SW
fy
Step & Determine the total required reinforcement:

As = Astt Asw
Step 7: Check to see if section is tension-controlled, with ¢ = 0.9.

c =ay/f

If ¢ /d, < 0.375, section is tension - controlled
If c/d, > 0.375, add compression reinforcement

Step 8: Check moment capacity:
! Ay hf
oM, = of (A - Age) £y d- =]+ Agfy |d- -] 2 My

0.85£ (b - by ) by

where Ay =
fy
a. = (As - Asf) fy
¥ 0.85fby,

GENERAL CONSIDERATIONS—FLEXURE AND AXIAL LOAD

Design or investigation of a short compression member (without slenderess effect) is based primarily on the
strength of its cross-section. Strength of a cross-section under combined flexure and axial load must satisfy both
force equilibrium and strain compatibility (see Part 6). The combined nominal axial load and moment strength
(Pn, Mn) is then multiptied by the appropriate strength reduction factor ¢ to obtain the design strength ( ¢P,,, OM,,)
of the section. The design strength must be equal to or greater than the required strength:

(9P, OMp,) 2 (Pu, My)

All members subjected to combined flexure and axial load must be designed to satisfy this basic criterion. Note
that the required strength (Py, My) represents the structural effects of the various combinations of loads and
forces to which a structure may be subjected; see Part 5 for discussion on 9.2.

A “strength interaction diagram” can be generated by plotting the design axial load strength ¢P, against the
corresponding design moment strength oM ; this diagram defines the “usable” strength of a section at different
eccentricities of the load. A typical design load-moment strength interaction diagram is shown in Fig. 7-5,
iltustrating the various segments of the strength curve permitted for design. The “flat-top” segment of the
design strength curve defines the limiting axial load strength Pn max; see Part 5 for a discussion on 10.3.6. As
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the design axial load strength ¢P, decreases, a transition occurs between the compression-controlled limit and
the tension-controlled limit, as shown in the figure. Example 6.4 illusirates the construction of an interaction

diagram.
Po
/ Nominal strength (¢ = 1.0)

c ¢PO I~

o ~

£ T~

g 0.800P o~

» © Design strength

8

[=]

-

g

2
compression-controlled limit
tension-controlled limit

oM, My
Moment Strength, Mn

Figure 7-5 Design Load-Moment Strength Diagram (tied column)

GENERAL CONSIDERATIONS—BIAXIAL LOADING

Biaxial bending of columns occurs when the loading causes bending simultaneously about both principal axes.
The commonly encountered case of such loading occurs in corner columns. Design for biaxial bending and
axial load is mentioned in R10.3.6 and R10.3.7. Section 10.11.6 addresses moment magnifiers for slenderness
consideration of compression members under biaxial loading. Section R10.3.6 states that “corner and other
columns exposed to known moments about each axis simultaneously should be designed for biaxial bending
and axial load.” Two methods are recommended for combined biaxial bending and axial load design: the
Reciprocal Load Method and the Load Contour Method. Both methods, and an extension of the Load Contour
Method (PCA Load Contour Method), are presented below.

BIAXIAL INTERACTION STRENGTH

A uniaxial interaction diagram defines the load-moment strength along a single plane of a section under an axial
load P and a uniaxial moment M. The biaxial bending resistance of an axially loaded column can be represented
schematically as a surface formed by a series of uniaxial interaction curves drawn radially from the P axis (see
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Fig. 7-6). Data for these intermediate curves are obtained by varying the angle of the neutral axis (for assumed
strain configurations) with respect to the major axes (see Fig. 7-7).

The difficulty associated with the determination of the strength of reinforced columns subject to combined axial
load and biaxial bending is primarily an arithmetic one. The bending resistance of an axially loaded column
about a particular skewed axis is determined through iterations involving simple but lengthy calculations. These
extensive calculations are compounded when optimization of the reinforcement or cross-section is sought.

For uniaxial bending, it is customary to utilize design aids in the form of interaction curves or tables. However,
for biaxial bending, becaunse of the voluminous nature of the data and the difficulty in multiple interpolations,
the development of interaction curves or tables for the various ratios of bending moments about each axis is
impractical. Instead, several appreaches (based on acceptable approximations) have been developed that relate
the response of a column in biaxial bending to its uniaxial resistance about each major axis.

P

Po—

M - M, P

\ g
’?:f% %
Cag ¥

Figure 7-7 Neutral Axis at an Angle to Major Axes
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FAILURE SURFACES

The nominal strength of a section under biaxial bending and compression is a function of three variables Pr,
Mpx and Mny which may be expressed in terms of an axial load acting at eccentricities ex = Mny/Pn and ey =
Mux/Pn as shown in Fig. 7-8. A failure surface may be described as a surface produced by plotting the failure
load Py as a function of its eccentricities ex and ey, or of its associated bending moments Mny and Mnx. Three
types of failure surfaces have been defined.74. 7.5. 7.6 The basic surface S1 is defined by a function which is
dependent upon the variables Pn, ex and ey, as shown in Fig. 7-9(a). A reciprocal surface can be derived from S1
in which the reciprocal of the nominal axial load Py is employed to produce the surface S2 {1/Pn, ex, ey) as
illustrated in Fig. 7-9(b). The third type of failure surface, shown in Fig. 7-9(c), is obtained by relating the
nominal axial load Py to the moments Mnx and Mny to produce surface 53 (Pn, Mnx, Muy). Failure surface S3is
the three-dimensional extension of the uniaxial interaction diagram previously described.

A number of investigators have made approximations for both the 82 and S3 failure surfaces for use in design
and analysis.76 - 7.10. An explanation of these methods used in current practice, along with design examples, is
given below.

Y o
; |
Pne—

ol B I 2

|

1

| Mpy =P

&|! Mg;‘zpﬂg

Reinforcing bars not shown

Figure 7-8 Notation for Biaxial Loading

P t/P 2
=M, interaction
~ turves

Failure surface

Faiture surface Sy Py, M Mpy)

2 {1/ Py,ey, 8))
ex
."//
ey M,
{a) Failure Surface S, {b) Reciprocal Failure Surface S, (¢} Failure Surface S3

Figure 7-9 Failure Surfaces
A. Bresler Reciprocal Load Method

This method approximates the ordinate 1/Pq on the surface S2 (1/Pa, €x, €y) by a corresponding ordinate 1/P; on
the plane S5(1/P;, ex, ey), which is defined by the characteristic points A, B and C, as indicared in Fig. 7-10.
For any particular cross-section, the value Po (corresponding to point C) is the load strength under pure axial
compression; Pox (corresponding to point B) and Poy (corresponding to point A) are the load strengths under
uniaxial eccentricities ey and ex, respectively. Each point on the true surface is approximated by a different
plane; therefore, the entire surface is approximated using an infinite number of planes.

The general expression for axial load strength for any values of ex and ey is as follows:7:6
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Figure 7-10 Reciprocal Load Method

Rearranging variables yields:

- 1 (7)
Po = 5 T 1
— + —_— e —
Pox Poy Py
where
Pox = Maximum uniaxial load strength of the column with a moment of Mux = Paey
Poy = Maximum uniaxial load strength of the column with a moment of My = Pqex

Po = Maximum axial load strength with no applied moments
This equation is simple in form and the variables are easily determined. Axial load strengths P , Pox , and Poy
are determined using any of the methods presented above for uniaxial bending with axial load. Experimental

results have shown the above equation to be reasonably accurate when flexure does not govern design. The
equation should only be used when:

Py 2 O.If(A, 8
B. Bresler Load Contour Method

In this method, the surface S3 (P , Mnx, May) is approximated by a family of curves corresponding to constant
values of Pn. These curves, as illustrated in Fig. 7-11, may be regarded as “load contours.”

The general expression for these curves can be approximated?6 by a nondimensional interaction equation of the

form
a f
M
(h] + ny = 1.0 (9)
M pox Mnoy
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Figure 7-11 Bresler Load Contours for Constant Ppon Failure Surface Sz

where Mnx and Mny are the nominal biaxial moment strengths in the direction of the x and y axes, respectively.
Note that these moments are the vectorial equivalent of the nominal uniaxial moment My. The moment Mpoy is
the nominal uniaxial moment strength about the x-axis, and Mnoy is the nominal uniaxial moment strength
about the y-axis. The values of the exponents o. and P are a function of the amount, distribution and location of
reinforcement, the dimensions of the column, and the strength and elastic properties of the steel and concrete.
Bresler7.6 indicates that it is reasonably accurate to assume that o = 3 ; therefore, Eq. (9) becomes

o o
M M
(M“x] + [M—y—] = 10 (10)
nox noy

which is shown graphically in Fig. 7-12.

When using Eq. (10) or Fig. 7-12, it is still necessary to determine the o value for the cross-section being
designed. Bresler indicated that, typically, o varied from 1.15 to 1.55, with a value of 1.5 being reasonably
accurate for most square and rectangular sections having uniformly distributed reinforcement.

With ¢ set at unity, the interaction equation becomes linear:

M My
M L2 + M = 1.0 (11)
nox noy

Equation (11), as shown in Fig. 7-12, would always yield conservative results since it underestimates the column
capacity, especially for high axial loads or low percentages of reinforcement. It should only be used when

P, < O.1f¢A, (12)
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Figure 7-12 Interaction Curves for Bresler Load Contour Method (Eq.{9))
C. PCA Load Contour Method

The PCA approach described below was developed as an extension of the Bresler Load Contour Method. The
Bresler interaction equation [Eq. (10)] was chosen as the most viable method in terms of accuracy, practicality,
and simplification potential,

A typical Bresler load contour for a certain Py is shown in Fig. 7-13(a). In the PCA method,”-1! point B is
defined such that the nominal biaxjal moment strengths Mnx and Myy at this point are in the same ratio as the
uniaxial moment strengths Maox and Mnoy. Therefore, at point B

nex

M
M (13)

oy noy

Mk
M

When the load contour of Fig. 7-13(a) is nondimensionalized, it takes the form shown in Fig. 7-13(b), and the
point B will have x and y coordinates of B. When the bending resistance is plotted in terms of the dimensionless
parameters Pn/Pg, Mnx/Mnox, Mny/Mnoy (the latter two designated as the relative moments), the generated
failure surface S4 (Pn/Po, Mnx/Mnox, Mny/Mnoy ) assumes the typical shape shown in Fig. 7-13(c). The advantage
of expressing the behavior in relative terms is that the contours of the surface (Fig. 7-13(b))—i.e., the intersection
formed by planes of constant Pn/Po and the surface—can be considered for design purposes to be symmetrical
about the vertical plane bisecting the two coordinate planes. Even for sections that are rectangular or have
unequal reinforcement on the two adjacent faces, this approximation yields values sufficiently accurate for
design.

The relationship between o from Eq. (10) and B is obtained by substituting the coordinates of point B from
Fig. 7-13(a) into Eq. (10), and solving for & in terms of B. This yields:
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Thus, Eq. (10) may be written as:

) . log 0.5)
(MDX][ IOgﬁJ_*_(Mny IOgS ___10 (14)

For design convenience, a plot of the curves generated by Eq. (14} for nine values of B are given in Fig. 7-14.
Note that when B = 0.5, its lower limit, Eq. (14) is a straight line joining the points at which the relative
moments equal 1.0 along the coordinate planes. When [ = 1.0, its upper limit, Eq. (14} is two lines, each of
which is paralie} to one of the coordinate planes.

.

-~

3,
=k Ty Sy

™

ny
Mnoy

i

) "'J_{f il

3 T = =
Uniaxia! moment strength =3 =E=f==ih\i=
about x axis = Mno: = =,
2 about y axis = Mpay o s P
Biaxial moment strength
N about x axis = Mpy
obouty axis= Mpy

A

;
i
|
)
|
i

o A 2 3 A4

Figure 7-14 Biaxial Moment Strength Relationship

Values of B were computed on the basis of 10.2, utilizing a rectangular stress block and the basic principles of
equilibrium. It was found that the parameters v, b/h, and {7 had minor effect on the B values. The maximum
difference in B was about 5% for values of Py/Po ranging from (.1 to 0.9. The majority of the B values,
especially in the most frequently used range of Pn/Po, did not differ by more than 3%. In view of these small
differences, only envelopes of the lowest B values were developed for two values of fy and different bar
arrangements, as shown in Figs. 7-15 and 7-16.

As can be seen from Figs. 7-15 and 7-16, P is dependent primarily on the ratio Pr/Po and to a lesser, though still
significant extent, on the bar arrangement, the reinforcement index @ and the strength of the reinforcement.

Figure 7-14, in combination with Figs. 7-15 and 7-16, furnish a convenient and direct means of determining the
biaxial moment strength of a given cross-section subject to an axial load, since the values P, Mnox, and Mnoy
can be readily obtained by methods described above.
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Figure 7-15 Biaxial Design Constants

While investigation of a given section has been simplified, the determination of a section which will satisfy the
strength requirements imposed by a load eccentric about both axes can only be achieved by successive analyses
of assumed sections. Rapid and easy convergence to a satisfactory section can be achieved by approximating
the curves in Fig. 7-14 by two straight lines intersecting at the 45 degree line, as shown in Fig. 7-17.
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Figure 7-16 Biaxial Design Constants

By simple geometry, it can be shown that the equation of the upper lines is:

Mnx (1 - BJ + Mﬂy = 1 for MUY MHOY
Mnox B Mnoy nx Mnox
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Figure 7-17 Bilinear Approximation of Nondimensionalized Load Contour (Fig. 7-1 3(b)}

which can be restated for design convenience as follows:

Mooy Y(1 - B
Mpx (Mn:](- B ‘) + Mpy = Mpgy (16}

For rectangular sections with reinforcement equally distributed on all faces, Eq. (16} can be approximated by:

b|l-

The equation of the lower line of Fig. 7-17 is:

M M - M M
M L. S ny (1 B) = 1 for M“y < Mnoy (18
nox Moy B nx nOX
M 1-8
or M,, + M| if—_F| =M
nx ny (Mnoy ]( B ] nox {19}

For rectangular sections with reinforcement equally distributed on all faces,

B

In design Eqgs. (17) and (20), the ratio b/h, or ha/b must be chosen and the value of B must be assumed. For
lightly loaded columns, B will generally vary from 0.55 to about 0.70. Hence, a value of 0.65 for P is generally

a good initial choice in a biaxial bending analysis.

ha [1 -
Mnx + Mgy f[—B'] = Munox {20)
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MANUAL DESIGN PROCEDURE

To aid the engineer in designing columns for biaxial bending, a procedure for manual design is outlined below:

1. Choose the value of § at 0.65 or use Figs. 7-15 and 7-16 to make an estimate.

2. If Mny/Mnx is greater than b/h, use Eq. (17) to calculate an approximate equivalent uniaxial moment strength
Muoy. If Mpy/Mnx is less than b/h,, use Eq. (20) to calculate an approximate equivalent uniaxial moment

strength Mpox.

3. Design the section using any of the methods presented above for uniaxial bending with axial load to provide
an axial load strength Pn and an equivalent uniaxial morment strength Maoy or Mpox.

4. Verity the section chosen by any one of the following three methods:

a. Bresler Reciprocal {.oad Method:

1

P, s
1
,L + — - .l_ (7)
Pox Poy Po
b. Bresler L ontour Method:
M M
ax + Ly < 10 (11)
Maox Mnoy
c. PCA Load Contour Method: Use Eq. (14) or,
_ M M M
Mﬂx (l B] + ny S 1.0 for ny > noy (15)
M ox B Mnoy nx M ox
M - M M
Mo + By (1 ﬁ) < 10 for — o ¥ (18)
MI‘IOX Mnoy B nx MHOX
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Example 7.1—Design of Rectangular Beam with Tension Reinforcement Only

Select arectangular beam size and required reinforcement A to carry service load moments Mp = 56 ft-kips and
My, = 35 ft-kips. Select reinforcement to control flexural cracking.

£ = 4000 psi
fy = 60,000 psi

Code
Calculations and Discussion Reference
1. Toillustrate a complete design procedure for rectangular sections with tension reinforcement 10.3.4
only, a minimum beam depth will be computed using the maximum reinforcement permitted
for tension-controlled flexural members,p,. The design procedure will follow the method
outlined on the preceding pages.
Step 1. Determine maximum tension-controlled reinforcement ratio for material strengths
f¢ = 4000 psi and fy = 60,000 psi.
p, = 0.01806 from Table 6-1
Step 2. Compute bd? required.
Required moment strength:
My = (1.2 x 56) + (1.6 x 35) = 123.2 ft-kips Eq. (9-2)
0.5pf
= pfy {1 - !
Ra = Py ( 0.85f5]
000 1 0.5 x 0.01806 x 60,000) oLl o
= (0.01806 x 60,000) 0.85 x 4000 = 911 psi
) ) M, 1232 x 12 x 1000 -
bd+ (required) = OR ., 0.90 % 911 = 1803 in.

Step 3. Size member so that bd? provided = bd? required.

Setb = 10in. (column width)

d = 1’@— = 13.4in.
10

Minimum beam depth = 13.4 +2.5 = 159 in.
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Code

Example 7.1 (cont’d) Calculations and Discussion Reference

For moment strength, a 10 x 16 in. beam size is adequate. However, deflection
is an essential consideration in designing beams by the Strength Design Method.
Control of deflection is discussed in Part 10.

Step 4. Using the 16 in. beam depth, compute a revised value of p. For illustration, p will
be computed by all four methods outlined earlier.

d =16-25= 135i1n.

1

By Eq. (4) (exact method):

M, - 123.2 X 12 x 1000 _ 901 psi

¢(bd? provided) ~ 0.90 (10 x 13.5%)

o _ 08SE; (1- | 2Ry
£ {7 osst;
_ossxaf, [T axeor | _ oo
60 0.85 x 4000

By strength curves such as shown in Fig. 7-2:

Rn:

forRy = 901 psi, p = 0.0178

By moment strength tables such as Table 7-1:

M, _ 123.2 x 12 x 1000

= = 0.2253
of/bd?>  0.90 x 4000 x 10 x 13.57

p = e _ 02676 x + = 00178
£, 60

By approximate proportion:

p = (original p) L)
(original R,)

p = 0.01806 x 201 = 0.0179
911
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Example 7.1 (cont’d) Calculations and Discussion

Code
Reference

Step 5. Compute Ag required.
Ag = (revised p) (bd provided)

= 00178 x 10 x 13.5 = 2.40 in.2
A review of the correctness of the computations can be made by considering statics.
T = Agfy = 2.40 x 60 = 144.0kips

Asfy _ 144.0

= = = 4.24 in.
0.85£b 0.85 x4 x 10

Design moment strength:

¢[Asfy[d‘ 3 ] = 09 [144.0(13,5_ a2 JJ

1,475 in-kips = 122.9 ft-kips ~ required My = 123.2 ft-kips O.K.

oM,

Select reinforcement to satisfy distribution of flexural reinforcement requirements of 16.6.

Ag required = 2.40 in.2

For illustrative purposes, select 1-No. 9 and 2-No. 8 bars (Ag = 2.40 in.2). For practical
design and detailing, one bar size for total A is preferable.

No. 4 stirrup

ce=15+05=2.0in.

Maximum spacing allowed,

7-25
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Example 7.1 (cont’d) Calculations and Discussion

Code
Reference

s =15[40000) 55 o pof 40,000
fs fs

Usefs=%fy=40ksi

_ 40,000 | im
5= 15[40,{)00} 2.5 x 2 = 10in. (governs)

_ 40,000 { _ ..
or, s = 12[40,000] =12in

or, refer to Table 9-1: forfy =40 ksiand ¢cc =2, s = 10 in.
. . 1 1.0
Spacing provided = 5 10-2]1.5+05+ EX

=250in. < 10in. OK.

7-26
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Example 7.2—Design of One-Way Solid Slab

Determine required thickness and reinforcement for a one-way slab continuous over two or more equal spans.
Clear span £, = 18 ft.

fo = 4000 psi
fy = 60,000 psi
Service loads: wqg =75 psf (assume 6-in. slab), w; = 50 psf

Determine required slab thickness.

Choose a reinforcement percentage p equal to about 0.5p,, or one-half the maximum
permitted for tension-controlled sections, to have reasonable deflection control.

From Table 6-1, for f{ = 4000 psi and fy = 60,000 psi: p, = 0.01806

Set p = 0.5 (0.01806) = 0.00%03

Design procedure will follow method outlined earlier:

0.5pf,
Ra = Ply [1_ O.SSfJ

= (0.00903 x 60,000) | 1~ &3 % 000903 X 60,0001 _ g5 s
0.85 x 4000
Required d = |-Mu_ _ \/ 351 X 12,000 450,
oR.b  V0.90 x 499 x 12

Assuming No. 5 bars, required by = 3.50 + 0312+ 0.75=4.41 in.

The above calculations indicate a slab thickness of 4.5 in. is adequate. However, Table 9-5(a)
indicates a minimum thickness of #/24 = 9 in., unless deflections are computed. Also note that
Table 9-5(a) is applicable only to “members in one-way construction not supporting or attached

7-27

Code
Calculations and Discussion Reference
1. Compute required moment strengths using approximate moment analysis permitted
by 8.3.3. Design will be based on end span.
Factored load gy = (1.2 X 75y + (1.6 x 50) = 170 psf Eq. (9-2)
Positive moment at discontinuous end integral with support:
+My = qufn?/14 = 0.170 x 18%14 = 3.93 fr-kips/ft 833
Negative moment at exterior face of first interior support:
-My = qufn?/14 = 0.170 x 18%/10 = 5.51 ft-kips/ft 8.3.3
2. 10.3.3



Code
Example 7.2 (cont’d) Calculations and Discussion Reference

to partitions or other construction likely to be damaged by large deflections.” Otherwise deflec-
tions must be computed.

For purposes of illustration, the required reinforcement will be computed for hy = 4.5 in.,
d=3.59in.

3. Compute required negative moment reinforcement.

M, 551 x 12 x 1000
.= L = > = 475
0bd> 0.9 x 12 x 3.59
475
~ 0.00903] 22| = 0.00860
P (499)

-Ag (required) = pbd = 0.00860 x 12 x 3.59 = 0.37 in.%/ft
Use No. 5 @ 10 in. (Ag = 0.37 in.2/f0)

4. For positive moment, use Table 7-1:

M, 3.93 x 12,000

ofbd%> 0.9 x 4000 x 12 x 3.59°

= 0.0847

From Table 7-1, @ = 0.090

, 4
_ O 0000 x = = 0.006
P 60

fy

+Ag (required) = pbd = 0.006 x 12 x 3.59 = 0.258 in.2/ft

Use No. 4 @ 9 in. (A5 =0.27 in.2/ft) or No. 5 @ 12 in. (Ag = 0.31 in.2/ft)
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Example 7.3—Design of Rectangular Beam with Compression Reinforcement

A beam cross-section is limited to the size shown. Determine the required
area of reinforcement for service load moments Mp = 430 ft-kips and r_‘,i
My = 175 ft-kips. Check crack control requirements of 10.6.

d's 25" b 1
T 0 00 e
£/ = 4000 psi ®
fy = 60,000 psi
d=288" 1.
® 000
s
o000
Code
Calculations and Discussion Reference
1. Determine required reinforcement.
Step 1. Determine if compression reinforcement is needed.
M, = L.2Mp + 1.6M; = 796 ft-kips Eg. (9-2)
M, =M_/0 = 796/09 = 884 ft-kips
R, = 1\_/1% - 884 x 12 le()OO _ 982
bd 12 x 30

This exceeds the maximum Ry of 911 for tension-controlled sections of 4000 psi concrete,
without compression reinforcement. (see Table 6-1.) Also, it appears likely that two layers of
tension reinforcement will be necessary. Estimate d = dy - 1.2 in. = 28.8 in.

Step 2. Find the nominal strength moment resisted by the concrete section, without com-
pression reinforcement.

P, = 0.01806 from Table 6-1

o = pl 3] = 001804 22| = 001881 (6)
d 28.8
60

f
o = pf—’[ = 0.01881 x —= = 0.282
C
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Example 7.3 (cont’d) Calculations and Discussion

Code
Reference

Step 3.

Step 4.

Step 5.

M—“‘z = 0.2351 from Table 7-1
%bd

M, = 02351 x 4 x 12 x 28.8% = 9,360 in.-kips = 780 ft-kips
resisted by the concrete

Required moment strength to be resisted by the compression reinforcement:
M, = 884-780 = 104 ft-kips

Determine the compression steel stress f].

Check yielding of compression reinforcement. Since the section was designed

at the tension-controlled net tensile strain limit £¢ = 0.005, ¢ca1/d¢ = 0.375
cal = 0.375d; = 0.375 x 30 = 11.251n,
d’fca; = 2.5/11.25 = 0.22 < 0.31

Compression reinforcement yields at the nominal strength (£ = fy)

Determine the total required reinforcement:

Mf
A/ - n
P ofy(d-d)
_ 104 x 12 x 1000 < 079in2
60,000 (28.8 —2.5)
Ag = 0.75 +pbd

= 0.79 + (0.01881 x 12 x 28.8) = 7.29in.2
Check moment capacity.

‘When the compression reinforcement yields:

_ (Ag— A;)fy 650 x 60

= = 9.561n.
0.85f:b 0.85 x4 x 12

oM, = ¢[(AS - AYE, [d - %) £ Alf, (d - d’)]

= 0_9[6.50 % 60 (28.8 - gzﬁJ + (0.79 X 60) (28.8 — 2.5)}/12
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Code
Example 7.3 (cont’d) Calculations and Discussion Reference

= 796 ft-kips = My = 796 ft-kips O.K.
2. Select reinforcement to satisfy control of flexural cracking criteria of 10.6.
Compression reinforcement:
Select 2-No. 6 bars (Ag = 0.88in.2 > 0.79 in.2)
Tension reinforcement:

Select 6-No. 10 bars in two layers (A = 7.62 in.2 > 7.29 in.2)

No. 4 stirrup
b 6-No. 10
i ® T 1" clear
deg=377"| .
e s 15"
&
b=12
Maximum spacing allowed,
0, >
s=15 (4_5@]_ 2.5¢, 12(40500] Eq. (10-4)

Ce=15+05=201n.

Use fo= 2 fy = 40 ki

_ 1e| 40,000 | N
§= 15[40’000] (2.5 x 2) = 10 in. (governs)

_ 40,000 | _ ...
or, = 12(40,000) =12 in

1 1.27
Spacing provided = '2'*{12— 2(1-5 +0.5+ T)}

=468in. < 10m. QK.
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Code

Example 7.3 (cont’d) Calculations and Discussion Reference

4. Stirrups or ties are required throughout distance where compression reinforcement 7.11.1
is required for strength.

Max. spacing = 16 x long. bar dia. = [6 x 0.75 = 12in. (governs) 7.10.5.2

48 x tie bar dia. = 48 x 0.5 = 24in.

least dimension of member = 12 in.

Use smax = 12 in. for No. 4 stirrups

Using the simplified assumption of d = dy, the extra steel is only 1.2 percent (calculations are not shown).
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Example 7.4—Design of Flanged Section with Tension Reinforcement Only

Select reinforcement for the T-section shown, to carry service dead and live load moments of
Mp =72 ft-kips and My, = 88 ft-kips.

by = 30"
& = dooopst JEANNNINNNNNN\TFe
¥y - +
de=19"
AS
* 9@
10*
Code
Calculations and Discussion Reference
1. Determine required flexural strength.
My = (1.2 x72) + (1.6 x 88) = 227 ft-kips Eq. (9-2)
2. Using Table 7-1, determine depth of equivalent stress block a, as for a rectangular section.
Assume $ =0.9.
M, _ 227 x 12 = 0.0699
ofbd> 0.9 x 4 x 30 x19°

From Table 7-1, @ = 0.073

Afy  pdfy

= = 1.180d = L.18 x 0.073 x 19 = 1.64in. < 2.5in.
085  0.85f; n "

With a < hy, determine A as for a rectangular section (see Ex. 7.5 for the case when a > hy).

Check ¢:
cal = a/P1 = 1.64/0.85 = 1.93in.

ca/dy = 1.93/19 = 0.102 < 0.375

Section is tension-controlled, and ¢ =0.9.
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=244 in.<10in. OK.

Code

Example 7.4 (cont’d) Calculations and Discussion Reference
3. Compute Ag required.

Asfy = 0.85f(ba

0.85 x4 x 30 x1.64 .

A, = <0 = 278 in2

Alternatively,

A, = pbd = mfibd

fy
4 )
= 0073 x — x 30 x 19 =2.77in.
60

Try 3-No. 9 bars (Ag = 3.0 in.2).
4. Check minimum required reinforcement. 10.5

For f; < 4444 psi, Eq. (10-3)

200 200
in = e = = 0.0033
Pmin = %~ = 60,000
Ag 3.0
= =0.0158>0.0033 OK.

byd 1019 >
5. Check distribution of reinforcement. 10.6

Maximum spacing allowed,

40,000 40,000
s= IS(TJ_Z'SCC < 12(T] Eq. (10-4)
ce=15+05=2.0in.
fo= 2 f, = 40 ki
Use s = 3 y= 51
_ 40,000 | _ PP
s = 15(40,000] (2.5 x 2) = 10in. (governs) /l/
B 40,000 ] _ . No. 4 stirrup
§ = 12(40’000] =121in
3-No. 9
1 1.128
Spacing provided = 5{10 - 2[1.5 +0.5+ 5 )}
\ 2.56"

10"
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Example 7.5—Design of Flanged Section with Tension Reinforcement Only

Select reinforcement for the T-section shown, to carry a factored moment of My, = 400 ft-kips.

b = 30"
f/ = 4000 psi \
f, = 60,000 psi ET //// 25
/ |
1g*
Ay
[ IS o
10°
Code
Calculations and Discussion Reference

1. Determine required reinforcement.

Step 1. Using Table 7-1, determine depth of equivalent stress block a, as for a rectangular
section.

Assume tension-controlled section, ¢ = 0.9.
M, = M, /¢ = 400/0.9 = 444 ft-kips
Assume a < 2.5 in.

M, 444 x12
fbd? 4 x 30 x 197

= 0.123

From Table 7-1, ® = 0.134
A f,

a = —2 . = 1.18xd
0.85f%b

= 1.18 x0.134 x 19 = 3.0in. > 2.5in.

i R i S T s SRR o

Step 2. Since the value of a as a rectangular section exceeds the flange thickness, the equiva-
lent stress block extends in the web, and the design must be based on T-section
behavior. See Example 7.4 when a is less than the flange depth.

i e

LG

i acy, 5

Step 3. Compute required reinforcement Agr and nominal moment strength My correspond-
ing to the overhanging beam flange in compression (see Part 6).

Compressive strength of flange
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Example 7.5 (cont’d) Calculations and Discussion Reference

Step 4.

Step 5.

Step 6.

Step 7.

Step 8.

Cr = 085, (b-bw)hr

0.85 x 4 (30-10) 2.5 = 170 kips

Required Agr to equilibrate Cr :

Cr - 0 5832

Ag = —
£y 60

Nominal moment strength of flange:

h
My = [Asffy(d—?f)}

= [2.83 x 60 (19 - 1.25))/12 = 251 fr-kips
Required nominal moment strength to be carried by beam web:
Mpw = My - Mpr = 444 -251 = 193 ft-kips
Using Table 7-1, compute reinforcement Agyw required to develop moment strength

to be carried by the web.

My _ _198x12 o o

f/bd> 4 x 10 x 192

From Table 7-1, ©,, = 0.179

4
= 0179 x — = 0.01193

Check to see if section is tension-controlied, with ¢ = 0.9:
p, = 0.01806 from Table 6-1
Therefore, p,, < p, and section is tension-controlled (¢ = 0.9)

Agw = pybd =0.01193 x 10 x 19=2.27 in.2
Total reinforcement required to carry factored moment My, = 400 ft-kips:

As = A+ Agy = 2834227 = 5.10in.2

Check moment capacity.

oM, = ¢[(AS — Ag)fy [d - aTW] + Agly (d - %ﬂ
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Example 7.5 (cont’d) Calculations and Discussion

Code
Reference

(As — Ayl fy

a
¥ 0.85f%by,

(5.10 - 2.83) X 60
085 x4 x 10

H

oM,

H

= 4.01 in.

400 ft-kips = My = 400 ft-kips 0O.K.

2. Select reinforcement to satisfy crack control criteria.

0.9 [(5.10 - 2.83) 60 [19 - %91} +(2.83 X 60) [19 _ 32'_5)]/12

10.6

Try 5-No. 9 bars in two layers (As = 5.00 in.2) (2% less than required, assumed sufficient)

Maximum spacing allowed,

s = 15(40’000 ]- 25¢,< 12 (—40%000J

fs 3
cc=15+0.5=2.0in.

Usefy = % fy = 40 ksi

s = 15(40’—000) ~(2.5 x 2) = 10in. (governs)

40,000

_ 40,000 | _ 4.
s = 12(40’000J =12 in

1
Spacing provided = 5{10 - 2(1.5 +0.5+

=2441in. < 10in. O.K.

Note: Two layers of reinforcement are required,
which may not have been recognized when d was
assumed to be 19 in. Also, the provided steel is
slightly less than required. Therefore, the overall
height should be a little more than d + dcp =22.41
in., or the steel should be increased.

)

Eq. (10-4)

1" clearI

No. 4 stirrup
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Example 7.6—Desigh of One-Way Joist

Determine the required depth and reinforcement for the one-way joist system shown below. The joists are 6 in.
wide and are spaced 36 in. o.c. The slab is 3.5 in. thick.

fz = 4000 psi

fy = 60,000 psi

Service DL = 130 psf (assumed total for joists and beams plus superimposed dead loads)
Service LL = 60 psf

I

Width of spandrel beams = 20 in.
Width of interior beams = 36in.

Columns: interior = 18 x 18in.
extericr = 16 X 161in.
Story height (typ.) = 13 ft

5 @ 300" = 150™-0"

S
=S
A 1}
A 5
=
[22]
@
(4]
\Standard | Do Do Do |
' Pan Joists | P o oo |
m m_ m - m =
300" y 300" | $5'-0"
T T
810" =275 | 30 fh=270 L 80" =279
T T 1
1] T R I 1
Sym. about G4
|
Section A-A
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Example 7.6 (cont’d) Calculations and Discussion Reference
Compute the factored momenis at the faces of the supports and determine the depth of the
joists.
wu = [(1.2 x 0.13) + (1.6 x 0.06)] x 3 = 0.756 kips/ft Eq. (9-2)
Using the approximate coefficients, the factored moments along the span are summarized 8.3.3

in the table below.

Location M, (ftkips)
End span
Ext. neg. w224 = 0.756 x 27.5%/24 = 23.8
Pos. w,l,214 = 0.756 x 27.52/14 = 40.8
Int. neg. W, £,210 = 0.756 x 27 25410 = 56.1
Interior span
Pos. w 0,216 = 0.756 x 272/16 = 34.4
Neg. w,f2M1 = 0.756 x 272/11 = 50.1

For reasonable deflection control, choose a reinforcement ratio p equal to about one-half
p,- From Table 6-1, p, = 0.01806.

Set p = 0.5 x 0.01806 = 0.00903

Determine the required depth of the joist based on M, = 56.1 ft-kips:

_ Py 0.00903 x 60

= — = = 0.1355
34 4

From Table 7-1, M, /¢f/bd® = 0.1247

d- M, _ J 56.1 x 12 — 158in
of’b,, (0.1247) 09 x 4 x 6 x 0.1247

hy = 158+1.25 = 17.1in.

From Table 9-5(a), the minimum required thickness of the joist is

£ 30x12

h . = = = 19.5 .n.
e TY 185 '

Use a 19.5-in. deep joist (16 + 3.5).
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Example 7.6 (cont’d) Calculations and Discussion

Code
Reference

2. Compute required reinforcement.

a.  End span, exterior negative

M, _ 23.8 x 12 — 0.0397

ofbd®> 0.9 x 4 x 6 x 18252

From Table 7-1, @ = 0.041

wbdf,  0.041 x 6 x 18.25 x 4

£, 60

A, = = 030in?

For f; < 4444 psi, use

200bg,d 200 x 6 x 18.25
B 60,000

= 0.37in2> Ag

As, min =
fy

Distribute bars uniformly in top slab:

Ag = —0—5—2 = 0.123 in.2/ft

Use No. 3 @ 101in. (As = 0.13 in.%/ft)

b. End span, positive

M, - 40.8 x 12 = 00113

ofibd?> 0.9 x 4 x36 x 18.25

From Table 7-1, @ = 0.012

A, = QDU _ 002X 36X 1825 x4 _ oy
£, 60

Check rectangular section behavior:

Adfy  0.53 x 60

= = 026in. < 3.5in. OK.
0.85f7b 0.85 x 4 x 36

Use 2-No. 5 bars (A; = 0.62in.2)

¢.  End span, interior negative

M, _ 56.1 x 12  0.0936

ofbd> 0.9 x 4 x 6 x 18.257
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Example 7.6 (cont’d) Calculations and Discussion

Code
Reference

From Table 7-1, @ = 0.100

wbdf,  0.100 x 6 x 18.25 x 4

£, 60

A = = 0.73 in?

Distribute reinforcement uniformly in slab:
As = O‘_;B = 0.24in.2/ft

Use No. 5 @ 12 in. for crack control considerations in slabs (see Table 9-1).

d. The reinforcement for the other sections is obtained in a similar fashion, The follow-
ing table summarizes the results. Note that at all sections, the requirements in 10.6 for
crack control are satisfied.

Location My Ag Reinforcement
End span {ft-kips) {in.2)
Ext. neg. 238 0.37 No. 3@10in.
Pos. 408 0.63 2-No.5
Int. neg. 56.1 0.73 No.5@12 in.*
Interior span
Pos. 344 0.42 2-No.5
Neg. 50.1 0.65 No.5@&12in.”

*Maximum 12 in. spacing required for crack control in slab.

e.  The slab reinforcement normal to the ribs is often located at mid-depth of the slab to
resist both positive and negative mements.

2 2
UseM, = Yafn _ QI8 X 25 096 kips
12 12

where w, = 1.2 (44 + 30) + 1.6 (60)

185 psf = 0.185 kips/ft?

M .
- 0.096 x 12  — 0.0087
ofbd> 09 x 4x 12x% 175

From Table 7-1, @ = 0.0087

= wbdfe _ 0.0087 X 12 X L7S x4 00002/
fy 6l

A
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3.

Example 7.6 {cont’d)

Calculations and Discussion

Code
Reference

For slabs, minimum reinforcement is governed by the provisions in 7.12.2.1:

Agmin = 0.0018 x 12 x 3.5 = 0.08 in.2/ft

18 in.

Use No. 3 @ 161n. (A4

Shear at supports must be checked. Since the joists meet the requirements in 8.11,
the contribution of the concrete to shear strength V; is permitted to be 10% more than that

specified in Chapter 11.

17.5in. (governs)

0.08 in.2/ft)

7-42
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Example 7.7—Design of Continuous Beams

Determine the required depth and reinforcement for the support beams along the interior colemn line in Ex- |
ample 7.6. The width of the beams is 36 in.

f. = 4000 psi

fy = 60,000 psi

Service DI. = 130 psf (assumed total for joists and beams plus superimposed dead loads)
Service LL. = 60 psf

Columns: interior = 18 x 18in.
exterior = 16 x 161in.
Story height (typ.) = 13 ft
Code
Calculations and Discussion Reference
1. Compute the factored moments at the faces of the supports and determine the depth of the
beam.
wy = [(1.2 % 0.13) + (1.6 x 0.06)] x 30 = 7.56 kips/ft Eq. (9-2)
Using the approximate coefficients, the factored moments along the span are summarized 8.3.3
in the table below.
Location My (ft-kips)
End span
Ext. neg. W, £,2/16 = 7.56 x 28.58%16 = 385.9
Pos. W, 8,214 = 7.56 x 28.56%/14 = 441.1
int. neg. wy€,210 = 7.56 x 28.54%/10=615.8
Interior span
Pos. W, 4,?/16 = 7.56 x 28.50%/16 = 383.8

For overall economy, choose a beam depth equal to the joist depth nsed in Example 7.6.

Check the 19.5-in. depth for My = 615.8 ft-kips:

From Table 6-2,

M
OR,, = 820 = bd‘g

M, = 820 x 36 x 172/1000 = 8531 in.-kips = 711 ft-kips

H

7-43



Code

fs

S

Example 7.7 (cont’d) Calculations and Discussion Reference
M, <M,
Section will be tension-controlled without compresion reinforcement.
Check beam depth based on deflection criteria in Table 9.5(a):
£ 30x12
hyn = = = 195in. OK.
mo18s 185
Use a 36 x 19.5 in. beam.
2. Compute required reinforcement:
a.  End span, exterior negative
Muz - 3859 x 12 ~ = 01236
ofbd 0.9 x 4 x36 x 17
From Table 7-1, @ = 0.134
A, = wbdf; _ 0.134 x 36 x 17 x 4 — 547in2
fy 60
For f, < 4444 psi, use
200b,,d 200 x 36 x17 .2
Ag min = fy"" = 55,000 = 2.04 in. Eq. (10-3)
Use 7-No. 8 bars (Ag = 5.53 in.2)
Check distribution of flexural reinforcement requirements of 10.6.
Maximum spacing allowed,
s = IS(M)—Z.SCC < 12(40}000J Eq. (10-4)

ce=15+05=20in.

2

Usef;= 3

fy = 40 ksi

_ 40,000 | _ Y
s= 15{40’0()0} 2.5 x 2 =10in. (governs)

_ 40,000 | _ .,
5= 12(40’000] =12 in.

-4




Example 7.7 (cont’d) Calculations and Discussion

Code
Reference

Spacing provided = é{36— 2(1.5 +0.5+ 1—2(-}-)}

=5.17in.<10in. OK.

End span, positive

M, _ 441.1 x 12 - 0.1413

ofbd? 0.9 x 4 x36 x 172

From Table 7-1, ¢» = 0.156

wbdf;  0.156 x 36 x 17 x 4
fy 60

= 6.37 in.?

Ay =

Use 11-No. 7 bars (As = 6.60 in.2)

Note that this reinforcement satisfies the cracking requirements in 10.6.4, and fits
adequately within the beam width. It can also conservatively be used at the midspan

section of the interior span.

End span, interior negative

M, _ 6158 x 12

o = 5 = 0.1973
ofcbd 0.9 x 4 x36 x 17
From Table 7-1, @ = 0.228
A, = wbdf;, _ 0228 x 36 x 17 x 4 — 930in2
fy 60

Use 10-No. 9 bars (A;= 10.0in.2)

This reinforcement is adequate for cracking and spacing requirements as well.
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Example 7.8—Design of a Square Column for Biaxial Loading

Determine the required square tied column size and reinforcement for the factored load and moments given.
Assume the reinforcement is equally distributed on all faces.

Py = 1200 kips, Mux = 300 ft-kips, Muy = 125 ft-kips

fz = 5000 psi, fy = 60,000 psi

Calculations and Discussion

Code
Reference

i

Determine required nominal strengths, assuming compression-controlled behavior:

P, 1200
p o= v = I eacy
" T 065 P
M 300
M = 8 = 20 46156tk
== Ty T 065 ps
M
M, = —2 = 125 = 192.3 ft-kips
vy = 7o T 065

Assume f§ = 0.65

Determine an equivalent uniaxial moment strength Mnox or Mnoy.

M
oy 1923 0.42 is less than Eb— = 1.0 (square column)

M 465.1 a

nx

Therefore, using Eq. (20)

Mnox = Mnx + Mpy _%&(I_BEJ

1-0.65
0.65

461.5 + [192.3 X (1.0)( ):| = 565.1 ft-kips

9.3.2.2(b)

Assuming a 24 in. square column, determine the reinforcement required to provide an axial load strength

P, = 1846 kips and an equivalent uniaxial moment strength Muox = 565.1 ft-kips

The figure below is an interaction diagram for this colummn with 4-No. 11 bars. The section is adequate with

this reinforcement for (P, M, ).
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5. Selected section will now be checked for

Example 7.8 (cont’d) Calculations and Discussion Reference
3,000
.\\_-
a "_"“—h_.____
2,500
L \\
\
2,000 | I
w L
a
! \
b
3 1500 q
-l
K
< : i
1,000 =
: /"‘//
ol L /
| ‘_’/
o L / A1 1 A T 1 PR At A L2
1] 100 200 300 400 500 600 700 800 900 1,000
Bending Moment, ft-kips

biaxial strength by each of the three methods

presented in the discussion.

a. Bresler Reci L

Check Pn 2 0.1f;Ag

1714 kips > 0.1 (5) (576) = 288kips OK.

To employ this method, Po, Pox, and Poy must be determined.
P, = 0.85f; (Ag — As) + Aafy

0.85 (5) (576 — 6.24) + 624 (60) = 2796 kips

Poyx is the uniaxial load strength when only Myx acts on the cotumn. From the
interaction diagram, Pox = 2225 kips when My = 461.5 ft-kips.

Similarly, Poy = 2575 kips when Mpy = 192.3 ft-kips. Note that both Pox and Poy are
greater than the balanced axial force, s0 that the section is compression-controlled.

Using the above values, Eq. (7) can now be evaluated:

1

P, = 1846 kips < T

1
+ _— -
Poy P

B
POX
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Code
Example 7.8 (cont’d) Calculations and Discussion Reference

1
1 N 11
2225 2575 2796

< — 2083 kips OK

b. Bresler I.oad Contour Method

Due to a lack of available data, a conservative ¢ value of 1.0 is chosen. Although
Py > 0.11} Ag, the necessary calculations will be carried out for example purposes.
Since the section is symmetrical, Muox is equal to Mnoy.

From the interaction diagram, Mpox = 680 ft-kips for P, = 1846 kips.

Using the above value, Eq. (11) can now be evaluated:

My |, May _ 4615 1923

+ = 0.68 + 028 = 0.96 < 1.0 OK.
My, M., 680 680

c. A n M
To employ this method, Po, Mnox, Moy and the true value of 3 must first be found.
Po = 0.85 £} (Ag - As) + Aufy

0.85(5) (576 - 6.24) + 6.24 (60) = 2796 kips

]

Since the section is symmetrical, Mnox and Mnoy are equal.
From the interaction diagram, Mgex = 680 ft-kips for Py = 1846 kips.

Having found P, and using pg (actual), the true P value is determined as follows:

f 2
By _ 1846 _ oo Py | (6247240 o

P, 279 f; 5

From Fig. 7-15(a), read f = 0.66

Using the above values, Eq. (13) can now be evaluated:

[log 0.5} [log 0.5]
( Mnx ] logﬁ + { Mny J 10813 < 10

Mpox Mnoy
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Example 7.8 {(cont’d) Calculations and Discussion

Code
Reference

log 0.5 = -0.3

log B = log 0.66 = -0.181

log 0.5 _ 1.66
log B

1.66 1.66
461.5 192.3
[ 680 ) * [ 680) - 053 + 012 = 065 < 1.0 OK.

This section can also be checked using the bilinear approximation,

. My Muoy
Since < , Eq. (17) should be used.
MIIX. MDOX

* 680 630 0.66

My, = My (1 ] BJ _ 4615 1923 (1 - 0.66]
M ox Mnoy B

068 + 0.15 = 0.83 < 1.0 QK.

I
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8

Redistribution of Negative Moments in
Continuous Flexural Members

UPDATE FOR THE '05 CODE

BACKGROUND

The behavior of a concrete member is affected by its reinforcement layout. For example, consider a three span
reinforced concrete beam built monolithically with reinforcement provided only at the bottom of the beam. Prior
to cracking, the beam behaves as three continuous spans. After cracking over the interior supports, the three-
span beam will behave as three simply supported spans. Therefore, after cracking, redistribution of internal
forces occurs in the system. However, the cracks over the interior supports may become large and unacceptable
from a serviceability point of view. Section 8.4 sets rules for redistribution of negative moments in continuous
beams provided they have sufficient ductility. The redistribution provisions allow for adequate serviceability.

The provisions of 8.4 are beneficial when evaluating existing structures or during the design of new structures.
The procedure recognizes that the moment envelop is the result of different transient load patterns (8.9). For
example, when considering the pattern that produces the largest negative moment, the designer can reduce that
negative moment. This reduction, however, will cause an increase of the concurrent positive moment is the
midspan. Similarly, increasing the negative moment over supports will reduce the positive moment in the midpsan.
By increasing and decreasing negative moments over supports of continuous members, the negative and posi-
tive momenis can be optimized and the required amount of flexural reinforcement can be economized. This
procedure is illustrated in Examples 8.1 and 8.2,

8.4 REDISTRIBUTION OF NEGATIVE MOMENTS IN CONTINUOUS FLEXURAL
MEMBERS

Section 8.4 permits a redistribution of negative moments in continuous flexural members if the net tensile strain
exceeds a specified amount. This provision recognizes the inelastic behavior of concrete structures and consti-
tutes a move toward “limit design.” Application of moment redistribution, in many cases, results in substantial
decrease in total required reinforcement, which allows avoiding reinforcement congestion or reduction of
concrete dimensions.

A maximum 10 percent adjustment of negative moments was first permitted in the 1963 ACI Code. Experience
with the use of that provision, though satisfactory, was still conservative. The 1971 code increased the maximum
adjustment percentage up to 20 percent depending on the reinforcement indices. The increase was justified by
additional knowledge of ultimate and service load behavior obtained from tests and analytical studies. Moment
redistribution was allowed for both nonprestressed and prestressed members but different specifications were



used for each type of member. Starting with the 2002 revision of the code, 8.4 specified the negative moment

redistribution factor in terms of the net tensile strain, € . This unified provision applies equally to both
nonprestressed and prestressed members. Former provisions involving reinforcement indices may still be used
as prescribed in B.8.4 and B.18.10.4.

According to 8.9, continuous members must be designed to resist more than one configuration of live loads. An
elastic analysis is performed for each loading configuration, and an envelope moment value is obtained for the
design of each section. Thus, for any of the loading conditions considered, certain sections in a given span will
reach the ultimate moment while others will have reserve capacity. Tests have shown that a structure can con-
tinue to carry additional loads if the sections that reached their moment capacities continue (o rotate as plastic
hinges and redistribute the moments to other sections until a collapse mechanism forms.

Recognition of this additional load capacity beyond the intended original design suggests the possibility of
redesign with resulting savings in material. Section 8.4 allows a redesign by decreasing or increasing the elastic
negative moments for each loading condition (with the corresponding changes in positive moment required by
statics). These moment changes may be such as to reduce both the maximum positive and negative moments in
the final moment envelope. In order to ensure proper rotation capacity, the net tensile strain in the sections at the
support must conform to 8.4. Example 8.1 illustrates this requirement.

Limits of applicability of 8.4 may be summarized as follows:

1. Provisions apply to continuous nonprestressed and prestressed flexural members.
Provisions do not apply to members designed by the approximate moments of 8.3.3, or to slab systems
designed by the Direct Design Method (13.6.1.7).
3. Bending moments must be determined by analytical methods, such as moment distribution, slope deflec-
tion, etc. Redistribution is not allowed for moments determined through approximate methods.
Redistribution is only permitied when the net tensile strain is not less than 0.0075 (8.4.3).
5. Maximum allowable percentage increase or decrease of negative moment is equal to 1000 &;, but not more

than 20 percent (8.4.1).
6. Adjustment of negative moments is made for each loading configuration considered. Members are then

proportioned for the maximum adjusted moments resulting from all loading conditions.

7. Adjustment of negative support moments for any span requires adjustment of positive moments in the same
span (8.4.2). A decrease of a negative support moment requires a corresponding increase in the positive
span moment for equilibrium.

8. Static equilibrium must be maintained at all joints before and after moment redistribution.

9. In the case of unequal negative moments on the two sides of a fixed support (i.e., where adjacent spans are
unequal), the difference between these two moments is taken into the support. Should either or both of these
negative moments be adjusted, the resulting difference between the adjusted moments is taken into the support.

10. Moment redistribution may be carried out for additional cycles. After each cycle of redistribution, a new
allowable percentage increase or decrease in negative morment is calculated. After the first iteration, the
reduction is typically 15 percent off its final value, which is usually reached after three cycles.

=

The permissible percentage redistribution is defined in terms of the net tensile strain €,. In general, the
design procedures outlined in Part 7 of the Notes can be used to determine the location of the neutral axis,
¢, which allows calculating €, from the expression

g, = 0.003 (ﬁ— J (1)

c
However, in the case of a section with a rectangular compression block and one layer of tension reinforce-
ment only (d; = d), an explicit relation between the net tensile strain, €,, and the nondimensional coefficient

of resistance,
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Ry /fo =M, /(fcbd?) =M, /(pfbd?)

can be derived as follows (see Fig. 8-1).

0.003 .
aI Co
c
N S
d a
d-a
2
..
& ‘T

Figure 8-1 Strains and Stresses

Setting r =c¢/d,, the depth of the concrete stress block, a, and the concrete stress block
resultant, C, can respectively be expressed as:

a=Pyc=Pyrd

C= 0.85fba = 0.85f,bPyrd

Substituting Eq. (3) and Eq. (4) into the equilibrium condition for internal and external moments:

a
M,=C|d-=
. c(d 2)

M“z = 0.85 Blr( —&]
£.bd 2

results in:

with the nondimensional coefficient of resistance {see Eq. (2)] on the left hand side. Solving

Eq. (6) with respect to r yields:

- 1-2Ra
17 £,

i By

Substituting r into Eq. (1) gives

g, =0.003 ———BLT
1—"1—4,ll
17 £

C

8-3

(2)

3

“)

6]

)

)

(8



Note that Eq. (8) does not involve steel strength and is valid for use with all types of steel, including prestressing steel.
Figure 8-2 shows the relationship between permissible redistribution, net tensile strain, and coefficient of resistance.

The following procedure may be utilized to determine the permissible moment redistribution.

. Determine factored bending moments at supports by analytical elastic methods. Compute coefficients of
resistance using Eq (2). Use ¢ = 0.90 because the assumption £, = 0.0075 implies a tension-controtled

section.
2. Use Eq. (8) to calculate £, and if it satisfies €, 2 0.0075 then determine the corresponding permissible

percent redistribution 1000 ¢, < 20%.

Altenatively enter Fig. 8-2 with value of R, / f;.. Maove up to intersect the appropriate curve, and move
left to find the permissible percent redistribution. Interpolate between curves if nceded.

3. Adjust support moments, and corresponding positive moments to satisfy equilibrivm.

It usually happens that the steel provided using discrete bar sizes is somewhat more than that required. This
reduces £, and the permissible percent redistribution slightly. However, the excess steel increases the strength far
more than the change in percent redistribution. For example, referring to Fig. 8-2, the curve for 4,000 psi concrete
shows a coefficient of resistance of 0.112 when g = 0.015 and a 15 percent redistribution. If so much extra steel
were provided that g was reduced to 0.010, with a permissible redistribution of 10 percent, the coefficient of
resistance increases from 0.112 to 0.150. Thus, a 5 percent reduction in permissible redistribution is accompanied
by a 34 percent increase in strength. Consequently, it is not necessary to calculate the slight reduction in permis-
sible redistribution, because it is offset by a far greater increase in strength.

b=

g 20.0 i L | : 0.0200

- | f' < 4,000 psi ]

S 175 [— NN - o o . 0.0175 &
] . _ . -
2 : ! f, = 6,000 psi £
e 15.0 —— _l_. — <} B e— - 0.0150 %
o , !

2 | f/ > 8,000 psi @
Taas| - | 400125 2
[ | o
o | %
:e 10.0 PR 0.0100 Q
[] : =
a [ |

g 75 | L SN S 0.0075

& 0050 0075 01400 0425 0150 0.175 0.200

R, . M,

Coefficient of Resistance —% =
icien f,f f,_'bd'*’

Figure 8-2 Permissible Moment Redistribution

REFERENCE

8.1 Mast, R.E, (1992), “Unified Design Provisions for Reinforced and Prestressed Concrete Flexural and
Compression Members,””ACI Structural Journal, V. 89, pp. 185-199.
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Example 8.1—Moment Redistribution

Determine required reinforcement for the one-way joist floor shown, using moment redistribution to reduce
total reinforcement.

[a]

%
S

%—LJ B 1

Sy T2, concrete

] 16" wide girder i well

el ! i
24'-0" 24 . Q"
. I 1
Joist-slab: 10 + 2.5 X 5 + 25 (10-in. deep form + 2.5-in. slab, 5-in. wide form spaced @ 25 in. 0.c.)
f, = 4000 psi
fy = 60,000 psi
DL = 80 psf
LL =100 psf
For simplicity, continuity at concrete walls is not considered.
Code
Calculations and Discussion Reference

1. Determine factored loads.

U = 1.2D+1.6L Eq. (9-2)

wg = 1.2 x 0.08 x 25/12 = 0.200 kips/ft

wy = 1.6 x 0.10 x 25/12 = 0.333 kips/ft

wy = 0.533 kips/ft per joist

2. Obtain moment diagrams by elastic analysis.
Consider three possible load patterns:

Load pattern I: Factored DL and LL on both spans.
Load pattern II: Factored DL and LL on one span and factored DL only on the other span.

Load pattern [II: Reverse of load pattern I1.

The elastic moment diagrams for these load cases are shown in the figure (moments shown in ft-kips).

8-5



Code
Example 8.1 (cont’d) Calculations and Discussion Reference
3B
’ = = o Maments after
redistribution

*Calculation of 22.8% adjusted positive moment

' 05331 35.1%
I dIieeey)
.l.l ¥ !‘ F 3
4.93% ' 7.86K
L 240" |
"l

V=0@x=925ft

9.05%

M@ x =9.25ft =(4.93 X 9.25)-0.533 X

=228k

— &" to face of girder

(¢) Factored Moment Envelope

Figure 8-3 Redistribution of Momenis for Example 8.1
3. Redistribution of negative moments.
4. Load pattern I:
The intent is to decrease the negative moment at the support to obtain a new mornent envelope.
From load pattern I: M,; =-33.2 ft-kips at face of girder.
Forb=5in.,andd=11.51in.:

Ry _ 33.2 x 12

= = = 0.167 and the permissible reduction
fo 09x4x5x(115)

1000 e, = 3 083 ~1| = 8.5%

i- @ x 0.167
Vl‘l

Decreasing the negative moment M, = -38.4 ft-kips in Fig. 8-3(a) by 8.5%, redistrib-
uted moment diagrams are obtained as shown by the dashed lines in Fig. 8-3(a).

The maximum span moment correspandingly increases to 22.8 ft-kips by equilibrium
(see calculation in figure).
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Code
Example 8.1 (cont’d) Calculations and Discussion Reference

b. Load pattern II:

The elastic moment diagram of Load Pattern IT is compared with the redistributed
moment diagram of Load Pattern I. For savings in span positive moment reinforce-
ment, it is desirable to reduce the span positive moment of 26.3 ft-kips. This can be
achieved through redistribution of the negative moment at the support by increasing it
by 8.5%, to 26.4 X 1.085 = 28.6 ft-kips. As a result the positive moment is reduced
from 26.3 to 25.4 ft-kips.

4. Design factored moments.

From the redistributed moment envelope, factored moments and required reinforcement are
determined as shown in the following table.

Table 8-1 Summary of Final Design

Load Pattem Required Steel Provided Steel
Redistribution,

Section | | Ag (in.2) p A (in.2) p* percent
Support 0.0103
Moment* -29.9 —_— 0.52 0.0092 2-No.5 (b=5in.) -8.5
(ft-kips)

Midspan 0.0021 *** +8.5
Moment — 264 0.50 0.0017 2-No.5 | (b=25in.)| atsuppont
{ft-kips)

*Calculated at face of support.

"Check pyin = ._'3_."@ = 0.0032

y
200
Pnin = 60 = 0.0033 (governs)
Ag 0.51
Mp= 2 = ———— = 0.0089 > Pmin

Final note: Moment redistribution has permitted a reduction of 8.5% in the negative
moment. Similarly, the positive span moment has been reduced through redistribution of
the negative support moment.




Example 8.2—Moment Redistribution

Determine the required reinforcement areas for the spandrel beam at an intermediate floor level as shown, using
moment redistribution to reduce total reinforcement required.

Columns 18" X 18" (typ.}
_JV_/ '

3 | T

Spandrel beam

12 x 18" (typ.)\

25 -0"

15" 0"

20'-0

Columns = 16 x 161in.
Story height = 10 ft
Spandrel beam = 12 x 16in.
fo = 4000 psi

fy 60,000 psi

DL = 1167 Ib/ft

LL = 450 Ib/ft

Calculations and Discussion

Code
Reference

1. Determine factored loads.

U =12D+1.6L

wg = 1.2 x 1.167 = 1.4 kips/ft

wy, = 1.6 x 0.45 = 0.72 kips/ft

wy = 2.12 kips/ft

2. Determine the elastic bending moment diagrams for the five load patterns shown in
Figs. 8-4 (a) to (e} and the maximum moment envelope values for all load patterns.

Maximum negative moments at column counterlines and column faces, and positive mid-
span moments were determined by computer analysis using pcaBeam program for each of
the five loading configurations. Adjusted moments after redistribution are also shown by

dashed lines, The values of the adjusted moments are given in parentheses.

3-8

Eq. (9-2)
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Code
Example 8.2 (cont’d) Calculations and Discussion Reference
109.4 (92.7) L
99,7 (99.7) . ———— D
91.9 (75.7) ' —

82.8 (82.4) 5 A B C D
|
! )
! l b i
| 1
| 52.4 {41.9) Pl i
| I 47 | 48.1 (38.5) !
1 41.6 - 1 40.3 (40.3)
i 38.8 (29.5)
| (312) (28.6)— 31.5 (31.2)
: 26.4 [
, (19.0) !
i !
3

i NG/ :

1 AN 15. :
g N7 (245) i
| &
[T
=
1E Adjusted moment
132
[¥=} )
10

(a) Load Pattern | (moments in ft-kips)

107.6 (91.2)

100.5 {100.5) —ﬁo _L—-E—
90.2 (74.2
83.5 (83.1) (74.2) A 1 )\ 1
68.9 (55.1)
62.8 (62.8)
55.0 (41.7)
49.3 (48.8)

(b) Load Pattern Il (moments in ft-kips)

Figure 8-4 Redistribution of Morments for Example 8.2
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Code

Example 8.2 (cont’d) Calculations and Discussion Reference
L
D 9
r f
r ]

734 (62.2)

b
[xe]
O
)

5.4 (65.4)
54.2 (53.9)

61.8 (50.9) 81.7 {61.7}

48.4 (47.9)

(c) Load Pattern lll (moments in ft-kips)

| e
|
| [ I T |
/ B D
! 73.6 (62.4) ‘ )
1 65.3(65.3) 62.0 (51.1) f E
54.1(53.8) ! .
48.6 (38.9) I
39.3 (29.9) 40.1 (40.1) —
31.3(31.0)

(d) Load Pattern IV (moments in ft-kips)

Figure 8-4 {continued) Redistribution of Moments for Example 8.2
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Code
Example 8.2 (cont’d) Calculations and Discussion Reference

109.1
{92.5

81.7 (75.5)

99.9 {99.9)

82.9 (82.5)

1.2 (69.5)

(e) Load Pattern VV (moments in ft-kips)

109.4 (92.7)

100.5 {100.5)

91.9(75.7)
83.5 (83.1)

71.2 (57.0)

62.8 (62.8)—
57.2 (43.4)

49.3 (48.8)

(f) Maximum Moment Envelopes for Pattern Loading
{moments in ft-kips)

Figure 8-4 {continued)} Redistribution of Moments for Example 8.2
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Code
Example 8.2 (cont’d) Calculations and Discussion Reference
Determine maximum allowable percentage increase or decrease in negative moments:
use d = 14.01in.; cover= 1.51n. 7.7.1
_Rg_ _ Mu . Bl
Calculate F q)f'bd2 and corresponding €= 0.003 | ———~11{.
c p . JE R,
17 £,
For My use envelope value at support face. Based on g calculate the adjustment. Iterate
until the adjusted moments converge (starts repeating). See Table 8-2.
Table 8-2 Moment Adjustments at Supports
Support
A B Cc D
Right Left Right Left Right Left
- M, (ft-kips) 83.5 91.9 41.6 33.0 57.2 49.3
5 R./F. 0.1184 0.1303 0.0589 0.0467 0.0811 0.0699
g g, 00139 | 00122 | 00325 | 00421 | 0.0224 | 0.0267
- Adjustment (%) 139 12.2 20.0 20.0 20.0 20.0
N M, (ft-kips) 719 80.7 33.3 26.4 45.8 39.4
& R, 0.1019 | 0.1143 | 0.0471 | 00374 | 00649 | 0.0559
;E: & 0.0169 0.0146 0.0417 0.0537 0.0291 0.0345
= Adjustment (%) 16.9 146 20.0 20.0 20.0 20.0
) M, (ft-kips) 69.4 78.5
S RF, 0.0984 | 0.1113
g & 0.0177 0.0151
- Adjustment (%) 17.7 15.1
< M. (ft-kips) 68.8 78.0
§ R/f, 0.0975 | 0.1106
g & 0.0179 | 0.0152
= Adjustment (%) 17.9 15.2
Tl M, (fi-kips) 68.6 77.9
& Ru/fe 00972 | 0.1104
g & 00179 | 00153
- Adjustment (%) 17.9 15.3
© M, (ft-kips) 77.9
S R, 0.1104
e & 0.0153
- Adjustment (%) 15.3
Final Allowable Adjustment (%) 17.9 15.3 20.0 20.0 200 20.0

8-12
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Code
Example 8.2 (cont’d) Calcuiations and Discussion Reference

4. Adjustment of moments.

Note: Adjustment of negative moments, either increase or decrease, is a decision to be
made by the engineer, In this example, it was decided to reduce the negative moments on
both sides of supports B and C and accept the increase in the corresponding positive mo-
ments, and not to adjust the negative moments at the exterior supports A and D.

Referring to Figs. 8-4(a) through (), the following adjustments in moments are made.

Load Pattern 1 — Fig. (a)

MR 1 eft = 109.4 ft-kips (adjustment = 15.3%)
Reduction to Mp | efi= -109.44 % (.153 = 16.7 ft-kips
AAdjusted Mp | ey =—109.4-(-16.7) = -92.7 ft-kips

Increase in positive moment in span A-B
M, =-99.7 ft-kips
Adjusted Mp [ en =—92.7 ft-kips

| Mid-span ordinate on line M to Mp [ eft = :2.9—7-4-2(:-@

Moment due to uniform load = wufz /8 = 2.12 x 252 /8 = 165.6 ft-kips
Adjusted positive moment at mid-span = —96.2 +165.6 = 69.4 ft-kips

= —96.2ft—kips

Decrease in negative moment at the left face of support B
—92.7-(-99.7)

x 24.33 = 92.9 ft-kips
25.0

Ordinate on line Ma to Mp j eft =-99.7+

! Moment due to uniform load =% wyx{£—x) =% x 2.12 x 2433 x (25.0-24.33)= ~17.2 ft-kips

Adjusted negative moment at the left face of support B = —92.9417.2=-75.7ft-kips

Similar calculations are made to determine the adjusted moment at other locations and for other load
patterns. Results of the additional calculations are shown in Table 8-3.

' 5. After the adjusted moments have been determined analytically, the adjusted bending moment diagrams
| for each loading pattern can be determined. The adjusted moment curves were determined graphically
and are indicated by the dashed lines in Figs. 8-4 (a) to ().

6. An adjusted maximum moment envelope can now be obtained from the adjusted moment
curves as shown in Fig. 8-4 (f) by dashed lines.

7. Final stecl ratios p can now be obtained on the basis of the adjusted moments.

From the redistributed moment envelopes of Fig. 8-4 (f), the design factored moments and
the required reinforcement area are obtained as shown in Table 8-4.

8-13




Example 8.2 (cont’d)

Calculations and Discussion

Code
Reference

Table 8-3 Mornents Before and After Redistribufion (moments in ft-kips)

Location Load Pattern | LLoad Pattern I Load Pattern HI Load Pattern 1V |Load Pattern IV
M, Mg M, Mg M, M.g M, Mag M, Mag |
A -99.7 -100.5 -65.4 -65.4 -65.3 -65.3 -99.9 -89.9
A Right Face -82.8 -83.5p -54.2 -53.9 -54.1 -53.8 -82.9 -82.5
Mid-Span A-B +61.1 +61.6}: +40.1 +45.6 +40.0 +45.6 +61.2 +69.5
B Left Face -91.9 -80.2 -61.8 -50.9 -62.0 -51.1 -91.7 -75.5
B Left Center -109.4 -107.6 -73.4 -62.2 -736 -62.4] -109.1 925
B Right Center -52.4 . -38.4 -43.7 -34.9 455 -36.4 -50.6 -40.5
B Right Face . o -31.3 ) -33.5] -248] -351 -28.0 -40.0(  -29.9
Mid-Span B-C +15.8] +245 +64] +129] +158] +24.9] +17.5} 2260 +14.3] +234
C Left Face -26.4 -19.0 -21.6 -16.0 -33.0 -28.9 -21.1 -30.4 -22.3
C Left Center -35.7 -28.8 -27.9 -22.3 -43.1 -38.7 -31.0 -40.1 -32.1
C Right Center -48.1 -38.5 -68.9 -55.1 -71.2 . -48.6 -38.9 -70.7 -56.6
C Right Face -388] -205] 550 -41.7] 572 4l 393 -209] -568| -43.1
Mid-Span C-D +259| +306] +402 : +39.6] +46.6] +257 +30.5 +39.7] +46.7
D Left Face -31.5 -31.2 -49.3 B -48.4 -47.9 -31.3 -31.0 -48.6 -48.1
D -40.3 -40.3 -62.8 -62.8| -61.7 -61.7 -40.1 -40.1 -61.9 -61.9
Final design moments after redistribution
Table 8-4 Summary of Finas! Design
) Moment Load Required
Location .
{ft-kips) Case A L(inzl p

Support A |Right Face -83.1 I 1.43 0.0085

Midspan A-B 69.8 1 1.18 0.0070

Support Left Face -75.7 | 1.29 0.0077

Right Face -31.2 I 1 0.0030

Midspan B-C 26 v 0.0025

Support  {Left Face -24.3 mn 0.0023

Right Face -43.4 1l 0.0043

Midspan C-D 471 | 0.0046

Support D |Left Face -48.8 Il 0.0048

Use A, i = 200208 = 000 x 122X 1% _ 56402
’ fy 60,000
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9

Distribution of Flexural
Reinforcement

UPDATE FOR THE *05 CODE

Equation 10-4, for maximum bar spacing to control cracking, was modified to provide results consistent with
previous editions of the code while maintaining similar level of crack control. The default steel stress at service
load in the equation was increased from 0.6fy to (2/3)fy. The revised equation is intended to recognize the
increase in service load stress level in flexural reinforcement resulting from the use of the load combinations
introduced in the 2002 code.

The provisions for skin reinforcement in Section 10.6.7 were simplified and made consistent with the require-
ment for flexural tension reinforcement in 10.6.4. Research [Ref. 9.3] has shown that control of side face crack-
ing can be achieved through proper spacing of the skin reinforcement for selected cover dimension. The research
also confirmed that the reinforcement spacing requirements in Section 10.6.4 are sufficient to control side face
cracking. To eliminate the confusion regarding the definition of effective depth for multi-layer reinforced mem-
bers, 10.6.7 is simplified to require skin reinforcement based on the overall depth of the member instead of the

effective depth.

GENERAL CONSIDERATIONS

Provisions of 10.6 require proper distribution of tension reinforcemnent in beams and one-way slabs to control
flexural cracking. Structures built in the past using Working Stress Design methods and reinforcement with a
yield strength of 40,000 psi or less had low tensile stresses in the reinforcement at service loads. Laboratory
investigations have shown that cracking is generally in proportion to the steel tensile stress. Thus, with low
tensile stresses in the reinforcement at service loads, these structures exhibited few flexural cracking problems.

With the advent of high-strength steels having yield stresses of 60,000 psi and higher, and with the use of
Strength Design methods which allow higher stresses in the reinforcement, control of flexural cracking has
assumed more importance. For example, if a beam were designed using Working Stress Design and a steel yield
strength of 40,000 psi, the stress in the reinforcement at service loads would be about 20,000 psi. Using Strength
Design and a steel yield strength of 60,000 psi, the stress at service loads could be as high as 40,000 psi. If
flexural cracking is indeed proportional to steel tensile stress, then it is quite evident that the criteria for crack
control must be included in the design process.

Early investigations of crack width in beams and members subject to axial tension indicated that crack width
was proportional to steel stress and bar diameter, but was inversely proportional to reinforcement percentage.
More recent research using deformed bars has confirmed that crack width is proportional to steel stress. How-
ever, other variables such as the quality of concrete and concrete cover were also found to be important. It
should be kept in mind that there are large variations in crack widths, even in careful laboratory-controlled work.



For this reason, only a simple crack control expression, designed to give reasonable reinforcing details that are
in accord with laboratory work and practical experience, 15 presented in the code.

10.6 BEAMS AND ONE-WAY SLABS
10.6.4 Distribution of Tension Reinforcement

There are three perceived reasons that were identified early on for limiting the crack widths in concrete. These
are appearance, corrosion, and water tightness. The three seldom apply simultaneously in a particular structure.
Appearance is important for concrete exposed to view such as wall panels. Corrosion is important for concrete
exposed to aggressive environments. Water tightness may be required for marine/sanitary structures. Appearance
requires limiting of crack widths on the surface. This can be ensured by locating the reinforcement as close as
possible to the surface (by using small cover) to prevent cracks from widening. Corrosion contrel, on the other
hand, is obtained by using better quality concrete and by increasing the thickness of concrete cover. Water
tightness requires severe limits on crack widths, applicable only to specialty structures. Thus, it should be
recognized that a single provision, such as Eq. (10-4) of this code, may not be sufficient to address the control of
cracking for all the three different reasons of appearance, corrosion, and water tightness.

There is a strong correlation between surface crack width and cover d., as shown in Fig. 3-1. For a particular
magnitude of strain in the steel, the larger the cover, the larger will be the surface crack width affecting the
appearance. From 1971 through 1993, the code specified limiting of z-factors based on the concept that the
width of surface cracks needs to be limited. The specified values of z = 175 and 145 kips/in. for interior and
exterior exposures, respectively, corresponded to the limiting crack widths of 0.016 and (0.013 in. It was assumed
that by limiting the crack width to these values, one would achieve corrosion protection. But in order to comply
with the specified z-value limits, the method essentially encouraged reduction of the reinforcement cover, which
could be detrimental to corrosion protection. Furthermore, the method severely penalized structures with covers
more than 2 in. by either reducing the spacing or the service load stress of the reinforcement.

W2>W1

Figure 9-1 Crack Width for Different Cover Thicknesses.

The role of cracks in the corrosion of reinforcement has been found to be controversial. Research [9.1 & 9.2]
shows that corrosion is not clearly correlated with surface crack widths in the range normally found with
reinforcement stresses at service load level. In fact, it is weakly related to the earlier codes’ surface crack width
limits of 0.013 t0 0.016 in. Further, it has been found that actual crack widths in structures are highly variable. A
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scatter of the order of + 50% is observed. This prompted investigation of altermatives to the z factor limits for
exterior and interior exposure, as given in the 1995 and earlier editions of the code.

Addressing some of the limitations of the previous approach, a simple and more practical equation has been
adopted starting with the 1999 code, which directly limits the maximum reinforcement spacing. The new method
is intended to control surface cracks to a width that is generally acceptable in practice but may vary widely in a
given structure. The new method, for this reason, does not purport to predict crack widths in the field. According
to the new method, the spacing of reinforcement closest to a tension surface shall not exceed that given by

40,000
s=15(f—J—2.5cc Eq. (10-4}

S

but not greater than 12(40,000 / f5)

where s= center-to-center spacing of fiexural tension reinforcement nearest to the extreme tension face,
in. (where there is only one bar or wire nearest to the extreme tension face, s is the width of the
extreme tension face).

f,= calculated stress (psi) in reinforcement at service load computed as the unfactored moment
divided by the product of steel area and internal moment arm. It is permitted to take fs as
2/3 ¢
y.

cc= clear cover from the nearest surface in tension to the surface of flexural tension reinforcement, in.

Note, in the 1999 and 2002, codes, the default steel stress at service load was 0.6f, _To recognize the increase in
service load stress level in the flexural reinforcement resulting from the use of the load combinations introduced
in the 2002 code, the default steel stess used in (Eq. 10-4) was adjusted in 2005 by increasing it from 0,6fy, to
(2/3)fy, Note also that contrary to the 1995 provision, this spacing is independent of the exposure condition.

For the usual case of beams with Grade 60 reinforcement with 2 in. clear cover to the tension face and assuming
f, = 2/3(60,000) = 40,000 psi, the maximum bar spacing is 10 in. Using the upper limit of Eq. (10-4), the
maximum spacing allowed, irrespective of the cover, is 12 in. for fy = 40,000 psi. The spacing limitation is
independent of the bar size used. Thus for a required amount of flexural reinforcement, this approach would
encourage use of smaller bar sizes to satisfy the spacing criteria of Eq. (10-4).

Although Eq. (10-4) is easy to solve, it is convenient to have a table showing maximum spacing of reinforce-
ment for various amounts of clear cover and different service level steel stress f; (see Table 9-1 below).

Table 9-1 Maximum Spacing of Reinforcement

Clear Cover (in.)
Steel Stress, fs, {psi) 3/4 1 1-1/4 1-1/2 1-3/4 2 | 2472 3
30,000 16 16 16 16 15.63 15 13.75 | 125
40,000 12 12 11.88 11.25 10.63 10 8.75 7.5

* Note, maximum reinforcement spacing is 18in. (7.6.5, 7.12.2.2, 10.5.4, 14.3.5)

10.6.5 Corrosive Environments

As described under 10.6.4, data are not available regarding crack width beyond which a danger of corrosion
exists. Exposure tests indicate that concrete quality, adequate compaction, and ample cover may be of greater
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importance for corrosion protection than crack width at the concrete surface. The requirements of 10.6.4 do not
apply to structures subject to very aggressive exposure or designed to be watertight. Special precautions are
required and must be investigated for such cases.

10.6.6 Distribution of Tension Reinforcement in Flanges of T-Beams

For control of flexural cracking in the flanges of T-beams, the flexural tension reinforcement must be distributed
over a flange width not exceeding the effective flange width (8.10} or 1/10 of the span, whichever is smaller. If
the effective flange width is greater than 1/10 the span, some additional longitudinal reinforcement, as illustrated
in Fig. 9-2, must be provided in the outer portions of the flange (see Example 9.2).

[ B J —
Additional 7\' Additional
AS s AS

Figure 9-2 Negative Moment Reinforcement for Flanged Floor Beams
10.6.7 Crack Control Reinforcement in Deep Flexural Members

In the past, several cases of wide cracks developing on side faces of deep beams between the main reinforcement
and neutral axis (Fig. 9-3(a)) have been observed. These cracks are attributed to the absence of any skin rein-
forcement, as a resuit of which cracks in the web widen more as compared to the cracks at the level of flexural
tensicn reinforcement (Fig. 9-3(a)). For flexural members with overall height h exceeding 36 in, the code re-
quires that additional longitudinal skin reinforcement for crack control must be distributed along the side faces
of the member. The skin reinforcement must be extended for a distance h/2 from the tension face of the member.
The vertical spacing s of the skin reinforcement is computed from 10.6.4 (Eq. 10-4). The code does not specify
the size of the skin reinforcement. Research [Ref. 9.3] has shown that control of side face cracking can be
achieved through proper spacing of the skin reinforcement for selected cover dimension. The research also
confirmed that the reinforcement spacing requirements in Section 10.6.4 are sufficient to control side face crack-
ing. Research has shown that the spacing rather than bar size is of primary importance [Ref. 9.3]. Typically No.
3 to No. 5 bars (or welded wire reinforcement with minimum area of 0.1 in.? per foot of depth) is provided.

i

Compression

Nautral Axis

h > 36"

Tension Main Reinforcement

a) Side Face Cracking (Exaggerated) b) Crack Control “Skin Reinforcement for Deep Beams

Figure 9-3 Skin Reinforcement

54




Note that the provisions of 10.6 do not directly apply to prestressed concrete members, as the behavior of a
prestressed member is considerably different from that of a nonprestressed member. Requirements for proper
distribution of reinforcement in prestressed members are given in Chapter 18 of the code and Part 24 of this book.

13.4 TWO-WAY SLABS

Control of flexural cracking in two-way slabs, including flat plates and flat slabs, is usually not a problem, and
is not specifically covered in the code. However, 13.3.2 restricts spacing of slab reinforcement at critical mo-
ment sections to 2 times the slab thickness, and the area of reinforcement in each direction for two-way slab
systermns must not be less than that required for shrinkage and temperature (7.12). These limitations are intended
in part to control cracking. Also, the minimum thickness requirements for two-way construction for deflection
control (9.5.3) indirectly serve as a control on excessive cracking.

REFERENCES

9.1 Darwin, David et al, “Debate: Crack Width, Cover and Corrosion,” Concrete International, Vol. 7, No. 5,
May 1985, American Concrete Institute, Farmington Hills, ML, pp. 20-35.

92  Qesterle, R.G., “The Role of Concrete Cover in Crack Control Crieria and Corrosion Protection,” RD
Serial No. 2054, Portland Cement Association, Skokie, IL, 1997.

9.3  Frosch, RJ., “Modeling and Control of Side Face Beam Cracking,,” ACI Structural Journal, Vol 99,
No. 3, May-June 2002, pp. 376-385.
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Example 9.1—Distribution of Reinforcement for Effective Crack Control

Assume a 16 in. wide beam with A, (required) = 3.00 in.2, and fy = 60,000 psi. Select various bar arrangements
to satisfy Eq. (10-4) for control of flexural cracking.

Code
Calculations and Discussion Reference
1. For2-No. 11 bars {Ag=3.12in.2)
¢ = 1.5+0.5= 2.0in. (No. 4 stirrup)
use fy = 2/3 fy = 40 ksi 4y
~No. 4 stirrup

Maximum spacing allowed,
2-No.11

[40,000 o
s=15

40’000] -(25 X 2.0)=101n. Eg, (10-49) I 16" .

12(40,000/40,000) = 12 in. > 10 in.

spacing provided = 16 - 2 (1 S+05+ %l]

=10.6in. > 10in. N.G.
2. For4-No. 8 bars (A =3.16in.2)

¢ = 2.0in. (No. 4 stirrup)

Maximum spacing allowed,

s =10 1in. [Eq. (10-4)] 4-No. B

spacing provided = %[16 — 2(1.5 +0.5+ 12—0)]

=37in. < 10in. O.K.




Example 9.2-—Distribution of Reinforcement in Deep Flexural Member with Flanges

Select reinforcement for the T-section shown below.

Span: 50 ft continuous f. = 4000 psi
fy = 60,000 psi

Service load moments:

Positive Moment Negative Moment
My = +265 ft-kips My = -280 ft-kips
M, = +680 ft-kips M, = -750 ft-kips

il

40"

1'-0°
L 10'- 0"
Code
Calculations and Discussion Reference
1. Distribution of positive moment reinforcement
a. M, = 1.2(265) + 1.6(680) = 1406 ft-kips Eg. (9-2)
Assuming 2 layers of No. 11 bars with 1.5 in. clear cover and No. 4 stirrups,
deg = (3 x 1.56) (2.71) + (2 x 1.56) (5.12) — 167in
(5 x 1.56)
d =48-367 = 443 in.
Effective width = 108 in. 8.10.2

Ag required = 7.18 in.2

Try 5-No. 11 (A = 7.80 in.2)



Example 9.2 (cont’d) Calculations and Discussion

Code
Reference

No.4 Stirrup

5-Na. 11

L

=36‘7"’
[
N

3l
5

b. Clear cover to the tension reinforcement

c.=15+05=2.0 in.

Stress in reinforcement at service load:

[ M _ (265+680)12 .. .
jdAg  0.87x44.3x7.80

15 40,000 —-2.5¢
37,700

- 240 25X 2)=10.9i
—37_7—(. )=10.9in.

N 12(:11
f, 37.7

=127in.>109in. QXK.

Spacing provided = %[12 _ 2(1.5 +054+ 1.;11):'

=33in. <10.9in. OK.
2. Distribution of negative moment reinforcement
a. M, = 12280+ 1.6(750) = 1536 fi-kips

A, required = 8.76in.2

Effective width for tension reinforcement = 1/10 x 50 x 12 = 60in. < 108 in.

Try 9-Ne. 9 bars @ = 10in. (A;=9.0in.2)

10.0

10.6.4

Eq. (10-4)

10.6.6

k.



Code

Example 9.2 (cont’d) Calculations and Discussion Reference

/ﬁNo. 4 slab reinfercement
P -
B / N

(']}

_J:;TLNQ. 9 ‘ < ©

b. ¢ = 2.0in.
In lien of computations for f; at service load, use f, = 2/3fy as permitted in 10.6.4

Maximum spacing allowed,

=1 5( 40,000

-(25Xx20)=10in.=10in. QK.
40,000

c. Longitudinal reinforcement in slab outside 60-in. width.

For crack control outside the 60-in. width, use shrinkage and temperature reinforcement
according to 7.12.

For Grade 60 reinforcement, A = 0.0018 x 12 x 6 = 0.130 in.2/ft
Use No. 4 bars @ 18 in. (Ag = 0.133 in.2/ft)
3. Skin reinforcement (h > 36 in.)

The spacing of the skin reinforcement is provided according to equation 10-4. The clear
cover of the skin reinforcement is the same as the tension reinforcement; therefore the maxi-
mum allowed spacing of the skin reinforcement is 10 in.

Use 3-No. 3 bars uniformly spaced along each face of the beam extending a
distance > h/2 beyond the bottom surface of the beam.

Spacing of the skin reinforcement:
$=(24-15-05-141-1-141/2)/3=63in. <10 1in. OK

Use skin reinforcement at a spacing of 6.0 in.

Similarly, provide No. 3 @ 6.0 in. in the upper half of the depth in the negative moment region.

9-9

Eq. (10-4)

10.6.6

7.12

10.6.7



Code
Exampie 9.2 (cont’d) Calculations and Discussion Reference

4, Detail section as shown below. i

10'-0" ¢. to ¢. beams

No. 4@ 18“—\ 9-No.9 R
- . @—rr-tjj—ru—ri—v—rﬁ_
<

&

<

[ No.4 Stirrup

1.5"

4"‘0"
LJ
[']

»
> -
C“L\ No. 3 bars @ 6"

1'-0u
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Deflections

GENERAL CONSIDERATIONS

The ACI code provisions for control of deflections are concerned only with deflections that occur at service load
levels under static conditions and may not apply to loads with strong dynamic characteristics such as those due to
earthquakes, transient winds, and vibration of machinery. Because of the variability of concrete structural defor-
mations, designers must not place undue reliance on computed estimates of deflections. In most cases, the use of
relatively simple procedures for estimating deflections is justified. In-depth treatments of the subject of defiection
control, including more refined methods for computing deformations, may be found in Refs. 10.1 and 10.2.

9.5 CONTROL OF DEFLECTIONS

Two methods are given in the code for controlling deflections of one-way and two-way flexural members.
Deflections may be controlled directly by limiting computed deflections [see Table 9.5(b)] or indirectly by
means of minimum thickness [Table 9.5(a) for one-way systems, and Table 9.5(c) and Eqgs. (9-12) and (9-13) for
two-way systems.)

9.5.2.1 Minimum Thickness for Beams and Cne-Way Slabs (Nonprestressed)}—Deflections of beams and
one-way slabs supporting loads commonly experienced in buildings will normally be satisfactory when the
minimum thickness from Table 9.5(a) (reproduced in Table 10-1) are met or exceeded.

The designer should especially note that this minimum thickness requirement is intended only for members not
supporting or attached to partitions or other construction likely to be damaged by large deflections. For all other
members, deflections need to be computed.

9.5.2,.2 Immediate Deflection of Beams and One-Way Slabs {Nonprestressed)—Initial or short-term de-
flections of beams and one-way slabs occur immediately on the application of load to a structural member. The
principal factors that affect the immediate deflection (see Ref. 10.3) of a member are:

magnitude and distribution of load,
span and restraint condition,

section properties and steel percentage,
material properties, and

amount and extent of flexural cracking.

o ac o



Table 8-1 Minimum Thickness for Nonprestressed Beams and One-Way Slabs
{Grade 60 Reinforcement and Normal Weight Concrete)

Minimum Thickness, h
Member Simply One End Both Ends Cantilever
Supported Continuous Continuous
One-Way £/20 £/24 £/28 1o
Slabs
Beams £/16 £/18.5 2121 £/8

(1) Forfy other than 60,000 psi, multiply by tabuiated values by (0.4 + f,/100,000} e.g., for grade 40

reinforcement, multiply values by 0.80

{(2) For structural lightweight concrete, multiply tabulated values by (1.65 - 0.005w,) but not less than 1.09,
where wg is the unit weight in Ib per cu f.

The following concrete properties strongly influence the behavior of reinforced flexural members under short-
time loads: compressive strength (f7), modulus of elasticity (E.) and modulus of rupture (f;). The modulus of
elasticity particularly shows more variation with concrete quality, concrete age, stress level, and rate or duration

of load.

The idealized short-term deflection of a typical reinforced concrete beam is shown in Fig. 10-1. There are two
distinct phases of behavior: (i) uncracked behavior, when the applied moment (M,) is less than the cracking
moment (Mcy); and (ii) cracked behavior, when the applied moment (M,) is greater than the cracking moment
{(M¢r). Two different values for the moment of inertia would therefore be used for calculating the deflections:
the gross moment of inertia (1) for the uncracked section, and the reduced moment of inertia for the cracked

section (I.y).

For the uncracked rectangular beam shown in Fig. 10-2, the gross moment of inertia is used (I = bh3/12). The
moment of inertia of a cracked beam with tension reinforcement (I} is computed in the following manner;

Figure 10-1 Bilinear Moment-Deflection Relationship10.4

Moment

Deflection A
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i
kd ’
d N.A.
h
E;
n=—
E.
Ag NAg
——— e -~
1 Tension

Figure 10-2 Cracked Transformed Section of Singly Reinforced Beam
Taking moment of areas about the neutral axis

bxkdx% = nA  (d - kd)

use B = b
nA,
kd = A2Bd +1-1

B

Moment of inertia of cracked section about neutral axis,

3
I, = bﬂ;d) + nA, (- kd)?

Expressions for computing the cracked moment of inertia for sections with compression reinforcement and
flanged sections, which are determined in a similar manner, are given in Table 10-2.

9.5.2.3, 9.5.2.4 Effective Moment of Inertia for Beams and One-Way Slabs {Nonprestressed)—The flex-
ural rigidity EI of a beam may not be constant along its length because of varying amounts of steel and cracking
at different sections along the beam. This, and other material related sources of variability, makes the exact
prediction of deflection difficult in practice.

The effective moment of inertia of cantilevers, simple beams, and continunous beams between inflection points is
given by

I = (Mc/M,)? L +(1- (MM I € Ip Eq. (9-8)
where M = i iyt Eq. (9-9)
M, = maximum service load moment (unfactored) at the stage for which deflections are being
considered
f; = 7.5@ for normal weight concrete Eq. (9-10)

For lightweight concrete, f; is modified according to 9.5.2.3.
The effective moment of inertia I, provides a transition between the well-defined upper and lower bounds of I and
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T, as a function of the level of cracking represented by Ma/M,,. The equation empirically accounts for the effect of
tension stiffening—the contribution of uncracked concrete between cracks in regions of low tensile stress.

For each load combination being considered, such as dead load or dead plus live load, deflections should be
calculated using an effective moment of iertia [Eq. (9-8)] computed with the appropriate service load moment,
M,. The incremental deflection caused by the addition of load, such as live load, is then computed as the
difference between deflections computed for any two load combinations.

Table 10-2 Gross and Cracked Moment of Inertia of Rectangufar and Flanged Section

Gross Section Cracked Transformed Section Gross and Cracked Moment of Inertia
b b n = ..E._S.
E.
)
9J_ T
h g} n.a. | bh3
A nAg 9 7 T2
— 4 Iil Without compression stee!

kd = (szB +1 —1]/8

Withowt compression steel a 2
lor = b(kd)*f3 + nAg {d-kd)

b n-HA b With compression steel
—_ Ar
| — 5 5%“ f = P-1A/(0n)
A A, kd = [J2d8(1+rd’fd)+(‘§+r)2 -(1+r)]IB
h hml
A nAg lr = b(kd)¥3 + nAg (d — k)2 + (n - 1)A%s(kd - )2
—— J—il

With compression steel

b _ Eg
| —b [ "TE
E S S— g L C = bufl0Ag. | =nfb-b,)/(nA,).
h o na. “wo= h—1q(b—bw)h,2+bwh2]/[{b—bw)1f+bwh]
A
n L L | - mesate nthze o os -zt
_.|Ew..|._ Without compression steel buh(y—hi2)®

Without compression steel

R - 00

(b=by 3 12+ by, (kd)*f3 + (b= by, Jhy(kd —y 12 ) +

kd

le

nAs(d - kd)®
With compression steel
h kd = [Jo(acn hyf+ 2rd”) 4+ 41+ 12 m(f+r+1)]/C
Ag ler = {50y 12+ bu(kd2/3+ (b—by y(kd —hy f2 )%+
r L]
_Jb_wL_ With compression sted nAs(d- ka0~ 1)As(kd -
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For prismatic members (including T-beams with different cracked sections in positive and negative morment
regions), l. may be determined at the support section for cantilevers and at the midspan section for simple and
continuous spans. The use of the midspan section properties for continuous prismatic members is considered
satisfactory in approximate calculations primarily because the midspan rigidity has the dominant effect on de-
flections. Alternatively, for continuous prismatic and nonprismatic members, 9.5.2.4 suggests using the average
I at the critical positive and negative moment sections. The *83 commentary on 9.5.2.4 suggested the following
approach to obtain improved results:

Beams with one end continuous:

Avg. I, = 0.8501p + 0.15 (Lontend) (1)
Beams with both ends continuous:

Avg I = 0.701; + 0.15 (I + Leo) 2
where I, refers to 1. at the midspan section

Ie: and I refer to 1, at the respective beam ends.

Moment envelopes based on the approximate moment coefficients of 8.3.3 are accurate enough to be used in
computing both positive and negative values of L. (see Example 10.2). For a single heavy concentrated load,
only the midspan I should be used.

The initial or short-term deflection (A;) for cantilevers and simple and continuous beams may be computed
using the following elastic equation given in the *83 commentary on 9.5.2.4. For continuous beams, the midspan
deflection may usually be used as an approximation of the maximum deflection.

A; = K (5/48) My #2/E, I, (3)

where M, is the support moment for cantilevers and the midspan moment (when K is so defined) for
simple and continuous beams

£ is the span length as defined in 8.7.

For uniformly distributed loading w, the theoretical values of the deflection coefficient K are shown in Table 10-3.

Since deflections are logically computed for a given continuous span based on the same loading pattern as for
maximum positive moment, Eq. (3) is thought to be the most convenient form for a deflection equation.

9.5.2.5 Long-Term Defiection of Beams and One-Way Slabs (Nonprestressed)—Beams and one-way
slabs subjected to sustained loads experience long-term deflections. These deflections may be two to three times
as large as the immediate elastic deflection that occurs when the sustained load is applied. The long-term
deflection is caused by the effects of shrinkage and creep, the formation of new cracks and the widening of
earlicr cracks. The principal factors that affect long-term deflections (see Ref. 10.3) are:

relative humidity
age of concrete at the time of leading
duration of loading

a.  stresses in concrete

b. amount of tensile and compressive reinforcement
¢. member size

d. curing conditions

e. temperature

£

L.

h.
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Table 10-3 Deflection Coefficient K

K
1. Cantilevers (deffection due to rotation at supports 240
not incuded})
2.  Simple beams 10
3.  Continuous beams 12-0.2 MJ/M,
4.  Fixed-hinged beams (midspan deflection) 0.80
5. Fixed-hinged beams (maximum deflection using 074
maximum moment)
6. Fixed-fixed beams 060
Forother types ofloading, K vaues are givenin Ref. 8.2.
M, = Simple span moment at midspan (!vé;z]
M, = Net midspan moment.

The effects of shrinkage and creep must be approximated because the strain and stress distribution varies across
the depth and along the span of the beamn. The concrete properties (strength, modulus of elasticity, shrinkage and
creep) also vary with mix composition, curing conditions and time. Two approximate methods for estimating
long-term deflection appear below.

ACI 318 Method

According t0 9.5.2.5, additional long-term deflections due to the combined effects of shrinkage and creep from
sustained loads A(q;,qny may be estimated by multiplying the immediate deflection caused by the sustained

load (A;),,, by the factor A,; ie.

Acp+sny = MAi) )
£
Aa = .
where A 1+50p Eq. (9-11)

Values for & are given in Table 10-4 for different durations of sustained load. Figure R9.5.2.5 in the commen-
tary to the code shows the variation of & for periods up to 5 years. The compression steel p’ = Ag/bd is
computed at the support section for cantilevers and the midspan section for simple and continuous spans. Note
that sustained loads include dead load and that portion of live load that is sustained. See R9.5.1.

Table 10-4 Time-Dependent Factor & (9.5.2.5}

Sustained Load Duration g

5 years and more 20

12 months 14

6 months 12

3 months 1.0
10-6




Alternate Method

Alternatively, creep and shrinkage deflections may be computed separately using the following expressions
from Refs. 10.2, 10.5, and 10.6. The procedure is summarized in Section 2.6.2 of Ref.10.4,

cp )\'Cp (Al )sug (5)

[>
i

Ag = Kpow? ©)

where

hop =k Cp

k, = 0.85/(1 + 50p")
C, = time dependent creep coefficient (Table 2.1 or Eq. 2.7 of Ref. 10.4)

K, = shrinkage deflection constant (Table 10-5)

Qs = Ash(esh)[/h

A, = shrinkage deflection multiplier (Figure 10-3 or Eq. 6.1 below)
(£4n), = time dependent shrinkage strain (Table 2.1 or Eq. 2.8 & 2.9 of Ref. 10.4)

¢ = beam span length
h = beam depth

The ultimate value of the creep coefficient Ci,denoted as Cy,, is dependent on the factors a through h listed above.
Likewise, the ultimate value of the time dependent shrinkage strain depends on the varying conditions and is
designated (e Sh)u' Typical values for the two properties are discussed in Section 2.3 4 of ACI 435 (Ref. 10.4).

In Ref. 10.4, the ultimate creep coefficient is dependent on six factors:

relative humidity

age of concrete at load application
minimum member dimension
concrete consistency

fine aggregate content

air content

o a0 o

Standard conditions for these six variables are 40% R.H., 3 days (steam cured) or 7 days (moist cured), 6 in. least
dimension, 3 in. slump, 50% fine aggregate and 6% air content. For the case of standard conditions, Cy is equal
to 2.35. Correction factors are presented in Fig. 2.1 of Ref. 10.4, to adjust the value of C, for non-standard

conditions.

Two variations from standard conditions that might be encountered in normal construction are for relative hu-
midity of 70% and load application taking place at an age of 20 days. The correction factor for the relative
humidity is given by the following:
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Kyt = 1.27 - 0.0067H

where H is the relative humidity in percent. For the case of 70% relative humidity,

Kp¢=1.27-0.0067(70) = 0.80

Correction for the time of icad application is given in the following two expressions for steam or meist curing
conditions:

K€ = 1.13(t0-095)  (Steam Cured)
Ko = 1.25(t0-118y  (Moist Cured)

where t is the age of load application in days. For t =20 days the two equations give 0.85 and 0.88 respectively.
The average is (1.865.

If it is assumed that all other conditions remain constant the ultimate creep coefficient for the condition of 70%
relative humidity and load application at 20 days becomes, according to the methodology indicated:

Cy = (0.80)(0.865)(2.35) = 1.63

By comparison, the value for C,suggested in the 1978 edition of ACI 435, based on relative humidity of 70%,
age at load application of 20 days and minimum dimension of 6 in. { the standard case) was Cy = 1.60.

An evaluation of ultimate creep strain can alsp be made. In Ref. 10.4 it is stated that (g5p), is dependent on a set
of factors similar to those that affect the ultimate creep coefficient. In particular, the five conditions, and their

standard values, are as follows:

relative humidity — 40%

minimum member dimension - 6 in.
fine aggregate content — 50%
cement content — 1200 kg/m?

air content — 6%

® a6 g

For standard conditions, the ultimate shrinkage strain is 780 x 10-6. Keeping all applicable conditions the same
as used in evaluation of the ultimate creep and use of a cement factor of 6 bags per cubic yard (335 kg/m?),
calculation of the appropriate correction factors yields:

Kp5=14- 0.01H = 1.4 (0.01}70y = 0.70 (relative humidity)
Kps=0.75+ 0.000214B = 0.75 + (0.000214)(335) = 0.82 {cement content)
Application of the product of the two corrections to the standard value gives:
(€sh)u = (0.70)(0.82)(780 x 10°6) =448 x 106
This value compares with 400 x 106 suggested in the 1978 edition of ACI 435.

In summary, an estimate of the values of C,; and (ggh}, can be obtained for non-prestressed flexural members
using the methodology presented in Section 2.3.4 of Ref. 10.4.
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Once the ultimate values for creep and shrinkage are deterimined, the relationships between these ultimate values
and the values at earlier times can be estimated by Eqs. 2.7, 2.8 and 2.9 of ACI 435R104_ The expressions are
reproduced below:

o _ {06 c
1= W u Eg. (2.7) of ACI 435R

Where t represents time, in days, after application of load.

For moist cured concrete, the shrinkage relationship is:

t
(Ea), = [35 . t](ﬂsh)u Eq. (2.8) of ACI 435R

(tis in days minus 7 after placement)

and for steam cured concrete:

t
(esn), = (ﬁ) (Esn), Eq. (2.9) of ACI 435R

{t is in days minus 3 after placement)

Comparison of the values for the time dependent creep coefficients and shrinkage strains given in Table 2.1 of
ACIT 435R and those that result from Eqs. 2.7, 2.8 and 2.9 shows that the values obtained by the two methods
vary slightly, particularly for the lower values of time, t. Since the calculation of deflections in concrete struc-
tures involves considerable approximation, the use of the time dependent quantities obtained either from the
table or from the equations is considered acceptable.

Agy may be taken directly from Fig. 10-3 or computed by the following set of equations which are given in
Section 2.6.2 of ACI 435;

1 -p )2
Ay = 07(p - p')s-[p pp) for p - p'< 3.0
1
= 0.7-p° for p' =0 (6.1)
= 1.0 forp-p =z 3.0

In the above equations, both p and p’ are expressed in percent, not in decimal fraction as is usual. The ratios are
also expressed in percent for determination of Agy from Figure 10-3.

Values for the shrinkage deflection coefficient Ky, are given in Table 10-5, assuming equal positive and negative
shrinkage curvatures with an inflection point at the quarter-point of continuouns spans, which is generally satis-
factory for deflection computation.
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Figure 10-3 Values of Agy, for Calculating Shrinkage Deffection

Table 10-5 Shrinkage Deflection Coefficient Kgp

Ksh
Cantilevers 0.50
Simple Spans 0.13
Spans with One End Continuous—Multi-Span Beams 0.09
Spans with One End Continuous—T wo-Span Beams 0.08
Spans With Both Ends Continuous 0.07

The reinforcement ratios p and p’ used in determining Ag, from Fig. 10-3, refer to the support section of
cantilevers and the midspan section of simple and continuous beams. For T-beams, use p = 100 (p + py,)/2 and
a similar calculation for any compression steel p’ in determining Agp , where py, = Ag/byd. See Example 10.2.

As to the choice of computing creep and shrinkage deflections by Eq. (9-11) or separately by Egs. (5) and (6), the
combined ACI calculation is simpler but provides only a rough approximation, since shrinkage deflections are only
indirectly related to the loading (primarily by means of the steel content). One case in which the separate calculation
of creep and shrinkage deflections may be preferable is when part of the live load is considered as a sustained load.

All procedures and properties for computing creep and shrinkage deflections apply equally to normal weight
and lightweight concrete.

9.5.2.6 Deflection Limits—Deflections computed using the preceding methods are compared to the limnits
given in Table 9.5(b). The commentary gives information for the correct application of these limits, including
consideration of deflections occurring prior to installation of partitions.

9.5.3 Two-Way Construction (Nonprestressed)

Deflections of two-way slab systems with and without beams, drop panels, and column capitals need not be
computed when the minimum thickness requirernents of 9.5.3 are met. The minimum thickness requirements
include the effects of panel location (interior or exterior), panel shape, span ratios, beams on panel edges, sup-
porting columns and capitals, drop panels, and the yield strength of the reinforcing steel.
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Table 10-6 Minimum Thickness of Slabs without Interior Beams (Table 9.5(c)}

Without drop panels® With drop panelst
Exterior panels Interior Exterior panels interior
Yield panels panels
strength, Without With Without With
fy edge edge edge edge
psi* beams beamsTT beams beamnsiT
P oy i Py S A
40,000 33 36 36 36 40 40
' & L £n, fn I fn
60,000 30 33 33 33 36 36
In £ & in n b
75,000 28 31 31 31 34 34

* Forf, between the values given in the table, minimum thickness shall be determined by finear interpolation.
** For two-way construction, ¢, is the length of clear span in the long direction, measured face-to-face of supports in

slabs without beams and face-to-face of beams or other supports in other cases.

t Drop panel is defined in 13.2.5.
tf Slabs with beamns between columns along exterior edges. The vaiue of a g for the edge beamn shall not be

less than 0.8.

Section 9.5.3.2 provides minimum thickness requirements for two-way slab systems without beams between
interior columns (flat plates and flat slabs). The minimum thickness is determined directly as a function of span
length using Table 9.5(c). The section also provides minimum values for slabs with and without drop panels.
The values given in Table 9.5(c) represent the upper limit of slab thicknesses given by Eqgs. (5-12) and (9-13).
The minimum thickness requirements of 9.5.3.2 are illustrated in Fig. 10-4.

Section 9.5.3.3 provides minimum thickness requirements for two-way slab systems with beams supporting all
sides of a panel. It should be noted that these provisions are intended to apply only to two-way systems, that is,
systerns in which the ratio of long to short span is not greater than 2. For slabs that do not satisfy this limitation,
Egs. (9-12) and (9-13) may give unreasonable results. For such cases, 9.5.2 should be used.

L . Edge
Edge Beams
IU ]_LLf )Begms Iil l:] €
| i ] £,/36 | £-136
v : £n/33 [ {n/33 n i n 1
~ _é _____ bl:l ————— b 1y - == EJ _____ =
T
: ' ' /36 1 ¢,/33
T 1 /38 1 430 T g
- _é _____ é] _____ ‘E —‘ '{:1’]‘_ ————— ._[:] B @
| | i
' 7 | £,/33
| 430 | £4/30 £n/33 .
- 1 s ml  [ml [d

{a) Flat Plates {without drop panels) {b) Flat Slabs (with drop panels)

Figure 10-4 Minimum Thickness of Slabs without Interior Beams (Grade 60 Reinforcermnent)

Figure 10-5 may be used to simplify minimum thickness calculations for two-way slabs. It should be noted in
Fig. 10-5 that the difference between the controlling minimum thickness for square panels and rectangular
panels having a 2-to-1 panel side ratio is not large.
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f = 36 +5faqy, —0.2) Eq. (9-12)
| 0.8+1, /200,000
[ 36 +93
f=|—0—— Eg. (9-13
08 +1, /200,000] o 9-13
60 T
Minimum Thickness ¢,/ f
(Grade 60 Reinforcement)
55
1 — - Eq.(8-12) Eq. (8-13) -
0= 49.1
f 45 Eq. {9-13}
v
Q‘j Eq. (9-12) ] 40.9
40 '
A0
) il
35
327
30
0.2 0.5 1.0 1.5 20 25
®im

Figure 10-5 Minimum Thickness for Two-Way Beam Supported Siabs

9.5.3.4 Detlection of Nonprestressed Two-Way Slab Systems—

Initial or Short-Term Deflection: An approximate procedure!0-2 10.7 that is compatible with the Direct Design
and Equivalent Frame Methods of code Chapter 13 may be used to compute the initial or short-term deflection
of two-way slab systems. The procedure is essentially the same for flat plates, flat slabs, and two-way beam-
supported slabs, after the appropriate stiffnesses are computed. The midpanel deflection is computed as the sum
of the deflection at midspan of the column strip or column line in one direction, Agy or Ay, and deflection at
midspan of the middle strip in the orthogonal direction, Ay, or Ay, (see Fig. 10-6). The column strip is the
width on each side of column center line equal to 1/4 of the smaller panel dimension. The middle strip is the
central portion of the panel which is bounded by two column strips.

For square panels,
A=Ay +Agy = Agy + Ay (7}

For rectangular panels, or for panels that have different properties in the two directions, the average A of the two
directions is used:

A = [(Aex + Auy) + By + Any ]2 (8)
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Figure 10-6 Basis for Equivalent Frame Method of Deffection Analysis of Two-Way Slab Systems, with or
without Beams

The midspan deflection of the column strip or middle strip in an equivalent frame is computed as the sum of
three parts: deflection of panel assumed fixed at both ends, plus deflection of panel due to the rotation at the two
support lines. In the x direction, the deflections would be computed using the following expressions:

Ay = Fixed Ay + (ABI)

+(A8;) for column strip (9

<X <X

Apx = Fixed Ay, + (A8;)  +(A8;) for middle strip

While these equations and the following discussion address only the computation of deflections in the x direction,
similar comnputations 1o determine Agy and A,y would be necessary to compute deflections in the y direction.

The first step in the process of computing Fixed A, and Fixed A, is to compute the midspan fixed-end
deflection of the full-width equivalent frame under uniform loading, given by

wet
Fixed A = — 10
fame = 384 E Tirame 1o
where w = load per unit area x full width

The effect of different stiffnesses in positive and negative moment regions [primarily when using drop panels
and/or I, in Eq. (9-8)] can be included by using an average moment of inertia as given by Egs. (1) and (2).
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The midspan fixed-end deflection of the column and middie strips is then computed by muliiplying Fixed Agan.e
(Eq. (1)) by the M/EI ratio of the strips (column or middle) to the full-width frame.

Fixed A,y = (LDF)., Fixed Agyme %@—“5 for column or middle strip (11)
€, m
Mg o
where (LDF)em = = lateral distribution factor
frame

The distribution of the total factored static moment, M,,, to the column and middle strips is prescribed in 13.6.3
and 13.6.4. In particular, 13.6.4.1, 13.6.4.2 and 13.6.4.4 provide tables which allocate fractions of M, to the
interior and exterior negative moment regions and the positive moment region, respectively, for column strips.
The percent of the total not designated for the column strips is allocated to the middle strips. That is, for example,
if 75 percent of M, is designated for the interior negative moment of a column strip, the corresponding moment in
the middle strip will be required to sustain 25 percent of M,. The following expressions provide linear interpola-
tion between the tabulated values given in 13.6.4.1, 13.6.4.2 and 13.6.4.4. Note that all expressions are given as
percentages of M,:

Mrext =100 - 10B; + 12P; (og1£2/41y (1- 2/¢y) (Exterior negative moment, % M,)
Miine = 75 + 300 £2/ 87y (1- £2/4)) (Interior negative moment, % M)
M* =60 + 30 (o £2/¢71) (1.5- £2/4y) (Positive moment, % My)

In application of the above expressions, if the actual value of oy £7/¢] exceeds 1.0, the value 1.0 is used. Simi-
larly, if B; exceeds 2.5, the value 2.5 is used.

In order to calculate the lataral distribution factors (LDF), three cases should be considered:

a. strips for interior panels
b. strips in edge panels parallel to the edge
c. strips in edge panels perpendicular to the edge

Note that in corner panels, Case ¢ is used for strips in either direction as there is an exterior negative moment at
each outer panel edge. In all cases, the strip moment, used in determination of the LDFs, is taken as the average
of the positive and negative moment. Thus, the following formulas are obtained for the three cases:

Case a: LDF =1, (Mrjpe + M*)
Caseb: LDF="Y, M i+ M*)
Case c: LDF =Y, [ Yy Mg + Moy + M7]

These lateral distribution factors apply to column strips and are expressed in percentages of the total panel
moment My, The corresponding factors for the middle strips are determined, in general, as follows:

LDFyiq = 100 - LDF¢q)

The remaining terms in Eq. (9), the midspan deflection of column strip or middle strip caused by rotations at the
ends ((AGI Joxo (481) etc.) , must now be computed. If the ends of the column at the floor above and below are
assumed fixed (usual case for an equivalent frame analysis) or ideally pinned, the rotation of the column at the
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floor in question is equal to the net applied moment divided by the stiffness of the equivalent column.

M
Oframe = B = Oy = Maet)trame ) (12)
Kec
where Kec = equivalent column stiffness (see 13.7.4)

The midspan deflection of the column strip subjected to a rotation of 8, radians at one end with the opposite end
fixed is
£
(a0y), = =L (13)
The additional deflection terms for the column and middle strips would be computed simila.rly.

Because 0 in Eq. (12) is based on gross section properties, while the deflection calculations are based on L, Eq.
(14) may be used instead of Eq. (13) for consistency:

(s91), = o) [i—]fam (1)

Direct Design Method: The deflection computation procedure described above has been expressed in terms of
the equivalent frame method for moment analysis. However, it is equally suited for use with the direct design
method in which coefficients are used to calculate moments at critical sections instead of using elastic frame
analysis as in case of the equivalent frame method. In the direct design method, design moments are computed
using clear spans. When determining deflections due to rotations at the ends of a member, these moments
shouid theoretically be corrected to obtain moments at the center of the columns, However, this difference is
generally small and may be neglected. In the case of flat plates and flat slabs, the span measured between the
column centerlines is thought to be more appropriate than the clear span for deflection computations.

If all spans are equal and are identically loaded, the direct design method will give no unbalanced moments and
rotations except at an exterior column. Therefore, in these cases, rotations need be considered only at the
exterior columns. When live load is large compared to the dead load (not usually the case), end rotations may be
computed by a simple moment-area procedure in which the effect of pattern loading may be included.

Effective Moment of Inertia: The effective moment of inertia given by Eq. (9-8) is recommended for comput-
ing deflections of partially cracked two-way construction. An average I, of the positive and negative regions in
accordance with Eqgs. (1) and (2) may also be used.

For the typical cracking locations found empirically, the following moment of inertia values have been shown to
be applicable in most cases.

Case Inertia

a. Slabs without beams (flat plates, flat slabs)

(i) All dead load deflections— I,
(ii) Dead-plus-live load deflections:
For the column strips in both directions—- I.
For the middle strips in both directions— I,
b.  Slab with beams (two-way beam-supported slabs)
(i) All dead load deflections— I,
(ii) Dead-plus-live load deflections:
For the column strips in both directions-- Iy
For the middle strips in both directions— 1.
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The I of the equivalent frame in each direction is taken as the sum of the column and middle strip L. values.

Long-Term Deflection: Since the available data on long-term deflections of two-way construction is too limited
to justify mere elaborate procedures, the same procedures as thase used for one-way members are recommended.

Equation (9-11) may be used with £ = 2.5 for sustained loading of five years or longer duration.

954 Prestressed Concrete Construction

Typical span-dept: ratios for general use in design of prestressed members are given in the PCI Design Hand-
book™# and summarized in Ref. 10.2 from several sources. Starting with the 2002 edition of ACI 318, the
Building Code classifies prestressed concrete flexural members, in 18.3.3, as Class U (uncracked), Class T
(transition), or Class C (cracked.) For Class U flexural members, deflections must be calculated based on the
moment of inertia of the gross section Ig. For Classes T and C, deflections must be computed based on a cracked
transformed section analysis or on a bilinear moment-deflection relationship. Reference 10.9 provides a proce-
dure to compute deflection of cracked prestressed concrete members.

Deflection of Noncomposite Prestressed Members—The ultimate (in time) camber and deflection of pre-
stressed members may be computed based on a procedure described in Ref. 10.2. The procedure includes the
use of I, for partially prestressed members (Ref. 10.8) as a suggested method of satisfying 9.5.4.2 for deflec-
tion analysis when the computed tensile stress exceeds the modulus of rupture, but does not exceed 12@ . For
detailed information on the deflection of cracked prestressed beams and on the deflection of composite pre-
stressed beams, see Refs. 10.2 and 10.9.

The ultimate deflection of noncomposite prestressed members is obtained as (Refs. 10.2 and 10.10):

M @ (3) 4) (5)
Ay = -Bpo + 4, - [ APPu + (kCy) [1 . ggu H Bpo + (k,Cy) Ag + Ag
o 0

© " ®

+ Bk Cy) Ag + Ay + (Acpde (15}

Term (1) is the initial camber due to the initial prestressing moment after elastic loss, Pse. For example,
Apo = Poef? I8E 41, for a straight tendon.

Term (2} is the initial deflection due to self-weight of the beam. A, = 5M 082 {48E 1, for a simple beam, where
M, = midspan self-weight moment.

Term (3) is the creep (time-dependent) camber of the bearn due to the prestressing moment. This term inctudes
the effects of creep and loss of prestress; that is, the creep effect under variable stress, Average values of the
prestress loss ratio after transfer (excluding elastic loss), (P, — P,) /P, , are about 0.18, 0.21, and 0.23 for normal,
sand, and all-lightweight concretes, respectively. An average value of C,, = 2.0 might be reasonable for the creep
factor due to ultimate prestress force and seif-weight. The k; factor takes into account the effect of any
nonprestressed tension steel in reducing time-dependent camber, using Eq. (16). It is also used in the PCI
Design Handbook®8 in a slightly different form.

ke = UL+ (AgdAL)|  for Ag/AL <2 (16)

When k. =1, Terms (1) + (3) can be combined as:
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Apg + A An +A
po pe _ po pe
-Apo - l:-Apo + Apc +Cy (W‘i—):l = __A_pe -Cy ( 3 J

Term (4) is the creep deflection due to self-weight of the beam. Use the same value of C, as in Term (3). Since
creep due to prestress and self-weight takes place under the combined stresses caused by them, the effect of any
nonprestressed tension steel in reducing the creep deformation is included in both the camber Term (3) and the
deflection Term (4).

Term (5) is the initial deflection of the beam under a superimposed dead load. A = 5M{ 2/48ECIg for asimple
beam, where Mg = midspan moment due to superimposed dead load (uniformly distributed).

Term (6) is the creep deflection of the beam caused by a superimposed dead load. k; is the same as in Terms (3)
and (4), and is included in this deflection term for the same reason as in Term (4). An average value of C; = 1.6
is recommended, as in Eq. (7) for nonprestressed members, assuming load application at 20 days after place-
ment. f is the creep correction factor for the age of the beam concrete when the superimposed dead load is
applied at ages other than 20 days (same values apply for normal as well as lightweight concrete): §; = 1.0 for
age 3 weeks, 0.96 for age 1 month, 0.89 for age 2 months, 0.85 for age 3 months, and 0.83 for age 4 months.

Term (7) is the initial live load deflection of the beam. A, = 5M 322/48ECI3 for a simple beam under uniformly
distributed live load, where M ; = midspan live load moment. For uncracked members, I, =I;. For partially cracked
nencomposite and composite members, see Refs, 10.2 and 10.3. See also Example 8.5 for a partially cracked case.

Term (8) is the live load creep deflection of the beam. This deflection increment may be computed as
(Acp)g = (MSIME) C A, where M is the sustained portion of the live load moment and C,; = 1.6, for load
application at 20 days or multiplied by the appropriate 5, as in Term (6).

An alternate method of calculation of long-term camber and deflection is the so-called PCT Multiplier Method
which is presented in both Ref. 10.4 and Ref.10.8. In that procedure the various instantaneous components of
camber or deflection are simply multiplied by the appropriate tabulated coefficients to obtain the additional contri-
butions due to long term effects. The coefficients are given in Table 3.4 of Ref. 10.4 or Table 4.8.2 of Ref. 10.8.

9.5.5 Composite Construction

The ultimate (in time) deflection of unshored and shored composite flexural members may be computed by
methods discussed in Refs, 10.2 and 10.10. The methods are reproduced in the following section for both
unshored and shored construction. Subscripts 1 and 2 are used to refer to the slab (or effect of the slab, such as
under slab dead load) and the precast bearn, respectively, Examples 10.6 and 10.7 demonstrate the beneficial
effect of shoring in reducing deflections.

9.5,5.1 Shared Construction—For shored composite members, where the dead and live load is resisted by the
full composite section, the minimum thicknesses of Table 9.5(a) apply as for monolithic structural members.

The calculation of deflections for shored composite beams is essentially the same as for monolithic beams,
except for the deflection due to shrinkage warping of the precast beam, which is resisted by the composite
section after the slab has hardened, and the deflection due to differential shrinkage and creep of the composite
beam. These effects are represented by Terms (3) and (4) in Eq. (17).

(D @ @ 4 6 ©

. _
Ay = (Apo + 180k, (A + Ashl_z +Agg + (Ajg + (Agpdy (17)

Cc
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When k. = 0.85 (neglecting any effect of slab compression steel) and Ay, 1s assumed to be equal to (4;)1,». Eq.
(17) reduces to Eq. (18).

(1+2+4) 3) (5) (6)

I
Ay = 353 (A + AshI—Z + (A + (Aeple (18)
c

Term (1) is the initial or short-term deflection of the composite bewn due to slab plus precast beam dead load
{(plus partitions, roofing, etc.), using Eq. (3), with M, = M| + M2 = midspan moment due to slab plus precast
beamn dead load. For computing (Ie}147 in Eq. (1), M, refers to the moment My + My, and M, I, and Io; to the
composite beam section at midspan.

Term (2) is the creep deflection of the composite beam due to the dead load in Term (1), using Eq. (5). The value
of Cy to be used must be a combination of that for the slab and that for the beam. In the case of the slab, an
adjusted value of C,; = 1.74, based on the shores being removed at 10 days of age for a moist-cured slab, may be
used. The beam may be older than 20 days (the standard condition) when the loads are applied, however C, =
1.60 may be used conservatively. An average of the two values may be used as an approximation. For other
times of load application, the adjustments can be made in similar fashion using the correction factors, B, listed
previously in the description of Term (6) of Eq. (13). Index p’ refers to any compression steel in the slab at
midspan when computing k.

Term (3) is the shrinkage deflection of the composite beam after the shores are removed, due to the shrinkage of
the precast beam concrete, but not including the effect of differential shrinkage and creep which is given by
Term (4). Equation (6) may be used to compute Ay, . Assuming the slab is cast at a precast (steam-cured} beam
concrete age of 2 months and that shores are removed about 10 days later. At that time, the shrinkage in the beam
is approximately 36% of the ultimate, according to Table 2.1 of ACI 435. The shrinkage strain subsequent to
that time will be (Egy)rem = (1 - 0.36} (€gn)y- That value should be used in Eq. (6) to calculate the deflection
component in this Term.

Term (4) is the deflection due to differential shrinkage and creep. As an approximation, Ay, = (A ), may be
used.

Term (3) is the initial or short-term live load deflection of the composite beam, using Eq. (3}). The calculation of
the incremental live load deflection follows the same procedure as that for a monolithic beam. This is the same
as in the method described in connection with Term (9) of Eq. (19) discussed below.

Term (6) is the creep deflection due to any sustained live load, using Eq. (5). In computing this component of
deflection, use of an ultimate creep coefficient, C,, = 1.6 is conservative. The creep coefficient may be reduced
by the factor By defined in Term (6) of Eq. (15).

These procedures suggest using midspan values only, which may normally be satisfactory for both simple com-
posite beams and those with a continuous slab as well. See Ref. 10.10 for an example of a continuous slab in
composite construction.

9.5.5.2 Unshored Construction—For unshored composite construction, if the thickness of a nonprestressed
precast member meets the minimum thickness requirements, deflections need not be computed. Section 9.5.5.2
also states that, if the thickness of an unshored nonprestressed composite member meets the minimurm thickness
requirements, deflections occurring after the member becomes composite need not be computed, but the long-
term deflection of the precast member should be investigated for the magnitude and duration of load prior to
beginning of effective composite action.
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(1) @) (3) ) &)

A, = (A + 077k, (A,); + 0.83k, (Ai)zi—2 +0.36A, + 0.64Ay, i—z
[ C
(6} (7 (8) 9 10
I
+ (Ai)l + 122kr (Ai)l i'2— + Ads + (Ai)f + (AC]J)E (19)

C

With k; = 0.85 (no compression steel in the precast beam) and Ay, assumed to be equal to 0.50(A; ), Eq. (19
reduces to Eq. (20).

(1+2+3) (4 +5)

A, = (1.65 +0.71 1—2] Ay + [0.36 +0.64 1—2) Agy

C C

(©6+74+8) ) (10)

+ (l 50 + 1.04 i—z] (A + (A +(Agps (20)

c

In Egs. (19) and (20), the parts of the total creep and shrinkage occurring before and after slab casting are based
on the assumption of a precast beam age of 20 days when its dead load is applied and of 2 months when the
composite slab is cast.

Term (1) is the initial or short-term dead load deflection of the precast beam, using Eq. (3), with My =M =
midspan moment due to the precast beam dead load. For computing (I.); in Eq. (9-5), M, refers to the precast
beam dead load, and My, I, and I;; to the precast beam section at midspan.

Term (2) is the dead Ioad creep deflection of the precast beam up to the time of slab casting, using Eq. (5), with
C;=0.48 x 1.60 = 0.77 {for 20 days to 2 months; Table 2.1 of ACI 435; for slabs cast at other than 60 days, the
appropriate values from Table 2.1 should be used), and the p” refers to the compression steel in the precast beam
at midspan when computing k.

Term (3) is the creep deflection of the composite beam following slab casting, due to the precast beam dead load,
using Eq. (5), with the long term creep being the balance after the slab is cast, C¢ = 1.60 - 0.77 = 0.83. As
indicated in Term (3), if the slab is cast at time other than 2 months, C;will be as determined from Table 2.1 of
ACI 435 and the value of C; to be used for this term will be found as the difference between 1.60 and the value
used for Term (2). p’ is the same as in Term (2). The ratio I/l modifies the initial stress (strain) and accounts
for the effect of the composite section in restraining additional creep curvature {strain) after the composite
section becomes effective. As a simple approximation, In/I. = [(I2/lc)g + (I2/lc)er)/2 may be used.

Term (4) is the deflection due to shrinkage warping of the precast beam up to the time of slab casting, using
Eq. (6), with (egp); = 0.36(ggp)y at age 2 months for steam cured concrete (assumed to be the usual case for
precast beams) The multiplier 0.36 is obtained from Table 2.1 of Ref. 10.4. As in the previous two terms, if the
slab is cast at time different from 2 months after beam manufacture, the percentage of the ultimate shrinkage
strain should be adjusted to reflect the appropriate value from Table 2.1 of ACI 435. (ggy)y = 400 x 10 in./in.
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Term (5) is the shrinkage deflection of the composite beamn following slab casting, due to the shrinkage of the
precast beam concrete, using Eq.(6), with £, = 0.64(ey,),,. This term does not include the effect of differential
shrinkage and creep, which is given by Term (8). I/l is the same as in Term (3).

Term (6) is the initial or short-term deflection of the precast beam under slab dead load, using Eq. (3), with the
incremental deflection computed as follows: (A = (Aj)1 - (Aj)o, where (A;), is the same as in Term (1).
For computing (I¢)142 and (A}, in Egs. (9-8) and (3), My = M| + M3 due to the precast beam plus slab dead
load at midspan, and Mgy, Ly, and I, refer to the precast beam section at midspan. When partitions, roofing, etc.,
are placed at the same time as the slab, or soon thereafter, their dead load should be included in M| and M.

Term (7) is the creep deflection of the composite bearn due to slab dead load using Eq. (5), with Cy= s x 1.60.
For loading age of 2 months, Bs = 0.89 is the appropriate correction factor as noted in Term(6) of Eq. (15). For
loading at other times, the appropriate value of s should be used. In this term, the initial strains, curvatures and
deflections under slab dead load were based on the precast section only. Hence the creep curvatures and deflec-
tions refer to the precast beam concrete, although the composite section is restraining the creep curvatures and
deflections, as mentioned in connection with Term (3). k; is the same as in Term (2), and I2/], is the same as in
Term (3).

Term (8) is the deflection due to differential shrinkage and creep. As an approximation, Ag, = 0.50 (A,);, may
be used.

Term (9) is the initial or short-term defiection due to live load (and other loads applied to the composite beam
and not included in Term (6)) of the composite beam, using Eq. (4), with the incremental deflection estimated as
follows: (A{)y = {A)dys - (A;)q. based on the composite section. This is thought to be a conservative ap-
proximation, since the computed (A; )4 is on the low side and thus the computed (A;), is on the high side, even
though the incremental loads are actually resisted by different sections (members). This method is the same as

for Term (5) of Eq. (17), and the same as for a monolithic beam. Alternatively, Eq. (3) may be used with
M, =M, and L, = (I.); as a simple rough approximation. The first method is illustrated in Example 8.7 and the

alternative method in Example 8.6.

Term (10) is the creep deflection due to any sustained live load applied to the composite beam, using Eq. (5),
with Cy= s x 1.60. As in the other cases, Ps is given for various load application times in the explanation of
Term (6) of Eq. (15). p’ refers to any compression steel in the slab at midspan when computing k;. This Term
corresponds to Term (6) in Eqgs. (17) and (18).
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Example 10.1—Simple-Span Nonprestressed Rectangular Beam

Required: Analysis of short-term deflections, and long-term deflections at ages 3 months and 5 years (ultimate
value)

Data: - b=12" | d'=25"
f; = 3000 psi (normal weight concrete) 1 07
fy = 40,000 psi
Ag = 3-No.7 = 1.80in2
Es; = 29,000,000 psi
p = Agbd = 0.0077 .
Al = 3-No.4 = 0.60in.2 N @
p’ = A¢/bd = 0.0026 - S
{ Ag not required for strength)
Superimposed dead load (not including beam weight) = 120 Ib/ft
Live load = 300 Ib/ft (50% sustained)
Span = 25 ft —
Code
Calculations and Discussion Reference
1. Minimum beam thickness, for members not supporting or attached to partitions or other
construction likely to be damaged by large deflections:
h. = (2 Table 9
min = | Ig able 9.5(a)

multiply by 0.8 for fy = 40,000 psi steel

25 x 12
16

x 08 = 15in. <« 22in. OK.

hpin =

2. Moments:

wq = 0.120 + (12} (22) (0.150)/144 = 0.395 kips/ft

wal> _ (0.395) (25)°

= 30.9 ft-ki
g P 30.9 ft-kips

My =

wet” _ (0.300) 25)°
8 8

M, = = 23.4 frkips
Mg, , = 54.3 fi-kips

Mgs = Mg+ 0.50M,; = 30.9 + (0.50) (23.4) = 42.6 ft-kips
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Code
Example 10.1 (cont'd) Calculations and Discussion Reference
3. Modulus of rupture, modulus of elasticity, modular ratio:
f = 7.5Jf, = 7.5J3000 = 411 psi Eq. (9-10}
E. = w3 33,/i7 = (150! 3343000 = 3.32 x 106 psi 8.5.1
6
n = Bs o X100 o,
E., 332x10
4. Gross and cracked section moments of inertia, using Table 10-2:
3 3
g = bh' _ (A2)(22 _ 10,650 in.4
12 12
- b 12 _ 4766in.
(nAg)  (8.7) (1.80)
Lo DAL (7.7) (0.60) _ 0295
(nA,) (8.7) (1.80)
kd = [J;d}s (1 +1d'/d) + (1 + 02 - (1 +r)]/B
= N(z) (19.5) (0.766) {1 + 9&91%%32} +(1.295)% - 1.295]/0.766 = 5.77 in.
3.3
I, = bk3d +nAg @-kd) + (- 1) AL (kd - d)>
3
= Q@ﬁ;ﬂ_ +(8.7) (1.80) (19.5 - 5,77 + (7.7) (0.60) (5.77 - 2.5)*
= 3770 in.4
I
£ =28
ICI‘
5. Effective moments of inertia, using Eq. (9-8):
f1, .
Mg = —= = [(411) (10,650)/(11)1/(12,000) = 33.2 ft-kips Eq. (9-9)

Yi

a. Under dead load only
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